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Ⅰ．国際共同研究の概要
■プログラム名： アジア・アフリカ科学技術協力の戦略的推進 国際共同研究の推進
■課題名： コンクリート構造物の LCM 国際標準の確立
■機関名： 北海道大学
■代表者名（役職）： 上田 多門（教授）
■共同研究機関名： 鹿 児 島 大 学
室蘭工業大学
土木研究所寒地土木研究所
北海道立総合研究機構建築研究本部北方建築総合研究所
Qingdao Technological University 青 島 理 工 大 学 （中 国 ）
Zhejiang University 浙 江 大 学 （中 国 ）
Dalian University of Technology 大 連 理 工 大 学 （中 国 ）
Yonsei University 延 世 大 学 （韓 国 ）
Chulalongkorn University チュラロンコン大 学 （タイ）
Assiut University アシュート大 学 （エジプト）
■共同研究機関代表者名（役職）： 武若 耕司(教授)
濱 幸雄（教授）
田口 史雄（上席研究員）
桂 修（環境科学部 環境Ｇ 研究主幹）
WITTMANN, Folker H.（教授）
JIN Wei-lian（教授）
WANG Li-cheng（准教授）
ANN, Ki Yong（研究教授）(2009 年 7 月まで SONG, Ha-Won 教授)
STITMANNAITHUM, Boonchai（准教授）
FARGHALY, Ahmed Sabry（講師）
■実施期間：３年間
■実施経費： 84 百万円（間接経費、環境改善費込み）

課題概要
１．研究の目的
世界規模で持続可能な発展をするために，全世界の 3 分の 2 もの社会基盤の構築が行われているア
ジアで，コンクリート構造物のライフサイクルマネジメント（LCM）を行うことは重要である．LCM を通し，資
源やエネルギーの効率的使用，環境負荷の低減，社会の経済的負担の最適化が図れるからである．本
研究において，環境作用（温湿度，腐食性物質）下の構造物の寿命予測と劣化対策の最先端技術を，
アジア・アフリカでの材料品質，環境条件の地域性を考慮して提示し，技術や経済水準に依存しない新
たな LCM の国際標準を確立する．
２．研究実施体制
各参画機関が分担して構造物の寿命予測手法および劣化対策技術の高度化を図る．具体的には，
「塩害劣化機構と性能予測」を鹿児島大学，港湾空港技術研究所と浙江大学（中国），「凍害劣化機構と
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性能予測」を室蘭工業大学と大連理工大学，「複合劣化機構と性能予測」を土木研究所寒地土木研究
所と青島理工大学，「複合劣化を考慮した耐久設計法」を北方建築総合研究所とチュラロンコン大学，
「劣化対策技術」をアシュート大学が担当し，北海道大学と延世大学とは，これらの 5 つの研究項目すべ
てを担当し，取りまとめの役割を担う．さらに，北海道大学と延世大学を中心として，環境と社会への影響
を考慮した LCM 手法を確立する．最後に，成果に基づき，国内全参画機関で国内標準を，国内外全参
画機関で ISO 規格案を作成する．
３．本研究の意義
欧米が主導である ISO で，日本がアジア・アフリカと協働で，アジア・アフリカ発の国際標準規格を作
成する．これにより，将来の日本やアジア・アフリカでの構造物の診断法や補修補強法の開発という産業
化へのステップとなりうる．
４．国際標準創出への道筋
本研究の参画者が，主体となって活動している，国内組織である日本コンクリート工学協会（JCI），お
よび，国際組織である ISO/TC71/SC7（コンクリート構造物の維持と補修）とアジアコンクリートモデルコー
ド国際委員会（ICCMC）を通して，国際標準を創出する．具体的には，まず，ICCMC でアジア標準を作
成し，アジア標準を ISO/TC71/SC7 に ISO 規格の原案として提出し，ISO 規格化を目指す．併せて，日
本においては，JCI で国内標準を作成するとともに，参画国である，韓国，中国，タイにおいても国内標
準の作成を目指す．
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ミッションステートメント
１．共同研究の概要
社会基盤に使用される資源とエネルギーの量は大量である．世界規模で持続可能な発展をするため
に，全世界の 3 分の 2 もの社会基盤の構築が行われているアジアで，コンクリート構造物のライフサイク
ルマネジメント（LCM）を行うことは重要である．LCM を通し，資源やエネルギーの効率的使用，環境負
荷の低減，社会の経済的負担の最適化が図れるからである．本提案課題において，環境作用（温湿度，
腐食性物質）下の構造物の寿命予測と劣化対策の最先端技術を，アジア・アフリカでの材料品質，環
境条件の地域性を考慮して提示し，技術や経済水準に依存しない新たな LCM の国内及び国際標準を
確立する．欧米が主導である ISO で，日本がアジアと協働で，アジア発の国際標準規格を作成する．こ
れにより，将来の日本やアジア・アフリカでの構造物の診断法や補修補強法（工法と材料）の開発という
産業化へのステップとする．
２．実施期間終了時における具体的な目標
現時点で確立されていない凍害と化学的侵食に対する合理的な耐久設計において必要な指標の提
示，種々の物理的損傷が力学的及び耐久性に関する特性に与える影響の定量化，腐食開始後の構
造物の劣化予測の高度化，疲労・持続荷重下の構造性能の経時変化予測の高度化，といった構造物
の劣化予測技術の確立，それらを適用した劣化構造物の性能予測技術と劣化対策技術の高度化を達
成する．さらに，アジア・アフリカでの材料品質（オリジナルな材料品質と，経済や技術水準に依存する
製品としての材料品質）と環境条件を考慮した LCM の国内標準を JCI において，また，国際標準を ISO
において作成する．
３．実施期間終了後の取組
本提案課題である構造物の LCM に関する国際標準作成作業は，永続的に行わざるを得ない性格
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のものである．本共同研究参画者の多くが参加しているアジアコンクリートモデルコード国際委員会
（ICCMC）と ISO/TC71/SC7（コンクリート構造物の維持と補修）という，アジアと全世界における作業環
境があるので，種々の国際標準を作成していくとともに，既往の国際標準の更新作業も行っていく．また，
国際標準のための基礎研究も，各参画者が研究資金を獲得することによって継続していく．
４．期待される波及効果
構造物の LCM に関する国際標準を ISO 規格という形で具現化すれば，これに適合するための診断
法，補修補強工法や補修補強材料の開発という次のステップへ進みやすくなる．アジア・アフリカ地域
に適合した工法や材料の開発が期待され，アジア・アフリカ発の技術開発といった産業振興にもつなが
る可能性を秘めている．

採択時コメント
本提案は、コンクリート構造物の新たなライフサイクルマネジメント（LCM）の国際標準を、日本の主導でア
ジア・アフリカと協働で作成することを目指すものである。
特に、劣化環境作用下のコンクリート構造物の寿命予測技術と劣化対策技術を、対象国の建設材料の
品質と環境条件の地域性を考慮した上で提示することの意義は高く、日本がこの問題の解決で果たす役
割に対する期待は大きい。また、LCM国際標準の確立により補修・補強技術が発展し、現存の社会基盤
施設の延命も期待できる。国際標準規格制定への見通しが明確であり、アジア・アフリカ発の国際標準の
創出という試みが高く評価される。
なお課題の実施に当たっては、社会基盤施設を構造物群として危険を予測することも必要であり、過去
の損傷事故の内容の調査分析も進められることを希望する。また、見込まれる国際共同研究の成果と標
準化への道筋との関係がやや希薄に思われるので、本プロジェクトが標準化に向けた活動であることに
留意して実施されることを望む。
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Ⅱ．経費 （振興調整費分）
１．所要経費（間接経費、環境改善費を含む）
(単位：百万円)
研 究 項 目

担当機関等

1. 予測技術のシステム化と

所要経費

研 究
担当者

Ｈ21

Ｈ22

Ｈ23

年度

年度

年度

合計

北海道大学

上田 多門

15.4

17.1

15.0

47.5

鹿児島大学

武若 耕司

2.3

2.6

2.3

7.2

室蘭工業大学

濱 幸雄

2.4

2.6

2.3

7.3

5.2

5.1

4.6

14.9

2.2

2.6

2.3

7.1

27.5

30

26.5

84

LCM
2. 塩 害 劣 化 機 構 と性 能
予測
3．凍 害 劣 化 機 構 と性 能 予
測
４．複合劣化機構と性能予測

独立行政法人土 田口史雄
木研究所

５．複 合 劣 化 を考 慮 した耐

北方建築総合研 桂 修

久設計法

究所

所 要 経 費

（合 計）

２．使用区分

(1) 予 測 技
術のシステ
ム化と LCM

(2) 塩 害
劣化機構
と性 能 予
測

(3) 凍 害
劣化機構
と性 能 予
測

(4) 複 合
劣 化 機
構 と性 能
予測

4.1

設備備品費

（単位：百万円）
(5) 複 合
計
劣 化 を考
慮 した耐
久 設 計
法
4.1

人件費

20.3

20.3

業務実施費

19.2

1.4

5.6

12.5

5.5

44.2

8

1.7

1.7

2.4

1.6

15.4

47.5

7.2

7.3

14.9

7.1

84

または
事業実施費
間接経費 ま
たは
環境改善費
計
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Ⅲ．実施結果・成果の概要 （国外参画機関が行った取組についても含めて記載ください。）
１．目標達成度
（１）ミッションステートメントの達成状況
① 施期間終了時における具体的な目標（様式７－４ （２））
現時点で確立されていない凍害と化学的侵食に対する合理的な耐久設計において必要な指標
の提示に関しては，実際の構造物（防波堤と橋梁の地覆）での測定結果に基づいて，凍害現象であ
るスケーリングの進行予測手法を提示したこと（土木研究所），凍結融解作用下の圧縮引張変形モ
デルと引張軟化特性とを実験結果に基づいて提示したこと（北海道大学），酸類ならびに塩類による
劣化と荷重による力学損傷を取り扱うモデルとして，化学的に劣化したモルタルのメソスケール試験
を通じて化学的な組成と力学特性との関連付けを行い，この関係を導入したメソスケール材料モデ
ルを提示したこと（北海道大学），があげられる。
種々の物理的損傷が力学的及び耐久性に関する特性に与える影響の定量化に関しては，ひび
割れのあるコンクリートの，ひび割れの形状を考慮した 2 次元塩化物浸透モデルの構築，コンクリー
トの水分飽和程度による浸透モデルを提示した（中国・浙江大学，中国・大連理工大学，タイ・チュラ
ロンコン大学）。
腐食開始後の構造物の劣化予測の高度化に関しては，塩化物イオンによる腐食機構として，①
塩化物イオンの固定化は，材齢とともに増加し，特に高濃度の塩化物イオンの場合に顕著であるこ
と，結合材の種類によって変化すること（高炉スラグセメント＞フライアッシュセメント＞ポルトランドセ
メント＞シリカフュームセメント），アルカリ度とは無関係であること，②pH 低下抵抗性はセメント水和
物の種類によること，もともと存在していた塩化物イオン濃度が高いと腐食速度が高くなること，③腐
食開始濃度は，塩化物イオン濃度と水素イオン濃度との比で表せること，鉄筋近傍の濃度により表
現し，その値は鉄筋表面の空隙の存在，セメント水和物の塩化物イオン拘束性によること，を示した
（韓国・延世大学）。
疲労・持続荷重下の構造性能の経時変化予測の高度化に関しては，モルタルの疲労・持続荷重
を含む時間依存性変形・破壊挙動推定メソスケールモデルを提示したこと，増厚補強工法における
接着界面でのせん断付着疲労モデルを提示したこと，があげられる（エジプト・アシュート大学，北海
道大学）。
LCM の国際標準に関しては，ISO/TC71 においてこの標準の必要性に関する審議を開始し，本
プロジェクトで作成した ISO 規格案を次回（2012 年 6 月）の会合において提示することとなっている
（北海道大学）。
② 施期間終了後の取り組み（様式７－４ （３））
本共同研究参画者の多くが参加しているアジアコンクリート連盟技術委員会（ACF/TC，旧
ICCMC）と ISO/TC71/SC7（コンクリート構造物の維持補修）という，アジアと全世界における作業環
境があり，さらに，参画者の一部は，ACF 会長，ACF/TC 理事，TC71/SC7 議長，TC71/SC7/WG
主査と，これらの組織を主導するメンバーである。従って，これらの場において，種々の国際標準を
作成していくとともに，既往の国際標準の更新作業も，これらの参画者が主導して行っていく。
これに加え，国内における日本コンクリート工学会本部・北海道支部における研究委員会，文部
科学省関連の研究助成事業への共同申請等を実施する予定である。また，国際標準のための基
礎・実用研究も，各参画者が研究資金を獲得することによって継続していく予定である。
③ 期待される波及効果（様式７－４ （４））
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構造物の LCM に関する国際標準を ISO 規格という形で具現化すれば，これに適合するための診
断法，補修補強工法や補修補強材料の開発という次のステップへ進みやすくなる。アジア・アフリカ
地域に適合した工法や材料の開発が期待され，アジア・アフリカ発の技術開発といった産業振興に
もつながる可能性を秘めている。これらの波及効果は，ISO 規格制定後に期待されるもので，規格
案の段階の現時点では目に見える形では見られない。
（２）実施計画に対する達成状況
① 塩害劣化機構と性能予測
・計画（目標）：
腐食開始後の構造物の劣化予測の高度化
・達成状況：
塩化物イオンによる腐食機構として，①塩化物イオンの固定化は，材齢とともに増加し，特に高濃
度の塩化物イオンの場合に顕著であること，結合材の種類によって変化すること（高炉スラグセメント
＞フライアッシュセメント＞ポルトランドセメント＞シリカフュームセメント），アルカリ度とは無関係であ
ること，②pH 低下抵抗性はセメント水和物の種類によること，もともと存在していた塩化物イオン濃度
が高いと腐食速度が高くなること，③腐食開始濃度は，塩化物イオン濃度と水素イオン濃度との比
で表せること，鉄筋近傍の濃度により表現し，その値は鉄筋表面の空隙の存在，セメント水和物の
塩化物イオン拘束性によること，などを示した（韓国・延世大学）。また，劣化にともなる構造性能の
低下に関しては，①ひび割れのあるコンクリートの，ひび割れの形状を考慮した 2 次元塩化物浸透
モデルの構築（中国・浙江大学，中国・大連理工大学，タイ・チュラロンコン大学），②コンクリートの
配合（水セメント比）と鉄筋の種類（異形・丸鋼）とにより，鉄筋腐食開始時の塩化物イオン濃度が異
なることの確認（韓国・延世大学，北海道大学），③既存の港湾構造物の塩害による劣化グレードと
残存耐荷力との比較に基づいた統計的な残存寿命予測手法の提示（北海道大学），④新たな材料
であるシラスコンクリートのひび割れ部，および，ひび割れ間の塩化物イオン浸透抵抗性の高いこと
の解明（鹿児島大学），⑤電気化学的除塩工法の除塩効果と鉄筋腐食開始塩化物イオン濃度増加
効果の確認（韓国・延世大学），⑥シリカ系表面改質材を適用した表面処理工法の効果がコンクリー
トの特性（初期水分量と水セメント比）の影響を受けることとカルシウム消費量により測れることの提示
（鹿児島大学），などを示した．
② 凍害劣化機構と性能予測
・計画（目標）：
現時点で確立されていない凍害に対する合理的な耐久設計において必要な指標の提示
・達成状況：
凍結融解作用による表層劣化（ポップアウトとスケーリング）及び内部劣化の再現が可能な準微視
的（メソスケール）解析法に関して，凍結融解作用下の圧縮引張変形モデルと引張軟化特性とを実
験結果に基づいて提示した（北海道大学）．また、湿潤乾燥繰返し作用がセメント硬化体の微小構
造を変えることにより，凍害抵抗性に影響を与えることを明らかにした（室蘭工業大学）．一方，凍結
融解作用そのものが微小構造を変え，微小空隙の屈曲度（tortuosity）を大きくし，物質透過性に影
響を与えることを確認した（中国・大連理工大学，北海道大学）．既設構造物の表面に特殊な塗装
を施すことにより表面での湿潤状況をモニタリングできる装置を開発し，コンクリート表面での実際の
水分の凍結融解繰返し回数がコンクリート温度から推定されるものより少ないことを明らかにした（北
海道立総合研究機構）．さらに，室内促進試験と実構造物では凍害の進行性に差が生じ、ASTM 相
当サイクルの劣化速度は実際の劣化速度よりも速い傾向にあることが確認され、最深積雪を考慮し
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た部位毎の水分条件補正係数の適用によって凍害の進行性を精度よく推定することが可能となるこ
とを示した（北海道立総合研究機構）．最後に，空隙構造を有する建設材料の内部の凍結水量を測
定する新たな方法を提示した（室蘭工業大学）．
③ 複合劣化機構と性能予測
・計画（目標）：
現時点で確立されていない化学的侵食に対する合理的な耐久設計において必要な指標の提示，
疲労・持続荷重下の構造性能の経時変化予測の高度化
・達成状況：
化学的に劣化したモルタルのメソスケール試験を通じて化学的な組成と力学特性との関連付けを
行い，この関係を導入したメソスケール材料モデルを提示したこと，モルタルの疲労・持続荷重を含
む時間依存性変形・破壊挙動推定メソスケールモデルを提示したこと，増厚補強工法における接着
界面でのせん断付着疲労モデルを提示したこと，などがあげられる（北海道大学）。凍害に加え、荷
重による劣化が中性化、および，塩化物イオン浸透を促進し，水分吸収量を増加させることを実験
的に明らかにした。これの知見に基づき，単独の劣化試験に基づいた寿命予測では危険側になる
ことは明らかであること，最悪の複合劣化組み合わせが未だに明らかになっていないことを強調した
（中国・青島理工大学）．また，シラン系表面改質剤により，劣化因子の初期の浸透を促進する毛細
管吸湿現象を抑制する効果があることを示した（中国・青島理工大学）．別の複合劣化機構として，
塩分環境下の凍害に関して，実際の構造物（防波堤と橋梁の地覆）での測定結果に基づいて，凍
害現象であるスケーリングの進行予測手法を提示した（土木研究所）．一方，凍結融解作用下の塩
害に関して、凍結融解作用、凍結防止剤種類および AE 剤添加により、塩分の固定化の進行は促
進もしくは遅延される効果があることを示した（北海道大学））．
④ 複合劣化を考慮した耐久設計法
・計画（目標）：
複合劣化を考慮した耐久設計法の高度化
・達成状況：
荷重により発生したひび割れ幅とジグザグ形状を考慮した塩化物イオン拡散係数推定式に基づ
いた耐塩害設計法（タイ・チュラロンコン大学），凍害などによる発生したひび割れ密度の影響およ
び実際の構造物表面での温湿度の影響等を考慮した中性化推定式に基づいた耐中性化設計法
（北海道立総合研究機構），荷重（繰返し荷重を含む）と凍害の影響下のひび割れ密度に基づく力
学特性（強度と弾性係数）の低下推定式に基づいた設計法（北海道立総合研究機構），凍害影響
下の中性加速度と塩化物イオン浸透速度の増加（中国・大連理工大学），引張荷重下，低水準圧
縮荷重下，高水準圧縮荷重下の中性化速度の増加，低下，増加（中国・青島理工大学）を考慮した
耐久設計法，複数のイオン浸透の影響下での塩化物イオン浸透モデルを適用した，塩化物イオン
と水酸基イオンとの比に基づく腐食開始基準による耐久設計法（北海道大学），などを提示した。
⑤ 予測技術のシステム化と LCM
・計画（目標）：
LCM 国際標準の作成，劣化対策技術の高度化
・達成状況：
LCM 国際標準の構成，枠組みについて，基準に書き込むべき個別技術の内容（補助事業の実
績の説明の各項目中で記述してあるので参照）を作成し，本文もしくは参考資料として書き入れた
（北海道大学）。これらの内容は，各種個別のモデルに基づいた劣化進行予測システム，構造物の
定期的な点検による変状の程度および性能の把握法，対策後の構造性能予測システムである。
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LCM 国際標準は，ISO/TC71/SC7（コンクリート構造物の維持補修）の次回の会合（2012 年 6 月）に，
ISO 規格案として提出され，それを通して，アジア・アフリカ各国に提供する（北海道大学）。
アジア・アフリカ地域に汎用的に適用可能（あるいは部分的な地域制限を有する）な対策工法に
基づく維持管理シナリオ（LCM シナリオ）の具体例を LCM 国際標準に参考資料として加えた（北海
道大学）。また，増厚工法や FRP シート接着工法といった補強工法により補強された構造物の性能
予測手法の開発を，補強後部材のひび割れを考慮した剥離耐力推定モデルの提示，湿潤環境が
接着界面特性に与える影響の明示を通して行った（北海道大学）。
（３）採択コメントに対する対応
採択時コメントに従い，社会基盤施設を構造物群として危険を予測することも検討対象に取り入れ，
具体例として港湾構造物を取り上げ，既存の港湾構造物の塩害による劣化グレードと残存耐荷力と
の比較に基づいた統計的な残存寿命予測手法を提示した。また，国際共同研究の成果と標準化へ
の道筋との関係としては，共同研究成果である，各種個別のモデルに基づいた劣化進行予測システ
ム，構造物の定期的な点検による変状の程度および性能の把握法，対策後の構造性能予測システ
ムに関する基本的事項を，国際標準の付録に主として書き入れた。
（４）所期の計画どおりに進捗しなかった場合の理由，対処，実績
ライフサイクルマネジメント（LCM）の国際標準の ISO 規格化に関する ISO/TC71 内での議論
の進捗程度が予想より遅い。これは，LCM という概念が新しいこと，LCM 国際標準が多くの既存
の ISO 規格と関連する包括的な内容を含んでいることが理由である。しかし，ISO 規格原案を
次回の ISO/TC71 の会合で提示する段階に何とかたどり着くことができた。
２．成果（Ａ４判６枚以内）
（１）科学的・技術的成果の内容
①地域共通課題の解決につながるどのような成果が得られたか，（その成果が将来的に社会へどの
程度適応できる段階にあるかわかるように）記載下さい。
世界各国に共通する課題として、限られた資源やエネルギーのより有効な利用、自然・社会環境
の保全や修復がある。そのために建設産業が果たせる役割は大きく、構造物の長寿命化や延命化
による資源やエネルギー使用量の低減、構造物と環境との調和、環境保全や修復のための建設技
術がある。先進国においては既存構造物の延命化が、開発途上国においては新設構造物の長寿
命化が主として重要であり、周辺環境に大きな影響を与える構造物と環境との関係は、先進国、開
発途上国を問わず重要である。ライフサイクルマネジメント（LCM）は、構造物の供用期間全般にわ
たって種々の建設技術を駆使することにより、長寿命化・延命化を経済的な指標においても環境的
な指標においても最適に行うことを目指したものである。すなわち、LCM の国際標準化により、世界
各国が資源・エネルギー、環境保全をより合理的かつ経済的に行うための国内指針のモデルを持
つことを意味する。
本共同研究により、コンクリート構造物の LCM 国際標準としての ISO 規格案を提示することがで
きた。LCM をより信頼性のあるものとするための種々の技術要素（塩害、凍害、複合劣化の機構の
解明、劣化を受けた構造物の寿命予測、耐久設計法、劣化構造物の補修補強対策工法）に関し、
本共同研究で新たに得られた種々の知見の基本的事項を LCM 国際標準に盛り込むことができた。
得られた知見には、直ちに実務の構造物に適用できる水準のものと、今少し研究開発が必要な水
準のものとがある。これらの技術的内容の具体は以下の②に示す。
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②共同研究によって得られた新しい科学技術面での知見があれば，どのようなものか，わかりやすく
記載してください。
成果の内容を「Ⅳ．実施結果・成果の詳細」に記載の項目ごとに以下に示す。
1） 塩害劣化機構と性能予測（Ⅳ．の 2 章参照）
コンクリート構造物にとって最も重要かつ事例の多い塩害を対象に，劣化機構の解明およ
び劣化とそれに伴う構造性能の低下の進行についてのモデルを構築するとともに，性能予測
に与える種々の要因に関する新たな知見を提示した．成果の多くは実務における新設構造物
の耐久設計や既設構造物の性能予測に適用できる段階にある．これらの成果の基本的事項を
LCM 国際標準の付録に主として記述した。具体的には，①ひび割れのあるコンクリートの，
ひび割れの形状を考慮した 2 次元塩化物浸透モデルの構築，②コンクリートの配合（水セメ
ント比）と鉄筋の種類（異形・丸鋼）とにより，鉄筋腐食開始時の塩化物イオン濃度が異な
ることの確認，③既存の港湾構造物の塩害による劣化グレードと残存耐荷力との比較に基づ
いた統計的な残存寿命予測手法の提示，④新たな材料であるシラスコンクリートのひび割れ
部，および，ひび割れ間の塩化物イオン浸透抵抗性の高いことの解明，⑤電気化学的除塩工
法の除塩効果と鉄筋腐食開始塩化物イオン濃度増加効果の確認，⑥シリカ系表面改質材を適
用した表面処理工法の効果がコンクリートの特性（初期水分量と水セメント比）の影響を受
けることとカルシウム消費量により測れることの提示である。
2） 凍害劣化機構と性能予測（Ⅳ．の 3 章参照）
凍結融解作用による表層劣化（ポップアウトとスケーリング）及び内部劣化の再現が可能
な準微視的（メソスケール）解析法に関して，凍結融解作用下の圧縮引張変形モデルと引張
軟化特性とを実験結果に基づいて提示した。また，湿潤乾燥繰返し作用がセメント硬化体の
微小構造を変えることにより，凍害抵抗性に影響を与えることを明らかにした。一方，凍結
融解作用そのものが微小構造を変え，微小空隙の屈曲度（tortuosity）を大きくし，物質透
過性に影響を与えることを確認した。既設構造物の表面に特殊な塗装を施すことにより表面
での湿潤状況をモニタリングできる装置を開発し，コンクリート表面での実際の水分の凍結
融解繰返し回数がコンクリート温度から推定されるものより少ないことを明らかにした。さ
らに，室内促進試験と実構造物では凍害の進行性に差が生じ，ASTM 相当サイクルの劣化速度
は実際の劣化速度よりも速い傾向にあることが確認され，最深積雪を考慮した部位毎の水分
条件補正係数の適用によって凍害の進行性を精度よく推定することが可能となることを示
した。最後に，空隙構造を有する建設材料の内部の凍結水量を測定する新たな方法を提示し
た。以上の凍害影響下の性能予測に関係する基本的事項を LCM 国際標準の付録に主として記
述した。塩害劣化機構の場合と比較すると，実務における新設構造物の耐久設計や既設構造
物の性能予測に直ちに適用できる段階でないものが多く，さらに研究が必要である．ただし，
現行の凍害影響下の耐久設計や性能予測をより合理的に行うためには有用である．
3） 複合劣化機構と性能予測（Ⅳ．の 4 章参照）
複合劣化機構として，アジアおよびアフリカ地域に見られる典型的な酸類ならびに塩類に
よる劣化と荷重による力学損傷を取り扱うモデルとして，化学的に劣化したモルタルのメソ
スケール試験を通じて化学的な組成と力学特性との関連付けを行い，この関係を導入したメ
ソスケール材料モデルを提示した。別の複合劣化機構として，塩分環境下の凍害に関して，
実際の構造物（防波堤と橋梁の地覆）での測定結果に基づいて，凍害現象であるスケーリン
グの進行予測手法を提示した。一方，凍結融解作用下の塩害に関して，凍結融解作用，凍結
防止剤種類および AE 剤添加により，塩分の固定化の進行は促進もしくは遅延される効果があ
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ることを示した。凍害に加え、荷重による劣化が中性化、および，塩化物イオン浸透を促進し，水
分吸収量を増加させることを実験的に明らかにした。これの知見に基づき，単独の劣化試験に基づ
いた寿命予測では危険側になることは明らかであること，最悪の複合劣化組み合わせが未だに明ら
かになっていないことを強調した．また，シラン系表面改質剤により，劣化因子の初期の浸透を促進
する毛細管吸湿現象を抑制する効果があることを示した．以上の複合劣化環境下の性能予測に関
係する基本的事項を LCM 国際標準の付録に主として記述した。凍害劣化機構の場合と同様に，
実務における新設構造物の耐久設計や既設構造物の性能予測に直ちに適用できる段階でない
ものが多く，さらに研究が必要である．これは，個々の単一の劣化機構が十分には明らかに
されていないことによるもので，複合劣化機構の解明は今後さらに進めていくことは，最重
要課題と言える．ただし，現行の複合劣化影響下の耐久設計や性能予測をより合理的に行う
ためには有用な情報を提供している．
4）複合劣化を考慮した耐久設計法（Ⅳ．の 5 章参照）
複合劣化を考慮した耐久設計法として，①荷重により発生したひび割れ幅を考慮した塩化
物イオン拡散係数推定式に基づいた耐塩害設計法，②凍害などによる発生したひび割れ密度
の影響および実際の構造物表面での温湿度の影響等を考慮した中性化推定式に基づいた耐中
性化設計法，③荷重（繰返し荷重を含む）と凍害の影響下のひび割れ密度に基づく力学特性
（強度と弾性係数）の低下推定式に基づいた設計法，④凍害影響下の中性加速度と塩化物イ
オン浸透速度の増加，引張荷重下，低水準圧縮荷重下，高水準圧縮荷重下の中性加速度の増
加，低下，増加を考慮した耐久設計法，⑤複数のイオン浸透の影響下での塩化物イオン浸透
モデルを適用した，塩化物イオンと水酸基イオンとの比に基づく腐食開始基準による耐久設
計法，を提示した。以上の複合劣化を考慮した耐久設計法に関係する基本的事項を LCM 国際
標準の付録に主として記述した。ここでの成果は実務における新設構造物の耐久設計や既設
構造物の性能予測に直結したものがほとんどで，直ちに適用，あるいは，それに近い段階と
いえる．
5） 予測技術のシステム化と LCM（Ⅳ．の 6，7 章参照）
社会基盤施設の計画，設計，施工，維持補修，環境マネジメントに関する国際標準を結び
つけ，それらのアンブレラコード的な役割を持つライフサイクルマネジメント（LCM）国際標
準を作成した．LCM をより合理的に行うために必要な個別技術の内容として，上記の 1）から
4）で示した成果の基本的事項を，国際標準の付録（Annex）に主として書き入れた．これら
の内容は，各種個別のモデルに基づいた劣化進行予測システム，構造物の定期的な点検による
変状の程度および性能の把握法，対策後の構造性能予測システム等である。この付録は，アジ
ア・アフリカ地域に汎用的に適用可能な対策工法に基づくライフサイクルマネジメントのガ
イドラインの具体例でもある。LCM 国際標準は，ISO/TC71/SC7（コンクリート構造物の維持
補修）の次回の会合（2012 年 6 月）に，ISO 規格案として提出され，それを通して，アジア・
アフリカ各国に提供する。
また，増厚工法や FRP シート接着工法といった補強工法により補強された構造物の性能予
測手法の開発を，補強後部材のひび割れを考慮した剥離耐力推定モデルの提示，湿潤環境が
接着界面特性に与える影響の明示を通して行った。この剥離耐力推定モデルは実務の補強工
法に適用できる段階にある．
③研究成果の発表状況
【ワークショップ，国際会議の開催】（３件）
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○平成21年度ワークショップ Life Cycle Prediction and Management of Concrete Structures
日 時 : 2010 年 3 月 2 日
場所: 北海道大学工学部
参 加 者 ：上 田 ，杉 山 ，横 田 ，橋 本 ，張 ，武 若 ，山 口 ，濱 ，田 口 ，遠 藤 ，林 田 ，桂 ，谷 口 ，
伊 庭 ，Wittmann，Wanｇ，Ann，Stitmannaithum，北 大 研 究 者 ，学 生 など合計参加者約
40 名
○平成 22 年度ワークショップ

Life Cycle Prediction and Management of Concrete Structures

日 時 : 2010 年 11 月 11 日
場所: 大連理工大学土木水利学院
参 加 者 ： 上 田 ， 横 田 ， 佐 藤 ， 橋 本 ， 濱 ， 桂 ， 谷 口 ， 伊 庭 ， Wittmann ， Wang ， Ann ，
Stitmannaithum，Yang Weibiao（China Institute of Building），大 連 理 工 大 学 研 究 者 ，
学 生 など合 計 約 50 名
○平成 23 年度ワークショップ Life Cycle Prediction and Management of Concrete Structures
日 時 : 2012 年 3 月 6 日
場 所 : Qingdao Fuxin Hotel
参 加 者 ：上 田 ，横 田 ，橋 本 ，張 ，山 口 ，濱 ，岸 本 ，田 口 ，遠 藤 ，林 田 ，桂 ，谷 口 ，
Wittmann，Jin， Wang，Ann ， Stitmannaithum， 青 島 理 工 大 学 研 究 者 ，学 生 など合 計
約 50 名

【研究成果発表等】
１)論文等
原著論文発表

左記以外の誌

（査読付）

面発表

口頭発表

合計

(学会，国際会
議，ｼﾝﾎﾟｼﾞｳﾑ等）

和文誌

39 件

3件

23 件

65 件

欧文誌

56 件

57 件

33 件

146 件

合

95 件

60 件

56 件

211 件

計
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※「和文誌」の「口頭発表」は，国内で開催され，日本語で行われた学会等における口頭発表を
指します。
※「欧文誌」の「口頭発表」は，外国語で行われた学会等における口頭発表を指します。
※口頭発表の予稿集等は誌面発表には含みません。
２）特許等出願件数（０件）
３）受賞等（6 件）
1) 橋本勝文，平成 22 年度土木学会北海道支部奨励賞：「凍結融解試験の温度履歴が
モルタルの引張特性に及ぼす影響」，2011 年 5 月
2) 橋本勝文，第 11 回コンクリート構造物の補修，補強，アップグレードシンポジウム優秀
論文賞，:「凍結融解作用を受けるセメント硬化体中の凍結防止剤由来塩分の固定化特
性」2011 年 10 月
3) Licheng WANG and Tamon Ueda. “One of the three excellent papers of the year, 2011,
published in Journal of Advanced Concrete Research”, (Licheng Wang and Tamon Ueda.
Mesoscale modelling of the chloride diffusion in cracks and cracked concrete. Journal of
Advanced Concrete Technology, 9(3), 241-249, 2011), 22/12/2011
4) “Best research poster for FRP in strengthening of existing structures”, The Third
Asia-Pacific Conference on FRP in Structures (APFIS2012), Sapporo, Feb, 2012
5) “Young Researcher Best Paper Award”, the 7th international conference on fracture
mechanics for concrete and concrete structures (FraMCos7), South Korea, May, 2010
6） 遠藤裕丈，第 31 回コンクリート工学講演会年次論文奨励賞：スケーリング進行性評価
に関する研究，2009.7.10
４）主な原著論文（査読付き誌掲載の論文，5 件以内）
1) Licheng Wang and Tamon Ueda, “Mesoscale modelling of the chloride diffusion in
cracks and cracked concrete”, Advanced Concrete Technology, 9(3), 241-249 (2011)
2) Mohamed ZAKARIA, Tamon UEDA and Zhimin WU, “Evaluating and Proposing
Prediction Models of Shear Crack Width in Concrete Beams”, Journal of Japan Society of
Civil Engineers, Ser. E2 (Materials and Concrete Structures), 67(2), 245-263 (2011).
3) 松元淳一、武若耕司、山口明伸、梅木真理：高炉スラグ微粉末を用いたコンクリート構
造物の塩害と炭酸化の複合劣化機構に関する研究、土木学会論文集 E、Vol.65、No.3、
pp.378-391、2009.9
4) F. H. Wittmann, T. Zhao, H. Zhan, P. Zhang, Silicon resins, functional polymers in
concrete to establish a reliable chloride barrier, Restoration of Buildings and Monuments 16
(4, 5) (2010) 331-340
5) 橋本勝文，横田弘，佐藤靖彦，杉山隆文，凍害および凍結防止剤散布に伴う水和生
成相および引張特性の変化，セメント・コンクリート論文集， 2012．(掲載決定済)
④科学的・技術的波及効果
構造物のライフサイクルマネジメント（LCM）という概念は比較的新しいもので，LCM に関する国
際標準を ISO 規格という形で具現化すれば，各国の国内規格をより合理的なものへ改善する影響
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力は大きいと考えられる。また，これまで比較的個別に策定されてきた設計，施工，維持補修などに
関する種々の規格類を体系化しやすくなるとともに，これに適合するための診断法，補修補強工法
や補修補強材料の開発という次のステップへ進みやすくなる。アジア・アフリカ地域に適合した工法
や材料の開発が期待され，アジア・アフリカ発の技術開発といった産業振興にもつながる可能性を
秘めている。
（２）社会的成果（国内外の各参画機関の共同研究体制・形成された科学技術コミュニティ）の内容
①研究資源の提供や研究実施における役割について，国内機関と海外機関に分けて記載
研究項目ごとに次のように主な担当を決めた。なお，北海道大学と延世大学とはすべての項目を担
当した，（1）塩害劣化機構と性能予測：鹿児島大学，浙江大学，（2）凍害劣化機構と性能予測：
室蘭工業大学，大連理工大学，（3）複合劣化機構と性能予測：土木研究所，青島理工大学，
（4）北海道立総合研究機構，チュラロンコン大学，（5）予測技術のシステム化と LCM（対策技
術を含む）：アシュート大学
②研究全体会議（運営委員会）等を開催した場合は，会議（委員会）メンバー・出席者及び開催実
績（時期・議題・会議の成果等）を記載してください。
○平成 21 年度第 1 回運営会議
日 時 ：2009 年 10 月 5 日
場 所 ：北 大 工 学 部
出 席 者 ：上 田 ，杉 山 ，横 田 ，佐 藤 ，張 ，武 若 ，田 口 ，林 川 ，吉 田 ，遠 藤 ，桂 ，谷 口 ，伊 庭
議 題 ：プロジェクト全 体 計 画 について，各 参 画 者 による研 究 計 画 の概 要 説 明 ，今 後 の予
定
成 果 ：本プロジェクトの第 1 回目の運営会議を開催した。特に，国内の研究機関に所属する研究者
からこれまでに取り組んできた研究課題ならびに本プロジェクトに関わる今後の研究計画に関する
情報提供がなされた。また，Heong Sung City（Seoul の北東約 150km）の高速道路劣化調査のため
の詳細な計画を決定した。これにより，国際基準の作製に向けたアジア・アフリカ地域の環境条件，
設計条件，材料条件，施工条件の分析を行うことを目的とした。さらに，承認および確認された以上
の内容を基に，本プロジェクト全体の研究の進め方を共有するための議論を行うことで，今後のプロ
ジェクトビジョンを打ち出すことができた。
○韓 国 における劣 化 調 査 および研 究 打 合 せ
日 時 ：2009 年 12 月 7 日 ～8 日
場 所 ：Heong Sung City（Seoul の北 東 約 150km）の高 速 道 路 劣 化 調 査 および延 世 大 学
にて Ann 博 士 と研 究 打 合 せ
参 加 者 ： 上 田 ，杉 山 ，佐 藤 ，田 口 ，林 田 ，遠 藤 ，Ann
成 果 ：束沙インターチェンジのランプ部の中央分離帯とコンクリート舗装路面においてスケーリング
の被害が発生していたことから，ASTM C 672 に準じたスケーリングの度合の目視評価などの凍害
調査を行った。延世大学での打ち合わせでは，凍害に及ぼす水分の影響に関する研究の内容に
ついて説明を行い，構造物での含水率の測定方法について意見交換を行った。
○平成 21 年度第 2 回運営会議
日 時 :2010 年 3 月 1 日
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場所: 北海道大学工学部
出 席 者 ： 上 田 ，杉 山 ，横 田 ， 張 ，山 口 ， 濱 ，田 口 ， 遠 藤 ， 林 田 ， 桂 ，谷 口 ， 伊 庭 ， 橋 本 ，
Wittmann，Wang，Ann，Stitmannaithum
議 題 ：プロジェクト全 体 計 画 について，各 参 画 者 による研 究 計 画 の概 要 説 明 ，今 後 の予
定
成 果 ：各研究機関によるこれまでの研究成果および今後の研究計画に関する説明がなされた。ま
た，コンクリート構造物の LCM に関する現状の国際基準に基づく議論と本研究課題の今後の方針
を検討した。
○平成 22 年度第 1 回運営会議
日 時 : 2010 年 11 月 12 日
場所: 大連理工大学土木水利学院
出 席 者 ： 上 田 ， 横 田 ， 佐 藤 ， 橋 本 ， 濱 ， 桂 ， 谷 口 ， 伊 庭 ， Wittmann ， Wang Ann ，
Stitmannaithum，Yang Weibiao（China Institute of Building）
議題：各 参 画 者 による研 究 計 画 の進 捗 状 況 の説 明 ，今 後 の予 定
成果：各研究機関によるこれまでの研究成果および今後の研究計画に関する説明がなされた。また，
コンクリート構造物の LCM に関する現状の国際基準および寿命予測に関する議論と次回運営会議
までの各研究機関の検討課題を抽出した。
○平成 22 年度第 2 回運営会議
日 時 : 2011 年 3 月 9 日
場所: 北海道大学工学部
出 席 者 ：上 田 ，杉 山 ，横 田 ，佐 藤 ，橋 本 ，武 若 ，濱 ，田 口 ，遠 藤 ，林 田 ，桂 ，谷 口 ，伊 庭
議 題 ：各 参 画 者 による研 究 計 画 の進 捗 状 況 の説 明 ，今 後 の予 定
成 果 ：各参画機関で行っている研究成果および今後の研究計画に関する説明がなされた。また，
環境・社会への影響評価と耐久設計との統合に関する研究を継続するとともに，LCM 国内及び国
際標準の骨格に関し議論した。
○平成 23 年度第１回運営会議
日 時 : 2012 年 3 月 5 日 ～6 日
場 所 : Meeting Hall of Qingdao Fuxin Hotel（青 島 ，中 国 ）
出 席 者 ：上 田 ，横 田 ，佐 藤 ，橋 本 ，張 ，山 口 ，濱 ，岸 本 ，田 口 ，遠 藤 ，林 田 ，谷 口 ，
Wittmann，Jin，Wang，Ann，Stitmannaithum
議 題 ：各 参 画 者 による研 究 計 画 の進 捗 状 況 の説 明 ，今 後 の予 定
成 果 ：最終成果報告を骨格をなす研究成果について各研究機関から最終研究成果報告がなされ
た。本研究プロジェクトの成果を取り纏めるための方向性を議論し，承認された。これに基づき，成
果報告書の内容および執筆に向けた役割分担を決定した。
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③実施期間中の代表機関ならびに国内外各参画機関の組織としての関与（支援）について記載し
てください。
各参画機関ともに，この種の国際（あるいは国内）共同研究を良く実施しており，プロジェクト実施
に必要な種々の事務手続きなどにおいて支援が得られた。
④形成された科学技術コミュニティの今後期待される国際連携への政策的波及効果を記載してくだ
さい。
国際機関，特に ISO を通しての国際標準作成に関して，今まで以上に日本と他のアジアの国々と
の連携強化に資することが期待される。特に，ISO/TC71 において中国の参加があまり積極的でな
かったことから，中国の参加をさらに促し，国家的な連携を強化できれば，日本だけでなくアジア全
体の利益となると考えられる。
⑤今後期待される社会経済の活性化効果を記載してください。
アジアにおいては建設産業が大いに活発であるが，建設後の維持補修を含めた長期的な社会
アセットマネジメントが今後重要となるのは明らかで，本プロジェクトの成果であるライフサイクルマネ
ジメント国際標準は，大きな役割を果たしていく。
３．計画・手法（「Ⅱ．経費」とも関連）（Ａ４判１枚以内）
①研究項目毎の予算配分方針について記載してください。
(1) 予測技術のシステム化と LCM：当該研究課題の達成および，4 国内参画機関と６海外参画機
関との連絡・調整のため，直接経費のうち約 50％は業務担当職員および研究補助者の人件費に充
てた。その他の主な経費は，25％は借損料，10％は各種旅費（国内，外国，外国人招へい）であっ
た。業務担当職員は，借損装置を使用して，メソスケール部材に対し凍結融解繰返し回数と含水量
を変数とした実験を行うとともに，鉄筋コンクリート部材の凍結融解試験により凍害劣化を再現し顕
在化させ，劣化した部材の付着破壊試験を行った。この結果に基づき，解析的な検討を加え，温度
と水分の影響を適切に評価できる付着応力-すべり関係の発展的知見を得ることができた。また鉄
筋の腐食性状のモニタリングを行い，劣化に伴う材料特性および力学特性を精査することで予測技
術のシステム化，および関係各国の諸地域における要因を踏まえた LCM の国際標準の構築に向
けた成果を達成した。経費の執行は適切に行われた。
(2) 塩 害 劣 化 機 構 と性 能 予 測 ：初年度に購入した備品は，表面含浸材によるメゾスケールレベ
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ルでのコンクリート品質向上効果を把握するのに有効に活用された。また，2 年目および 3 年目に購
入した備品は，暴露試験におけるコンクリート試験体中の鉄筋腐食分布状況を非破壊的に把握す
るためや，コンクリート試験体の疲労特性の把握等に利用された。予算配分と執行は適切に行われ
た。
(3)凍 害 劣 化 機 構 と性 能 予 測 ：使用された消耗品は主としてコンクリート試験体の作成，物性評
価，細孔構造測定用の器具と試薬に用いられ，コンクリートの凍害劣化メカニズムの解明のために
有効に使用された。そのほか，予算配分と執行は適切に行われた。
(4)複 合 劣 化 機 構 と性 能 予 測 ：予算は①凍害や複合劣化に大きな影響を及ぼすとされている水
分量等を把握するための温湿度センサーの購入，センサーの現地構造物への設置およびデータ
回収，また，②塩分の影響を検討するための室内促進試験や凍害と塩害との複合劣化が顕著な道
路橋の地覆を対象としたスケーリングなどの劣化度調査等に使用した。これらのデータや試験，調
査結果を基に，達成目標である複合劣化に関する予測手法を提案しており，予算配分と執行は適
切に行われた。
(5)複 合 劣 化 を考 慮 した耐 久 設 計 法 ：購入した消耗品のうち温湿度センサーやロガーは，実環
境や促進環境下でのコンクリート内外部の温湿度測定，濡れ測定等におけるデータ収集に有効に
活用された。測定に使用したセンサーやロガーは再利用が不可能な場合が多く，大量のセンサー
を必要とした。また，コンクリートの試験に伴う加工のための消耗品は，データ採取に有効に活用さ
れた。予算配分と執行は適切に行われた。
②課題実施のためのプロジェクトマネジメントについて記載してください。
技術的な側面では，本プロジェクトで雇用した橋本勝文氏と張大偉（ZHANG Dawei）氏が，事務
的な側面では，やはり本プロジェクトで雇用した佐藤久恵氏が，国内外のプロジェクト参画者と適宜
緊密な連絡を取り，プロジェクト遂行が支障なく進めるようにした。また，研究代表者の所属する北海
道大学から参画している横田，杉山，佐藤，上田がプロジェクトの主要な項目の担当者となり，相互
の連携・調整をより取りやすいようにした。
４．実施期間終了後における取組の継続性・発展性（Ａ４判２枚以内）
①実施期間終了後，課題実施により培われた研究及びネットワークを継続する体制や仕組みに対
する工夫について記載してください。
構造物の LCM に関する国際標準作成・更新作業は，その背景となる技術的課題解決のた
めの研究とともに，永続的に行わざるを得ない性格のものである。本共同研究参画者の多く
が参加しているアジアコンクリート連盟技術委員会（ACF/TC，旧 ICCMC）と ISO/TC71/SC7
（コンクリート構造物の維持補修）という，アジアと全世界における作業環境があり，さら
に，参画者の一部は，ACF 会長，ACF/TC 理事，TC71/SC7 議長，TC71/SC7/WG 主査と，
これらの組織を主導するメンバーである。従って，これらの場において，種々の国際標準を
作成していくとともに，既往の国際標準の更新作業も，これらの参画者が主導して行ってい
く。また，国際標準のための基礎・実用研究も，各参画者が研究資金を獲得することによっ
て継続していく予定である。
本提案者が所属する北海道大学では現在「国際化」が重点施策であり，長期計画はもとよ
り，中期計画においても明示されている。また，2008 年 G8 サミットが北海道で開催された
ことからも，
「サステナビリティ」を，大学における教育と研究のキーワードとしている。
「国
際化」と「サステナビリティ」との双方がキーワードである，本提案課題に対し，本部・工
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学系研究院ともに組織として適宜必要な支援がなされていく。また，国際標準作成といった
社会貢献は教員の業績として重要な項目となっていることも研究を継続していく推進力と
なっている。
②これまでの研究成果を発展させる明確な研究・交流のビジョンがあれば記載してください。
前述の ACF/TC と ISO/TC71 とは交流のための最も有効な場である。これに加え，国内に
おける日本コンクリート工学会本部・北海道支部における研究委員会，文部科学省関連の研
究助成事業への共同申請等を実施する予定である。
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CHAPTER 1 INTRODUCTION AND OBJECTIVE STATEMENT

和文概要
社会基盤施設に使われる資源とエネルギーは膨大である．アジアにおいて，全世界の 3 分の 2
にも及ぶ社会基盤施設が構築されつつある中で，地球規模で持続可能な発展を可能にするために
は，アジアでのコンクリート構造物のライフサイクルマネジメント（LCM）は大変重要である．
なぜなら，LCM は，資源やエネルギーの効率的利用，環境負荷の低減，社会の経済的負担の最適
化を可能とするからである．この背景の下，国際共同研究プロジェクト「コンクリート構造物の
LCM 国際標準の確立」を文部科学省の支援を受けながら行った．このプロジェクトにおいて，ア
ジア・アフリカ地域の材料品質や気候といった地域的条件を考慮した，環境作用下（例えば，気
温・湿度，劣化物質の影響）のコンクリート構造物の寿命予測および劣化対策技術に関する最先
端技術を提示した．その上で，技術や経済的水準に依存しない，新たな LCM の国際標準案を作
成した（図 1 参照）．
本報告はプロジェクトの最終成果を，次章以降の各章に以下の項目ごとにまとめたものである．








塩害劣化機構と性能予測（2 章）
凍害劣化機構と性能予測（3 章）
複合劣化機構と性能予測（4 章）
複合劣化を考慮した耐久設計法（5 章）
劣化対策技術（6 章）
ライフサイクルマネジメント（7 章）

図 1 プロジェクトの概要
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CHPATER SUMMARY

The amount of resources and energy to be used for infrastructure is enormous. In order to
realize sustainable development on a global scale, it is important to conduct life cycle
management (LCM) of concrete structures in Asia, where two-thirds of infrastructures in the
world are being constructed. It is because LCM makes it possible to effectively use resources
and energy, reduce the effects on the environment, and optimize the economic burden in the
society. Because of this background the Ministry of Japan (Ministry of Education, Culture,
Sports, Science and Technology, or MEXT) granted financial support to the international
cooperative project, “Life Cycle Prediction and Management of Concrete Structures”. In
this project, most advanced technology for life cycle prediction and rehabilitation methods for
concrete structures under environmental actions (such as temperature/humidity and corrosive
materials) is presented, taking into account the local conditions of material quality and climate
in Asia/Africa. Consequently, a new international standard for LCM, independent of the level
of technology and economy, is drafted (see Figure 1).
This report presents the outcomes of the project on the following issues in the respective
chapters:
 Mechanism of deterioration due to chloride attack and performance prediction (Chapter
2)
 Mechanism of deterioration due to frost damage and performance prediction (Chapter 3)
 Mechanism of deterioration under combined effects and performance prediction (Chapter
4)
 Durability design considering deterioration under combined effects (Chapter 5)
 Preventive Measures and Rehabilitation Interventions (Chapter 6)
 Life cycle management (Chapter 7)

Figure 1 Project outline
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CHAPTER 2 MECHANISM OF DETERIORATION DUE TO
CHLORIDE ATTACK AND PERFORMANCE PREDICTION

和文概要
本章では以下の 項目について検討した．すなわち，(2.1) ひび割れを有するコンクリートの数
値解析的塩分浸透予測，(2.2) 鉄筋コンクリートのひび割れ性状を考慮した塩分浸透予測モデル，
(2.3) 海洋環境下におけるシラスコンクリートを用いた RC 構造物の耐久性評価，(2.4) 鋼材腐食
の進行に対する塩分固定およびその影響，(2.5) 劣化した RC 構造物の確率論的耐力評価，(2.6)
種々のポルトランドセメントを用いた場合の腐食発生限界塩分濃度，(2.7) 干満帯における塩分
浸透性状の空間的分布，(2.8) ひび割れを有するコンクリート中の塩分移動メカニズム，のそれ
ぞれについて本研究課題により得られた新たな知見を以下に示す．
2.1) ひび割れを有するコンクリート中の塩分の移動について，拡散係数およびひび割れ幅に基づ
いて検討した．メソスケールレベルでの塩分移動をモデル化するとともに，既往の文献にお
いて実験的に得られている拡散係数のデータを整理した．コンクリートのひび割れを含む硬
化体性状は Voronoi 分布により再現し，拡散係数は繰返し計算により算出した．その結果，ひ
び割れ中での塩分移動速度は硬化体(セメントペースと)中と比較して速いことがわかった．な
お，塩分の固定化については考慮していない．一方で，塩分の移動に著しく影響を及ぼすと
考えられるひび割れ幅の閾値を特定する事が出来た.
2.2) ここでは，曲げ荷重により生じたひび割れを有する鉄筋コンクリート部材中の塩分浸透予測
手法について検討した．塩分の移動に影響を及ぼすと考えられるひび割れ幅と深さに基づき，
幾何学的にひび割れを先細 V 字型にモデル化し，実験結果と比較して最適なモデルを構築し
た．その結果，構築したモデルあるいは塩分浸透に対する 2D 解析モデルにより数値解析的に
得られた結果は実験結果と高い整合性を得る事ができた．一方で，ひび割れの屈曲および骨
材の存在により，解析精度が低下することがわかった．
2.3) シラスコンクリート中の鋼材腐食および塩分浸透性状に関して実験的な検討を行った．また，
実際に海洋環境に暴露することで，暴露環境の影響を把握する事を目的とした．その結果，
シラスコンクリートは塩分浸透に伴う鋼材腐食に対する高い抵抗性を有している事がわかっ
た．
2.4) 種々の混和材および置換率が塩分固定化特性に及ぼす影響を検討した結果，60% GGBS > 30%
PFA > OPC > 10% SF の順に固定化料が多くなった．この結果について，液相中の pH との相
関は認められなかった．しかしながら，液相中の腐食発生限界塩分濃度について， [Cl-]:[OH-]
あるいは[Cl-]:[H+]に基づき精査した結果，腐食発生限界塩分濃度が塩分固定化特性，液相の
緩衝作用，結合材の種類および液相中のアルカリ特性に影響を受ける事を定量的に示す事が
出来た．
2.5) 部材の耐荷力を極値統計的なアプローチにより評価した．得られた部材の耐荷力比データを
最も適合性の高かった Weibull 分布に当てはめ，劣化度 a～c の部材耐荷力を確率論的に評価
する手法について検討した．耐荷力比の期待値および最頻値は，劣化度の進行に伴い減少す
る傾向を示し，耐荷力比が 1.0，つまり劣化の発生以前と同程度を示す可能性は，劣化度 c の
部材では約 70%，劣化度 b の部材では約 60%，劣化度 a の部材では約 20%となることが推定
された．また，それぞれの劣化度で部材数の 95%が示す耐荷力比は，劣化度 c の部材では 0.72，
劣化度 b の部材では 0.65，劣化度 a の部材では 0.35 と推定された．劣化度 c および b におけ
る耐荷力比の累積確率分布の差は顕著には見られなかった．これは，部材の耐荷力比は部材
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内での劣化発生の局所化やその程度に影響されること，また，劣化度の判定には，鉄筋の断
面減少程度に大きく影響する事項が含まれていないことが要因と考えられる．さらに，部材
の劣化の進展は，環境条件や使用材料，供用年数等により大きく異なるものである．このた
め，今後，さらにデータを蓄積することにより，部材耐荷力の推定精度が向上するものと考
えられる．
2.6) ここでは，コンクリートの水セメント比，あるいは補強筋の種類が腐食発生限界

塩分濃度に及ぼす影響を検討した．その結果，水セメント比が低いほど腐食発生
限界塩分濃度は高くなり，異形鉄筋を用いた場合，腐食発生限界塩分濃度は低く
なる事がわかった．ここで実施した鉛参照電極を予め鉄筋コンクリート部材に埋
設することで腐食性状の観察する手法は，腐食発生の検知に非常に有用であると
言える．
2.7) ここでは，乾湿繰り返し環境下における塩分移動に関する数値解析モデルを構築
した．実験室および実環境において検証した結果，本モデルの妥当性を確認した．
本モデルでは，コンクリート表面における水分の蒸発および塩分の濃縮ならびに
その繰返しを考慮している．
2.8) ここでは，コンクリートに発生したひび割れが塩分浸透性状に及ぼす影響を検討
した．特に，飽和湿潤状態におけるコンクリート表面の塩分の拡散におよぼすひ
び割れの影響を定量的に明らかとした．なお，塩分移動算出式を提案し，提案式
の算出結果は実験結果と高い整合性を得られる事を示した．すなわち，コンクリ
ート中の塩分移動を算出する本提案式はコンクリート構造物の耐久性設計の指標
となる数値を得るために非常に有用であると言える．
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CHAPTER SUMMARY
All together the following eight reports have been submitted by members of the JST working group
on “life cycle prediction and management of concrete structures”, and they have been grouped
together in chapter 2, “Mechanism of Deterioration due to Chloride Attack and Performance
Prediction”.
2.1. Numerical Prediction of Chlorides Penetration in Cracked Concrete
By WANG, Licheng, Dalian University of Technology, China
2.2. Models for Predicting the Chloride Profile at Invisible and Visible Cracks of Reinforced
Concrete
By STITMANNAITHUM Boonchai, Chulalongkorn University, Thailand
2.3. Durability monitoring on RC structures using “Shirasu concrete” in marine environment
By YAMAGUCHI Toshinobu and TAKEWAKA, Koji, Kagoshima, Japan
2.4. Chloride Binding Capacity and Its Effect to the Corrosion Process
By Ann Ki Yong, Hanyang University, Korea
2.5. Probabilistic evaluation on load-carrying capacity of deteriorated RC members
By YOKOTA, Hiroshi, Hokkaido University, Japan
2.6. Chloride Threshold Levels for Two Different Types of Ordinary Portland Cement
By SUGIYAMA, Takafumi, Hokkaido University, Japan
2.7 Spatial Distribution of Chloride Accumulation in the Marine Tidal Zone
By Jin Weiliang, Zhejiang University, China
2.8 Transport Mechanism of Chloride Ions in the Cracked Concrete
By Jin Weiliang, Zhejiang University, China
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Durability of concrete is a direct measure to the service life of structures, in particular, exposed to a
severely corrosive environment such as chloride, sulfate, acid and sometimes frost damage. Of them, the
chloride-related problem to concrete structure is a key issue, due to its high cost for repair, catastrophic
damage, and immature invisible degradation. The chloride may attack in the pore structure by the transport
of diffusion mechanism accompanying with chemical reactions. Chloride ions penetrate through the
concrete cover layer, destroy the protective oxide film on the steel surface and cause the corrosion of the
reinforcements. It results the increase in costs related to maintain and repair the damaged structure.
The first contribution of this chapter (2.1) concerns quantification of chloride transport in cracked
concrete, in terms of diffusivity of chloride ions, depending on the crack size including crack width.
To model at the mesoscale, which would be more appropriate in describing chloride transport, the diffusion
coefficients of chloride ions in concrete experimentally measured in a number of literature were used to
confirm the accuracy of the modelling. In the numerical models, the position and opening width of cracks
are artificially prescribed by a geometrical layout of the samples. Additionally, the Voronoi diagram
technique is adopted to discrete the domain of a specimen to reduce the mesh bias. On the Voronoi diagram,
a randomly distributed lattice network is constructed to represent the transport process of chlorides. The
range of investigated crack width is from 20 to 600 m covering the data in experimental program. The
diffusion coefficients of chloride through cracks of different width (Dcr), are numerically determined by the
trial and error method. The chloride profile was imaged by the 2D visual, considering a barrier effect of
aggregate, assuming that chloride can be present only in cement paste.
As a result, chloride transport was even faster through cracks than in free zone of the cement paste,
consisting of pore solution and cement matrix. This may be attributed to no chance of chloride binding in
the cement matrix, and easier path for ionic mobility. It must be noted that a threshold crack width was
found in this study, as influencing the rate of chloride transport. The critical value of the crack width
significantly affected the Dcr. Once the crack width is beyond the critical value, the mobility of chloride
ions through cracked concrete was always 10000 mm2/h, irrespective of the crack size, of which width
would mostly provide a free water zone rather than the pore network for ionic transport.
The second contribution of this chapter (2.2) proposed models for predicting the chloride profile at
invisible and visible cracks of reinforced concrete under flexural loadings. The tapered crack (V-shaped
crack) was modelled in the present study as a natural crack of reinforced concrete member due to flexural
loads. The crack size in modelling includes the width and depth simultaneously, which have a crucial factor
to chloride transport. Finally experimental information was used to confirm the modelling accuracy to
minimise the potential error.
As a result, the chloride diffusion coefficient at crack was updated from the chloride diffusion coefficient of
uncrack concrete, as a function of the crack width and crack depth. The predicted results of chloride profile
fitted very well with the experimental results when the immersion periods beyond 4 weeks. The chloride
diffusion into cracked reinforced concrete was recognized following two-dimensional (2D) diffusivity. A
model of 2D chloride diffusion into cracked reinforced concrete was proposed and was analyzed by the
ANSYS program, assuming that the crack plane acts as the second exposed surface in addition to tension
surface. Two experiments were simultaneously conducted to measure the chloride profile: silver nitrate
titration and EPMA. Then, the chloride profile was fitted to the prediction derived from the 2D color image
map at the ANSYS program. The relation between modelling and experiments produced a mostly identical
chloride profile, although crack tortuosity and coarse aggregate reduced the accuracy.
Substantially, cracks may have an effect on the durability and damage of reinforced concrete structure by
providing the free access of chloride ions from a marine environment. The benefits of research is providing
the models, which can be used to predict the chloride threshold induced corrosion of the reinforced
concrete, evaluate the durability of concrete structure or the service life of reinforced concrete structure
when chloride ions attack via cracks of reinforced concrete.
In the third contribution of this chapter (2.3), durability of Shirasu concrete to chloride-induced
corrosion, including half-cell potential monitoring, polarization resistance (i.e. corrosion rate), chloride
transport (i.e. diffusivity of chloride ions). After the all experiments, corrosion cracking was visually
observed for laboratory testing. Simultaneously, in-situ test was performed in a marine environment,
covering immersed, tidal and splash zones to quantify the chloride profile depending on the exposure
condition.
As a result, it was found that Shirasu concrete is very resistant to chloride-induced corrosion: a visual
examination on corrosion crack showed that Shirasu concrete was kept sound for 3 year exposure to a
marine, while concrete cast with seasand produced cover cracking together with stain evacuation on the
cover concrete. This result is ensured by the half-cell potential monitoring. Irrespective of fine aggregate,
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the corrosion potential was strongly dependent on the cover depth: an increase in the cover depth resulted
in an increase in the corrosion potential, indicating the passive state of steel reinforcement. In particular, the
Shirasu concrete ranked the highes corrosion potential, implying the most resistive to corrosion. After a 3
year exposure to a marine environment, the chloride profile showed that Shirasu concrete is the most
resistant to chloride transport. For a same binder (OPC or GGBS mixture), Shirasu concrete had the lower
level of chloride concentration at the depth beyond 30 mm, although the surface chloride was mostly
identical, ranging from about 10 to 15 kg/m3. This information was used to calculate the diffusion
coefficient of chloride ions: Shirasu concrete has a 2-3 times lower value of diffusivity of chlorides,
compared to concrete cast with seasand.
In the fourth contribution of this chapter (2.4), chemistry of chlorides in the cement matrix has been
mainly dealt with to provide information on the role of chlorides in the corrosion process. Chloride binding
isotherms were defined in terms of the Freundlich and Langmuir isotherm, of which empirical data could
be used to determine the mobility of chlorides in concrete, and thus the risk of corrosion. Simultaneously,
buffering capacity of hydration products was determined, using the acid neutralisation capacity, which
provided a quantitative index on the resistance of hydration to a pH fall of the pore solution. Then, chloride
threshold level for steel corrosion in concrete was thoroughly investigated, encompassing the factors and
representations.
For chloride binding capacity, OPC, 30% PFA, 60% GGBS and 10% SF pastes was cast and cured for 150
days. As a result, the binding capacity was varied with binder, due to different hydration products in
concerned with C3A and C4AF, and the rate of hydration. The order of binding capacity at 150 days was
60% GGBS > 30% PFA > OPC > 10% SF. However, there was no particular relation between the pH and
chloride concentration content in cement paste, and no direct relation between the pH and binding capacity
was seen. However, an increase in the hydroxyl ions in cement matrix resulted in a decrease in the
[Cl-]:[OH-], reflecting the lower risk of chloride-induced corrosion in concrete. The resistance of steel
embedded in mortar against chloride-induced corrosion was evaluated in terms of the buffering of
hydration products to a pH decrease. The chloride threshold level was expressed as the mole ratio of
[Cl-]:[H+]. The concentration of chloride ions were derived from the threshold value expressed as the total
chloride content, and the concentration of hydrogen from the acid (moles H+/kg binder) required for the
suspensions to reduce the pH to 10, respectively. The threshold ratio of [Cl-]:[H+] accounted for about
0.0063 and 0.0082, regardless of binder type, at 1.0 and 2.0 mA/m2. To represent the corrosion risk, the
chloride threshold level for steel corrosion is the most powerful tool. The threshold value is simultaneously
affected by chloride binding, buffering, binder type, alkalinity of the pore solution and exposure
environment. The best representation of CTL must reflect the aggressiveness of chloride ions and the
inhibitive nature of cement matrix. Thus, the total chloride content to binder weight is at present the most
appropriate way to express the CTL.
In the fifth contribution of this chapter (2.5), a total of 40 RC slabs extracted from existing open-piled
wharves are tested in order to make clear the relationship between visually judged deterioration grades and
load-carrying capacities. Then, based on the extreme value theory, a probabilistic assessment method of the
load-carrying capacities of RC slabs is proposed. This part contributes to performance prediction of
deteriorated RC members due to chloride attack.
As a result, load-carrying capacities of tested RC slabs show large variations, though those tested slabs are
judged as the same deterioration grades. Therefore, the probabilistic approach is required to appropriately
evaluate the structural performance with considering the variation in the existing structure efficiently. The
extreme value theory is applied for probabilistic discussion. By using obtained cumulative distributions of
load-carrying capacity ratio, the cumulative probability can be estimated for the minimum load-carrying
capacity ratio. According to the results, for example, the load-carrying capacity ratio of the RC slab
becomes 1.0 or more with the probability of about 70 % in deterioration grade c, about 60 % in
deterioration grade b, and about 20% in deterioration grade a. For another example, the minimum
load-carrying capacity ratio with the probability of 95% can be estimated as 0.72 in deterioration grade c,
as 0.65 in deterioration grade b, and as 0.35 in deterioration grade a. In this research, the minimum
experimental load-carrying capacity ratio is 0.47 in deterioration grade a.
The performance index obtained by the proposed methods is expected to become an effective evidence of
decisions on interventions for strategic maintenance of large numbers of existing structures. For this
purpose, validities of proposed structural performance index and optimization of cumulative distribution
parameters in each deterioration grade have to be verified by accumulating further experimental data.
In the sixth contribution of this chapter (2.6), experimental work was carried out to determine chloride
threshold levels for two different types of Ordinary Portland cement concrete. Half-cell potential
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measurement was continuously conducted using embedded lead electrode in concrete. With this method
corrosion development of rebar within concrete subjected to sodium chloride solution was assessed. In
addition electrochemical AC impedance data was obtained by a portable corrosion meter to estimate the
corrosion rate of rebar. Chloride threshold level was estimated from data obtained through conventional
acid extraction method.
It was concluded in this study that threshold chloride level (TCL) is controlled by water to cement ratio of
concrete and types of steel reinforcement. Lower W/C results in higher TCLs while deformed rebar exhibits
lower TCLs. Diffusion coefficients of concrete also play an influential role on chloride prediction in the
concrete and it is verified that lower W/C shows lower diffusion coefficients. Detection of corrosion
initiation by means of embedding lead reference electrode inside the concrete with portable corrosion meter
is precise and may be applicable for corrosion studies.
The seventh contribution of this chapter (2.7) developed a new mathematical model of chloride transport
in concrete under dry-wet cycling conditions. The model considers the hysteresis of moisture evaporation
and the accumulation of chlorides at concrete surface. Unimodal distribution of chloride accumulation in
marine tidal zones along altitude can be derived based on the sensitivity analysis for the proposed model,
that is, with the increment of altitude, the accumulation of chloride is first aggregated for the increasing
drying time proportion and accelerated evaporation rate, and then weakened for the reduction of contact
time with chloride contained reservoir and the declining saturation of pores in concrete.
The proposed model has been validated by experiments carried out in both laboratory and fields. In
laboratory tests, concrete specimens were exposed to dry-wet cycles in Artificial Environmental Chamber
(AEC) for a period of 2-3 months and then chloride concentration profiles were measured; whereas in field
tests, measurements were directly taken from a concrete harbor deck of 55 months old. The comparison of
the laboratory and field data with the model predictions demonstrates that the proposed model can be used
to predict the transport of chlorides in the marine tidal zone.
The eighth contribution of this chapter (2.8) investigated the effect of concrete cracks to the transport
mechanism of chloride ion. The transportation of chloride ions is affected by the cracks in the concrete
materials. The influences of cracking width on the chloride diffusion coefficient and diffusion surface under
saturated condition are discussed in this paper. The chloride diffusion coefficient of concrete varies with the
cracking widths, and there exist upper and lower limitations.
The effect of cracking on the chloride transportation can be divided into three cases: 1) when the width is
less than 0.03mm, its effect can be neglected due to completely self-healing; 2) when the width is more
than 0.1mm, two-dimensional transportation will happen in the cracking zone; 3) and when the crack width
is between 0.03 and 0.1mm, chloride transports into concrete along and perpendicular to the crack surface
simultaneously. Formula for chloride transportation in these three cases was brought forward, and a
calculation example was given according to the analysis of this article. The results of calculation agree well
with the test, which can provide a reference to the design of concrete durability.
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2.1

Numerical Prediction of Chlorides Penetration in Cracked Concrete

ABSTRACT
In service, cracks or microcracks are usually present in concrete as a result of several mechanisms, for
example the drying shrinkage, thermal gradients, freezing-thawing cycles, alkali-aggregate reaction and
external loading. It has been realized that cracking can significantly accelerate the ingress of chlorides into
concrete since it provides preferential flow channels and allow more chlorides to penetrate. But it is also
believed that cracking plays an important role on the penetration speed of chloride. The objective of this
paper is to quantify the diffusion coefficient of chloride through cracks of concrete with different crack
widths by means of the mesoscale modelling method based on the available experimental results from
literatures. In the numerical models, the position and opening width of cracks are artificially prescribed
based on geometrical layout of the samples used in test. Additionally, the Voronoi diagram technique is
adopted to discrete the domain of a specimen in order to reduce the mesh bias. On the Voronoi diagram, a
randomly distributed lattice network is constructed to represent the transport process of chlorides. The
range of investigated crack width is from 20 to 600 m covering the data in experimental program. The
diffusion coefficients of chloride through cracks of different width, Dcr, are numerically determined by the
trial and error method. It is concluded that chloride can penetrate into cracks with a much higher speed than
that in free water. When the crack width is lager than a critical value, Dcr is determined as 10000 mm2/h
and independent of the crack width.
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2.1.1

INTRODUCTION

Chloride-induced corrosion of steel reinforcement is one of the major deterioration mechanisms of
reinforced concrete structures when they are exposed to the environment of seawater or de-icing salt. This
is widely considered as the driving force in the past few decades that caused the growing interest in
attempting to investigate the chloride movement within concrete.
On mesoscale, concrete is commonly supposed as a heterogeneous material. As a result, from the viewpoint
of modelling, it is often treated as a three-phase composite material in which aggregates are embedded in a
matrix of hardened cement paste, and the interfacial transition zones (ITZs) are assumed on the interface
between aggregate particles and the surrounding cement paste [1-3] (see Figure 1). For the generally used
aggregates, i.e., the fine and coarse aggregates, they are non-permeable [1, 4]. In addition, recent research
shows that the ITZs between cement paste and aggregates, especially coarse aggregates, can more
effectively explain the phenomena of chloride diffusion [5]. Regarding the high amount and relatively
smaller size of fine aggregates, in the present study, only coarse aggregates are regarded as the non-sorptive
inclusions. But the mortar, filled with fine aggregates, is supposed as a nominal homogeneous material in
order to reduce the calculation work.
Phase I: mortar
Phase II: aggregate

Phase III: ITZ

Figure 1: The three-phase structure of concrete on mesoscale
When chloride ions penetrate into concrete, it has been verified that some of them will be chemically and
physically bound to the hydrated products of cement and their surfaces in concrete [6, 7]. This behavior is
called chloride binding capacity of concrete, which has been quantitatively defined as the slope of the
binding isotherm [8]. As a result, chloride in concrete structures is commonly classified into free and bound
chloride and only the free chloride is supposed to be responsible for the initiating corrosion process of the
reinforcement because they can penetrate freely through the concrete cover to reach the reinforcing steel
layer. It has been found that the concrete binding capacity has an important effect on the rate of chloride
ions transport in concrete and on the corrosion initiation of the steel reinforcement due to the reduction of
the amount of chloride ions available to initiate the deterioration process [6, 9, 10]. In addition, the
concentration dependence of diffusivity on free chloride diffusion has also been investigated and proved. In
concrete, the mortar, but not the coarse aggregate, is apparently the major composition to which chloride
ions are bound [8], therefore, the mesoscale modelling techniques offer a promising solution to really
represent the binding effect.
Cracks or microcracks are usually present in concrete, as a result of the mechanical or environmental
actions, or commonly of their combinations. Recent studies have indicated that cracks can significantly
accelerate the diffusion speed of chlorides in concrete because it can provide additional flow channels and
allow more chlorides to penetrate. As a result, there is no doubt that cracking of concrete can greatly affect
the durability of reinforced concrete structures [11]. Thereafter, it seems very important to investigate the
effect of cracking on the transport property of chlorides in concrete in order to allow more accurate
prediction of durability and service life of concrete structures [12-14]. Unfortunately, the characteristics of
chlorides penetration in cracked concrete, especially moving through an individual crack of various crack
widths, have not yet been made clear and there are still much work to be done to give a quantitative
representation of the chloride transport.
In the past, most previous works focused on experimental methods to evaluate the effect of cracking on the
chloride diffusion property of concrete, as well as the diffusion features of chlorides in a single crack
[15-20]. In the tests, cracks were created naturally by loading a specimen or artificially formatted by cutting
the specimen. For example, using the feedback controlled splitting test method. Wang et al. induced the
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single crack on a specimen and measured the permeability through the crack. It was reported that the
permeability of cracked concrete depends on the value of the crack opening (or crack width), wcr, in the
concrete [21]. But when a crack opening displacement was less than 50m, the crack opening had little
effect on the permeability. When the crack opening displacement was increased from 50 to 200 m, the
cracked concrete permeability increased rapidly with a great magnitude in comparison with that
corresponding uncracked concrete.
Chloride diffusion coefficients through cracks of concrete, Dcr, were evaluated using a steady-state
migration test [11], in which the cracks were also generated by controlled splitting tests. It was pointed out
that the maximum diffusion rate of chloride in a single crack approximated that diffusing in free bulk water
(about 10-9 m2/s) when the crack width was 80 m or more. Based on the similar test method, Kato et al.
concluded that Dcr increased with increases in the crack width and was almost constant when the crack
width became wider than approximately 75 m, but this constant diffusion coefficient was in a range of
10-7~10-6 m2/s, which was about 102~103 times higher than that in free water [14]. In the simulation model
of Takewaka et al. (2003), if wcr is less than 50m, the cracks seldom affect diffusivity, but when wcr is
between 50 m and 100 m, Dcr was set 10 times of the sound part, and when wcr is larger than 100 m,
Dcr was set as 103 times of that of the sound part. Ismail et al. [18, 19]and Olga and Doug Hooton [20]
separately examined the penetration property of chlorides through an artificially formed crack, as well as
the diffusion speed perpendicular to the crack surface. Their test results indicated that the rate of chloride
penetration perpendicular to the crack surface was very similar to that from the exposed surface when wcr
was larger than the critical crack width. The critical crack width is considered as a material property and
generally in a range of 50-80 m according to different tested materials and test methods, whose crack
surfaces are completely separated and no stress can be transferred any longer [18]. This finding can be
understood that chlorides penetrate through the crack with a very high rate, even faster than that in free
bulk water when crack width is greater than the critical value. Because in the experimental study, the
samples were saturated with lime water [18, 20], cracks are approximately considered to be fully filled by
water before exposed to chloride solution, and subsequently the chlorides move in water-filled cracks.
During this testing procedure, the capillary mechanism induced by surface tension of thin pores or
microcracks can be neglected. Therefore, Ishida et al. stated that mass transport in the crack spaces is
driven not only by concentration gradient of ions, but also by convection current due to the small
temperature gradient and/or small hydraulic pressure gradient [22]. In their analysis method, a single crack
or multiple cracks are converted into a group of voids and the diffusion coefficient of chloride ions in the
voids (converted from the cracks), is set to a value of fifty times larger than the value in free water.
From the review of previous studies, it can be found that their results differ too much, even up to a
magnitude of 2nd to 4th power of 10. Therefore, the objective of current research is to quantify the
diffusion coefficient of chloride through a single crack by numerical simulation method in terms of the
mesoscale composite structure of concrete.

2.1.2

TRUSS NETWORK MODEL

2.1.2.1 Construction of Truss Network Model
In this paper, the Voronoi diagram is used as the meshing tool for the concrete specimen considering its
advantages in simulating the crack formation and propagation, as well as the crack width, which are
necessarily needed for predicting the deterioration performance and durability of concrete structures [23,
24]. The random characteristic of geometry of the elements meshed by Voronoi diagrams makes it possible
not to prescribe the locations and directions of crack propagation because cracks are doomed to initiate and
propagate along the elements boundaries. This means that the adaptive re-meshing is not needed [25].
Figure 2 (a) shows the Voronoi diagram after meshing a concrete specimen on the level of mesoscale.
The truss network model is subsequently established based on the Voronoi diagram. Each of the Voronoi
elements is linked by truss elements with nodes at the centres of Voronoi elements and the intermediate
points on Voronoi element boundaries (see Figure 2 (b)). This is a refined approach of truss network model
proposed by Nakamura et al. [24], in which only the Voronoi nuclei are linked to generate a truss element
[26]. The advantages of this modification, i.e., connecting the intermediate points on Voronoi element
boundaries, can easily represent the movement of mass (e.g., water or chloride ions) through ITZs or the
potential cracks. As a result, the substance transport in a two-dimensional area is simplified to a set of
one-dimensional problems in the network, not only suitable for the uncracked but also for the cracked
concrete. For uncracked concrete, the cross sectional area and diffusivity of a truss element are set
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according to the following rules: for truss elements within aggregate, both are assumed as 0; for truss
elements within mortar, the cross sectional areas are given according to the corresponding Voronoi element
area. On the Voronoi element boundaries, there are two kinds of truss elements. The first kind is for those
on the interfaces of two mortar Voronoi elements, and their cross sectional areas are assumed as 0 assuming
no mass transfer occurrence. The second kind is for those just between aggregate and mortars, i.e., in ITZs,
and their cross sectional areas and diffusivity have been studied and determined through experimental
method and numerical analysis technique.
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(a) Voronoi diagram

(b) Construction of truss network

Figure 2: Construction of the truss network model

2.1.2.2 Application and verification of the model
In order to verify the applicability and precision of the lattice network model in simulating chloride
penetration in concrete, a pure diffusion process described by Fick’s second law is adopted herein because
its analytical solution is available and usually written by an error function as:


 x
C ( x, t )  CS 1  erf 
 4D t

c








(1)

where C(x,t) is the concentration of chlorides at distance x and time t; CS is the concentration of chlorides at
x=0, t>0, i.e. the chloride surface concentration; Dc is the diffusion coefficient of concrete as a homogenous
material; erf( ) is the error function. The concrete model and its Voronoi diagram are shown in Figure 3, in
which the volume ratio of coarse aggregate is about 40%. On the diffusion boundary of exposed surface
(top surface of the sample in Figure 3), the chloride concentration CS is assumed as 4.86×10-3 g/cm3
unchangeably during the analysis, and the initial chloride content in the sample is assumed as 0. The
diffusion coefficients of mortar Dm, and concrete Dc, have been determined as 2.392×10-2 mm2/h and
1.971×10-2 mm2/s for a certain mixture, respectively [1] . In addition, the coarse aggregate is assumed to be
non-diffusible, i.e., the diffusion coefficient of lattice elements falling in aggregate is set as 0. It has been
revealed that DITZ can be taken as 10 times of that of the mortar [13]. The average chloride profiles along
three lines as shown in Figure 3 are determined as the numerical results. Figure 4 presents the chloride
profiles after 200 days diffusion for both numerical and analytical solution. The good agreement proves that
the lattice network model can be used to predict the chloride profiles in concrete.
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60mm

Exposed surface

Voronoi elements: 845
Lattice elements: 9035

60mm
Measured positions for chloride
profiles

Figure 3: The Voronoi model and analysis conditions of the specimen

Figure 4: comparison of chloride profiles between numerical and analytical results

2.1.3

ANALYTICAL METHOD FOR THE DIFFUSIVITY OF MORTAR AND ITZS

2.1.3.1 Diffusivity of cement paste
The diffusivity of cement paste can be estimated assuming that cement paste is regarded as a
two-phase composite, the capillary pores and the solid particles. The model proposed by Oh and Jang [1] is
used in this study because it can cover the entire capillary porosity range, which is expressed as;


  m  m2  c
D0 
1  c


Dp

1n

 Ds 


 D0 






n

(2)

in which Dp are the diffusivity of cement paste; D0 is the ionic diffusivity in bulk fluid, taken as 2.03210-9
m2/s at 25C for chloride ions in water; Ds is the diffusivity of the solid phase, denoting the diffusivity
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when the capillary porosity equals to zero; c is the critical porosity that the pore network first percolates,
which means that the diffusion can occur only over the percolation threshold; n is the percolation exponent
constant. In this equation, m is written as:
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where cap is the capillary porosity.
It was found that the values for n and Ds/D0 obtained for the test dada are n2.7 and Ds/D02.010-4
for OPC. In addition, the critical porosity c is proposed as 0.18 by Bentz and Garboczi (1991).

2.1.3.2 Diffusivity of mortar and ITZs - the effect of addition of aggregates
Generally speaking, the presence of aggregates in a hydrated cement paste matrix has two opposite
effects on the transport properties [27, 28]. First, the addition of solid particles leads to an increase in the
tortuosity of matrix, so the chloride ions have to move around the solid particles. This implies that
tortuosity (redirecting) effects reduce the transport speed. Second, the presence of porous and connected
ITZs probably contributes to facilitating the movement of ions. Therefore, in order to investigate the effect
of aggregate content and ITZs on the transport properties, the mortar can also be regarded as a three-phase
composite material. Based on this assumption, the diffusivity of mortar has been proposed as [1]
Dm
 1
Dp

Va

2  DITZ

(4)

1  Va
1

3
Dp    1

in which Dm and DITZ are the diffusivity of mortar and ITZ, respectively; Va is the volume fraction of
aggregate particles;  is the ratio of the ITZ thickness and the radius of aggregate particle, which may be
approximated by considering the mean radius of aggregate particles. Additionally, DITZ can also be
estimated by Eq. (2) assuming ITZ=1.5cap [1]. From the above analysis, one can see that w/c is the
dominating factor on the diffusivity of mortar due to its crucial importance to the capillary porosity of
cement paste. Figure 5 shows the effect of w/c on chloride diffusion coefficient of mortar. It can be seen
that with the increase of w/c, the diffusion coefficient increases due to the increase of capillary porosity of
cement paste. Some available experimental data on chloride diffusion coefficient of mortar are also
depicted in Figure 5 to verify Eq. (4). One can see that, although the mixtures in those experiments are
quite different from each other, the model represented by Eq. (4) can show a relatively good correlation
with experimental data.
Diffusion coefficient (10-8cm2/s)
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Figure 5: Effect of w/c and aggregates volume fractions on the diffusivity of mortar
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2.1.4

BINDING CAPACITY AND CONCENTRATION DEPENDENCE

2.1.4.1 Governing Equation of Chloride Diffusion
Usually the Fick’s second law is used as the governing equation for chloride diffusion process in concrete.
When the free chloride concentration is substituted for the total chloride concentration, the governing
equation is given as follows:

C f
t



C f  
C f
 Dcl
C t x 
x






(5)

where Ct is the total chloride concentration, in grams of total chloride per gram of concrete (g/g); Cf is the
free chloride concentration, in grams of free chloride per gram of concrete (g/g); Dcl is chloride diffusion
coefficient (mm2/day); t is time in days; x is the distance from the exposed surface of concrete in mm.
The two material parameters, the binding capacity of cement paste and the concentration dependence
of chloride diffusivity, have been studied and given in previous literatures [29, 20], which will be discussed
in the following subsections.

2.1.4.2 Concentration Dependence
The chloride diffusion coefficient is somehow influenced by the free chloride concentration, i.e., the
diffusivity decreases with the increase of Cf [29]. This concentration dependent relationship can be
expressed as:



Dion  D  1  k ion (C f ) m



(6)

in which Dion and D are the diffusion coefficient when considering the concentration dependence and not
considering the concentration dependence respectively; D=RT0/F2|Zion|, where F is the Faraday constant;
R is the gas constant; T is temperature; 0 is the reference conductance; Zion is the valency of the ion; Cf is
defined in terms of the weight of concrete; m is a constant, usually taken a typical value of 0.5 [31]. And,
kion=kc/0, in which kc is the Kohlrausch coefficient depending on the nature of the specific salt in solution.
According to the computations and comparisons with test results, it was estimated as kion= 70 [29].

2.1.4.3 Chloride Binding Capacity
As defined, the total chloride concentration is the sum of bound chloride concentration, Cb, and free
chloride concentration, Cf, meaning
Ct=Cb+Cf

(7)

The chloride binding capacity is defined as follows:
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Generally, the ratio C b / C f can be determined experimentally. Based on the relationship
between the Cf and Cb established by Freundlich isotherm [8, 27]], a prediction model for the binding
capacity has been developed.
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A1

in which A and B are two material constants, determined as 0.3788 and 1.14 for ordinary portland cement
(OPC), respectively [8]; sol is the ratio of pore solution to concrete, in liters of the pore solution per gram
of the concrete (L/g); gel is the ratio of C-S-H gel to concrete, in grams of C-S-H gel per gram of concrete
(g/g). The two parameters, sol and gel can be determined by the water-to-cement ratio (w/c) and mix
proportion of concrete.
Parameter sol From the definition of sol, it yields

 sol 

Vsol
Wconc

(10)

where Vsol is the volume of the pore solution (L); Wconc is the weight of concrete (g). Due to the relatively
small porosity of aggregates, the volume of the pore solution can be represented by that of the paste
cement.
The Powers’s model has been widely used to quantify the composite structure of hardened Portland
cement paste, because the fractional volumes of all major constituents in the physical structure of room
temperature cured Portland cement paste can be estimated from information on w/c and degree of hydration
of the cement [32]. Moreover, it is pointed out that the total porosity of a hydrated cement paste is the sum
of the gel porosity and capillary porosity [33]. The fractional volume of gel pores is expressed as;

 gel 

0.19
w / c   Vcem

(11)

where Vcem is the specific volume of cement in cm3 per gram. For the common OPC, Vcem may be assumed
as 0.32 cm3 per gram;  is the ultimate degree of hydration, which is defined as the ratio between the
amount of cement that has become hydrated finally and the original cement amount. The ultimate degree of
hydration  is empirically expressed as the function of w/c [1]:

  1  exp 3.15w / c 

(12)

The capillary porosity is estimated by the following equation:

cap 

 w / c   0.36
 w / c   Vcem

(13)

Thus, the total porosity can be written as;

 por   cap   gel 

w / c   0.22
w / c   Vcem

(14)

For a mixture proportion of concrete with cement of Wcem, weight of cement per m3 concrete and with
water of Wwat, weight of water per m3 concrete respectively, the volume of hydrated cement paste Vcp of a
Wconc bulk concrete can be formulated as;

Vcp  WcemVcem  WwatVd  

Wconc

(15)

 conc

in which Vd is the specific volume of mixing water, generally equaling 1cm3 per gram; conc is the density
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of concrete, approximately taken as 2.3 g/cm3; Vcp is in cm3. By combining Eqs. (10) to (15), it yields
 por
Vcp   por
W V  WwatVd w / c   0.17  (16)
 sol 
 WcemVcem  W wat Vd 
 cem cem
1000  Wconc
1000   conc
1000   conc w / c   Vcem 
Parameter gel As defined, gel can be expressed as;

 gel 

Wgel

(17)

Wconc

The fractional volume of C-S-H gel of the hydrated cement paste has obtained as;

 gel 

0.68
w / c   Vcem

(18)

So the weight of C-S-H gel of a Wconc bulk concrete can be written as;

W gel   gel  gelVcp

(19)

where gel is the density of C-S-H gel, usually gel =2.34g/cm3. And then

 gel 

gel gelVcp
Wconc



0.68  gel WcemVcem  WwatVd 

conc   w / c   Vcem 

(20)

2.1.4.4 Numerical solution of the Differential Governing Equation
As both the binding capacity and diffusion coefficient are dependent on the free chloride concentration,
the governing equation, represented by Eq. (5), can be written in a simple form as follows;

C f
t



C f 
 
1
 v(C f )

u (C f ) x 
x 

(21)

The formation of u(Cf) is the denominator of the expression on the right hand of Eq. (4) and v(Cf) can be
represented by Eq. (6). Although v(Cf) in Eq. (21) can be regarded as an apparent diffusion coefficient, it is
worth noting that v(Cf) is a function of the free chloride concentration instead of being a constant.
Thus, Eq. (21) can be written as

u (C f ) C f

v
1

v(C f ) t
v(C f ) C f

 C f
 
 x

2

 2C f

 

x 2


(22)

The nonlinearity of differential governing equation due to concentration dependence of the diffusion
coefficient and binding capacity makes analytical solution for Eq. (22) impossible. Therefore, in the present
study, the Gallerkin weighted residual method will be used to disperse Eq. (22) numerically, and then the
numerical method will be applied to the truss network model.
To a 1-dimentional line element with length of l, if the values at two end points, xi and xj, are respectively
assumed as F(Cf)i and F(Cf)j for any function of F(Cf), the approximate expression of F(Cf) along the
element ij can be linearly described as:

F (C f ) 

xj  x
l

F (C f ) i 

x  xi
F (C f ) j
l

(23)

Here, F(Cf) can be any expression of the free chloride concentration Cf. For simplicity, one can set
38

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction

xj  x

x  xi
, which are regarded as the weighted residual functions. Subsequently,
l
l
according to the Gallerkin method, the following two equations can be obtained:

gi 

and g j 

~
Ri  A

  2C
v
1
f
gi 

 x 2
v(C f ) C f


 C f

 x


2
u (C f ) C f 

dx  I1  I 2  I 3  0
 

v(C f ) t 



(24)

  2C
v
1
f
gj

2
 x
v(C f ) C f


 C f

 x


2
u (C f ) C f 

dx  J 1  J 2  J 3  0
 



(
)
v
C
t
f



(25)

xj

x

i

~
Rj  A

xj

x

i

in which A is the sectional area of the 1-dimentional line element. The integrals of each part in the above
two equations can be derived separately. The procedure is described fully in the Appendix. Then Eqs. (24)
and (25) can be written in the form of simultaneous equations:



C f
 C fi 
1
1 
 A


~
x x  x  A  1  P  1  P  C fi  lA 2Q R  

 Ri  
i
t   0
2
2
 



 ~    C
 


C   
1
1
f
 R j  
 l  1  P 1  P  C fj  6  Q 2 R   fj  0
A
 t 
2
2 


x x  x 
j 

(26)
where P  ln

v(C fj )
v(C fi )

, Q

u (C fi )
v(C fi )

, R

u (C fj )
v(C fj )

.

Since Eq. (26) is in the equational form, it can also be written as:
 C f
 A
x


 A C f

x



 C fi 
1
1 


1  P 1  P  C



x  xi 
A
2
2  fi  lA  2Q R   t  0 
  
 

 

 l  1  1 P 1  1 P  C fj  6  Q 2 R   C fj  0 


 t 
2
2 
xx j 

(27)

If only the diffusion process is used to account for the chloride ions penetrating into concrete, the
following initial condition, Cf=C0, x0, t=0, and boundary condition, Cf=Cs, x=0, t>0, are applied to solve
the above equation. Here, C0 is the initial free chloride concentration in concrete; Cs is the surface chloride
concentration exposed to air or water environment.
Further, Eq. (26) can be simplified as

 C f 
  0
 t 

 f   k C f  c

(28)

This is the finite element equation for a single truss element. If all the truss elements in a meshed area
are integrated, the global finite equation can be formed as:

 C f 
  0
 t 

F   K C f  C 

(29)

The Crank-Nicholson method is used to numerically solve the above equation. By introducing the
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discrete time step t, one can have


C f




 



t  1

C f (t  t )  C f (t )
 t   
2  2


(30)

Then the differential formation at time (t+t/2) in time space can be expressed as:



 




t  C f (t  t  C f t 

 C f  t   
2 
t

 t

(31)

By substituting Eqs. (30) and (31) into Eq. (29) and adjusting, one can have the basic formation for the
discrete time calculation process:









1
1
1

 1

 K   C  C f (t  t )    K   C  C f (t )  F 
t
t
2

 2


(32)

It should be noted that in Eq. (32), because the matrices [K] and [C] are both dependent on the free chloride
concentration, their values may be approximately estimated based on the free chloride concentration after
the former step. It implies that an iterative process must be adopted until a given convergence criterion is
reached. Here, the convergence of computation is judged when the square root of the sum-of-squared-error
between the current and former steps becomes less than 10-5.

2.1.5

RESULTS AND DISCUSSION

The concrete specimen of numerical analysis is shown in Figure 6. The w/c is 0.55 and the volume
content of coarse aggregates is about 40%. The cement, sand and water contents are 316, 749 and 174
kg/m3 respectively. These parameters are used to predict the parameters sol and gel by Eqs. (16) and (20)
respectively. Only the left side of the specimen is set to be exposed to the chloride source and all the other
sides are supposed to be sealed without chlorides penetration. The chloride concentration is assumed as
4.86×10-3 g/cm3 on the exposed boundary. This unit means chloride concentration is in grams of free
chloride per cm3 of concrete [34]. When the density of concrete is taken as 2.3 g/cm3, it will become as
2.11×10-3 g/g in grams of free chloride per gram of concrete.
60mm

50mm

Cl-

Voronoi elements: 987
Truss elements: 10615

Figure 6. The model and analysis conditions of the specimen
To investigate the effect of binding capacity and chloride concentration dependence, in this section,
the surface chloride concentration is looked as free chloride concentration, but the chloride ions penetrating
process will be separated as 4 cases. Case 1 indicates that neither the binding capacity nor chloride
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-

-3

3

Free Cl concentration (x 10 g/cm )

concentration dependence are considered; case 2 means only taking into account the chloride concentration
dependence; case 3 means only taking into account the binding capacity; case 4 means both the binding
capacity and chloride concentration dependence are considered. The comparison of chloride profiles after
600 days of exposure resulting from the 4 cases is presented in Figure 7. It can be found that the predicted
profiles differ too much whether the binding capacity and concentration dependence are considered or not,
which clearly indicates the necessity to take into account the binding capacity and chloride concentration
dependence in the durability analysis and service life prediction.
5
Case 1
Case 2
Case 3
Case 4

4
3
2
1
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Figure 7: Predicted chloride profiles after exposure of 600 days for the 4 cases
Figure 8 shows the chloride concentration varying with exposure time at some locations in the
specimen. One can obviously observe that it will take much longer time to reach a given chloride
concentration for a fixed depth. For example, if the critical chloride level is set as 1×10-3g/cm3, it will take
about 120 days at a depth of 19.7 mm to reach it, but when both the binding capacity and concentration
dependence are considered, the exposure time will be extended to 425 days.
Free chloride

3

Cl concentration (x 10 g/cm )

5
4

Total chloride

-3

x=4.7 mm

3
2

x=19.7 mm

-

1
x=40.5 mm

0

0

100

200

300

400
500
Time in days
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Figure 8: Comparison of chloride profiles with and without consideration of binding capacity and
concentration dependence
In experimental studies of chloride penetration by immersion or exposure methods, usually the
concrete specimens are cut into slices and then ground into powders to measure the chloride content.
Obviously, the chloride concentration recorded by this process is the total chloride amount, including free
chloride and bound chloride. It implies that the experimental findings must overestimate the effective
chloride ions content in concrete because only the free chloride is responsible for the deterioration of
concrete structures. Figure 9 provides the comparison of chloride profiles between total, free and bound
chloride concentration, which has the similar tendency as that observed in the experiment [35]. In Figure 9,
the bound chloride concentration is calculated by Eq. (7).
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Figure 9: Comparison of chloride concentration profiles between total, free and bound chlorides

2.1.6
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DIFFUSION OF CHLORIDE IN CRACKED CONCRETE

2.1.6.1 Diffusion coefficient in single crack (Dcr)
The shape and size of specimen used in the test by Ismail et al. [18] are shown in Figure 10. In this
experiment, in order to avoid the self-healing of cement-based material on local chloride penetration of the
cracked sample, an inert material, i.e. brick, was used. The controlled cracking was achieved by adjusting
the deformation of an expansive core and the confining force applied by the external steel ring. Because the
crack width is not ideally consistent along the crack path, even on the top and bottom annular surfaces, its
value of each sample is calculated by averaging 20 measurements taken on top and bottom surfaces
separately. By this method, the obtained crack widths in experiment are 128, 60, 53, 34, and 21 μm. After
reaching the required crack width, the specimen was firstly saturated with demineralized water and then
moved to the chloride penetration cell to perform the chloride diffusion test. The top and bottom surfaces
are left to be exposed to chloride solution but the cylinder side surface is sealed. As a result, the chloride
penetration profiles, measured both from the sample surface and perpendicular to crack path, were
synthetically used to evaluate the penetrating rate of chloride through the crack. The perpendicular-to-crack
profiles were determined by vertically grinding the areas measuring 3015 mm downward the crack
surface, located in the center of the crack plane 17 mm below the exposed surface. One of a vertical plane
perpendicular to the crack path is chosen to simulate the two-dimensional transport of chlorides: along or
parallel to the crack pathway and perpendicular to the crack surface. The horizontal depth of this plane is
set as 50 mm in the numerical simulation, in other words, the circumferential length to crack surface is 25
mm because the maximum depth of penetration is less than 15mm from test observation. The Voronoi
diagram for this cracked surface is shown in Figure 11 with 451 Voronoi elements and 5046 lattice
elements (but for sake of clearness, the lattice elements are not depicted). In addition, the crack width along
crack depth is set as constant of the value in test, which is the ideal approximation of Figure 10. The
diffusion coefficient of the brick D and the surface chloride concentration CS are calculated as 0.396 mm2/h
and 7.6810-3 g/cm3 respectively, by means of the least square method with test data. The exposed time in
the experiment and current simulation is T=10 h. The initial chloride content is 0.01% weight of brick
supplied by the material constituents, i.e. about 0.210-3 g/cm3 of volumetric content.

50

Figure 10: Schematic illustration of the specimen used in test (Ismail et al. 2004)
42

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction
Exposed surface

Crack
Perpendicular to crack

40m

50mm

Figure 11: Numerical model of the specimen in two dimension
As pointed out by Ismail et al. [18], the rate of chloride penetration perpendicular to crack walls is not
restricted by the liquid-phase diffusion of chloride along the crack path. As well known, the diffusion
coefficient of chloride ions in free bulk water is about 2.03210-9 m2/s (7.315 mm2/h) at 25C [1].
Therefore, firstly the diffusion coefficient of chloride in cracks larger than 60 m is arbitrarily taken this
value. Based on these conditions, the total chloride penetration profiles from the exposed surface obtained
both from test and numerical analysis are shown in Figure 12. The chloride profiles from the freely exposed
surface (top surface) of numerical result by the model in Figure 11 are taken along a vertical line which is
about 15 mm away from the crack to guarantee a one-dimensional diffusion. The profiles predicted by the
numerical model are in close agreement with test results, which indicates that the diffusion coefficient of
bulk brick is acceptably reasonable. As the first step of cracking effect analysis, the nominal diffusion
coefficient of chlorides through cracks, Dcr, will be taken the value in free water to compare with test
results. However, as depicted in Figure 13, the profiles of perpendicular-to-crack penetration obtained from
test and numerical analysis deviate each other to a large degree. The location of the chloride penetration
profile in the numerical analysis is about 25 mm deep from the exposed surface. This value is regarded as
the average depth of the grinding areas as shown in Figure 10. It suggests that, in the analysis when the
chloride diffusion coefficient along crack (width wcr>60 m) is assumed to be the value in bulk water, the
diffusion rate of chlorides perpendicular to crack wall surface is much slower than that obtained by test
method. Such a result can be understood that chlorides transport faster through crack than that in free water
during the test process. This phenomenon implies that the process of chloride moving along cracks may
involve more than one transport mechanisms but not only diffusion. Therefore, determining the real value
of Dcr becomes a crucial task in order to accurately predict chloride profiles in cracked building materials.

Figure 12: Profiles of the sample from the exposed surface
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Figure 13: Profiles perpendicular to crack wall surface

2.1.6.2

Determination of Dcr at different crack widths

In this paper, Dcr denotes the nominal chloride diffusion coefficient through a single
crack because as stated above, chloride moving into a crack is not a typical diffusion process.
The value of Dcr will be obtained in this paper by the trial and error method so as to approach
the test results. As indicated previously, Dcr is dependent on the crack width. Thereafter,
higher values of Dcr will be given for larger cracks. Figure 14 shows the comparisons between
calculated profiles of chlorides perpendicular to the crack wall at the depth of 25mm for
different wcr and experimental data. At the depth of 25 mm, there are only chlorides
penetrating horizontally (one dimension) to reach this location because the maximum
diffusion depth of chlorides from top surface is less than 10mm (see Figure 12). It can be
observed that when the crack width is lager than a threshold, e.g., about 60 m, Dcr is
independent of the crack width and may be given a big value as 10000 mm2/h. Although an
obvious decrease of the value of Dcr can be noted when the crack width is less than 60 m, the
relationship between Dcr and the crack width is not clearly accordant. This may be attributed
to the limited test data. As a result, currently it is not possible to accurately estimate the value
of Dcr depending on the crack width when the opening is less than a threshold. Therefore, a
unique vale of Dcr for crack width below 60 m is determined based on the three values of Dcr
obtained at 53 m, 34 m and 21 m, respectively, i.e., 3000, 1500, 4500 mm2/h. Their mean
value is 3000 mm2/h.

wcr=60m

wcr=128m
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wcr=53m

wcr=34m

wcr=21m

Figure 14: Profiles perpendicular to crack surface with different Dcr at different wcr

2.1.6.3 Diffusion of uncracked concrete
Based on the test results [20], the average values of diffusion coefficient and chloride surface
concentration for uncracked concrete have been respectively estimated as 3.1110-2 mm2/h and 0.77% by
weight of concrete (0.185 g/cm3). The numerical simulation specimen has the similar coarse aggregate
contents (about 40% volume fraction). The exposed time is 40 days. The numerical model for uncracked
concrete specimen is given in Figure 15 with 537 Voronoi elements and 5674 lattice network elements (for
sake of clearness, the lattice elements are not depicted).
Figure 16 shows the schematic comparison of depth of chloride penetration between test observation
and computing result. The black curve in Figure 16a) and white curve in Figure 16b) indicate the
penetration front of chlorides by experimental method and numerical simulation respectively. It is clearly
found that the effect of aggregate inclusions can be successfully expressed by the numerical simulation
since it gives a similar chloride penetration profile with the test observation. The coarse aggregates,
especially those with relatively larger size can, to some extent, restraint the ingress rate of chlorides due to
their lower permeability. On the other hand, the presence of porous and connected ITZ, which is a very thin
boundary layer around the aggregate with higher porosity than mortars, will contribute to facilitating the
movement of chlorides. The effect of ITZ usually plays a stronger role than that of the aggregates. This
opposite impacting mechanism can be used to explain the statistic finding that concrete usually has higher
diffusion coefficient than that of mortar [13].

2.1.6.4 Chloride diffusion in cracked concrete
In Olga and Doug Hooton [20], a transecting, parallel-wall crack with approximately constant width
was induced in the sample by means of splitting tensile method. The characteristic (crack shape and surface
feature) of the crack is supposed to be similar as that created by Ismail et al. [18]. But in Olga and Doug
Hooton [20], the range of crack width is from 80 m to 680 m. In the present study, with purpose of
verifying the magnitude of Dcr obtained above, one case in their test with crack width of 90 m is selected
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and the Dcr is set as 10000 mm2/h (2.810-6 m2/s) based on the above analysis. The specimen after being
numerically meshed is shown in Figure 17 by arranging the crack in the middle of the sample. The exposed
time is same as that of the uncracked specimen, i.e. 40 days.

40mm

Exposed surface

50m
m

Figure 15: Numerical model of the uncracked concrete
Exposed
f

Exposed
surface

7.5
5.5
3.5
1.5
0.1
0.01
10-3 g/cm3

a) Photo scan of the test specimen (Olga and Doug Hooton
2003)

b) Numerical analysis results

Figure 16: Depth of chloride penetration in uncracked concrete specimens
Exposed surface

40mm

Crack

50mm

Figure 17: Element meshing result of the concrete specimen
Both the chloride diffusion along depth of the specimen and vertical to the crack wall surface are
considered and compared to investigate whether the chloride diffusion is dependent on the crack or not.
The chloride profiles on these two directions are presented in Figure 18 and schematically shown in Figure
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19. Specimen in Figure 19a) represents two different penetration processes separated by the crack. The left
hand part of the cracked sample was sealed on the top surface and only exposed to lateral diffusion of
chlorides from the surface of crack into concrete, which can be treated as a one-dimensional process.
However the profiles for right half sample, particularly its top part was the result of a two-dimensional
diffusion since its exposed surface was not sealed. The profiles along depth of the specimen and vertical to
the crack surface are taken from locations about 15 mm away from the crack and 25mm depth from the
exposed surface respectively in order to reduce the influence of two-dimensional diffusion. It can be seen
from Figure 18 that the two chloride profiles are quite close to each other, leading to the conclusion that the
lateral diffusion of chlorides from the crack surface into the bulk concrete is uniform along the crack
pathway. This conclusion agrees well with the test results that the transecting, parallel-wall cracks with
width larger than the critical value behave like free concrete surfaces exposed to chloride solution because
the diffusion coefficients of concrete measured along the perpendicular direction to crack surface are
similar to those of uncracked concrete [20]. In addition, the chloride profile obtained by Ishida et al. [22]
for a cracked concrete by modeling analysis is shown in Figure 19 too, which has the quite similar tendency
with this paper’s finding although their model was based on a smeared crack concept but not a discrete
element method.
In Ishida et al.’s numerical model, the effect of cracking is realized by converting the crack width to
the void porosity of a cracked element. For example, for a crack width of 0.2 mm and concrete water to
cement ratio of 0.55 the corresponding void porosity of cracked element is calculated as 0.5 m3/m3.
Therefore, it can be concluded that when crack width is greater than the critical value, the nominal
diffusion coefficient in it, Dcr, must be given a much high value (e.g., 10000 mm2/h).

Figure 18: Chloride profiles along depth of the specimen and vertical to the crack wall
Exposed
f

Exposed
f

7.5
5.5
3.5
1.5
0.1
0.01
10-3 g/cm3

a) Photo scan of the test specimen, dark
c) By Ishida et al. [22]
b) Numerical analysis
curves meaning the diffusion depth
results
[20] Figure 19: Chloride penetration in cracked concrete with single parallel-wall crack Figure

19: Chloride penetration in cracked concrete with single parallel-wall crack
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2.1.6.5 Tapered crack on chloride diffusion
A specimen with a tapered crack in the middle section is shown in Figure 20. The maximum crack
width at the exposed surface is 0.2 mm and the crack length is 30 mm. Because the crack opening varies
along crack direction from the exposed surface (wcr=0.2 mm) to the end point ((wcr=0 mm), a
width-dependent chloride diffusion coefficient Dcr is given following such law: wcr60 μm, Dcr=3000
mm2/h; wcr>60 μm, Dcr=10000 mm2/h. It is obvious that tapered crack can also greatly accelerate the
penetration speed of chlorides. Of course, the method proposed in this paper can also be easily applied to
the more common case of multiple cracks. For more accurate prediction, therefore, it is necessary to
consider the effects of crack width variation and crack spacing in the prediction of durability and service
life of concrete structures.

7.5
5.5
50mm

3.5

Figure 1: Verification, Validation and Qualification

1.5
0.1
0.01
10-3 g/cm3

wcr=0.2mm
Exposed surface
50mm
Figure 20: Chloride penetration in cracked concrete with single tapered crack

Figure 20: Chloride penetration in cracked concrete with single tapered crack
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2.2

Models for Predicting the Chloride Profile at Invisible and Visible Cracks of
Reinforced Concrete

ABSTRACT
The chloride penetration into concrete is one of the best topics and very exciting in the field
of concrete durability. Because the chloride ion acted as a main factor causing the corrosion of
the reinforcement in concrete structure, moreover, chloride transport mechanisms in concrete
is very complicate. Especially, the cracks were recognized as one of primary reasons causing
an increase in corrosion rate of reinforcements due to chloride attack. The aim of this chapter
is to propose models for predicting the chloride profile at invisible and visible cracks of
reinforced concrete under flexural loadings. In the present research, the tapered crack
(V-shaped crack) was introduced as a natural crack of reinforced concrete member due to
flexural loads. The research also pointed out that in addition to crack width, crack depth
played as a factor influencing on the chloride penetration depth and chloride profile. Finally,
the validity of proposed models was verified by comparing with experimental results under
the effect of crack characteristics. The research showed the predicted results fitted very well
with experimental results since the immersion periods were larger than 4 weeks.
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2.2.1

INTRODUCTION

Nowadays, the durability of reinforced concrete structures in marine environment has been
concerned as a serious problem in concrete construction technology. There are many
deterioration mechanisms of reinforced concrete structure in marine environment by
complexly physicochemical causes. However, the corrosion of reinforced concrete is
considered one of the major deterioration mechanisms where chloride attack as main factors
[1]. In marine structure, the chloride may attack in the pore structure by the transport of
diffusion mechanism accompanying with chemical reactions [2; 3]. Chloride ions penetrate
through the concrete cover layer, destroy the protective oxide film on the steel surface and
cause the corrosion of the reinforcements [4]. It results the increase in costs related to
maintain and repair the damaged structure.
A large number of prior researchers have investigated the chloride penetration into reinforced
concrete; in addition, numerous models to predict transport properties and service life have
been introduced. However, it has a disadvantage that all simulations are conducted with the
pure concrete or uncracked concrete. In fact, in the real structure, most reinforced concrete
structures are often exposed with involving the cracks that will reduce the durability of
reinforced concrete faster than the uncracked concrete case.
An appearance of crack due to service loading causes an increase in rate of chloride ingress
into reinforced concrete. Up to now, many researches have tried to take into account the
influence of crack width on the chloride penetration into cracked concrete [5-10]. In addition
to crack width, crack depth is also a key parameter; especially, under loading the crack depth
will rise during all stages in the life of a concrete structure which it strongly affects the
chloride penetration depth. However, studies about crack depth affecting on the chloride
penetration have not been clear and complete. Furthermore, the loading is also a parameter
having the influence on the chloride penetration in concrete [11]. Mien [12] investigated to
model the chloride penetration in plain concrete with invisible crack under combined action
of cyclic loading and tidal environment. Because of embedding reinforcing steel in concrete
structure, the visible cracks often appear and stabilize or propagate under loading.
In the field, the concrete structure is affected by combine factors, such as loading and marine
environment. Especially, the natural cracks maybe appear due to service loads, which are
unexpected from accidental overload or collision… Although the service life prediction of
reinforced concrete have been done with uncracked concrete in a durability design task, once
a crack appears in the concrete cover, the chloride ions are accelerated to diffuse into concrete
structure which durability, as a result, will be reduced quickly. For this reason, a model should
be proposed to predict again the chloride penetration through this crack into reinforced
concrete; and this model will become an important solution to evaluate the service life of
concrete structure remaining. Thus, it is very complicate to predict the chloride penetration in
cracked reinforced concrete due to the unclear characteristics of crack. Therefore, in this
research a tapered crack is introduced and the effects of tapered crack characteristics, such as
crack width and crack depth, on the chloride penetration are investigated. A numerical model
was proposed to predict the chloride penetration at tapered cracks of reinforced concrete
structure and this model will become an important solution to evaluate the remained service
life of concrete structure when the cracks appeared.
Conclusively, the current research will propose the models to predict the chloride penetration
into plain concrete and reinforced concrete under marine environment. Especially, the effects
of microcrack and visible crack caused by external load on the chloride penetration will be
investigated.
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2.2.2

CHLORIDE PENETRATION INTO PLAIN CONCRETE UNDER CYLIC
LOADING

2.2.2.1 Prediction of fatigue deformation of concrete under flexural cyclic load
The crack growth process of plain concrete beam with depth h, width b and span l
under flexural cyclic load can be generally divided into two stages: the fictitious crack
initiation stage and the fictitious crack developing stage. The former will occur when bending
load reaches the first crack load. In the later, as shown in Figure 2, stress distribution is
nonlinear and linear in the cracked zone and uncracked zone, respectively.
In the cracked zone, a linear crack opening profile can be expressed [13]:

x 

w   1  
 ah 

(1)

where w is the crack width at a specific location x, and  is crack mouth opening.
The stress distribution in the cracked zone, I(x), can be expressed as a function of
crack length ah, 0  a  1, and , combining stress-crack relationship and equation (1) as
below:
 
x 
 I ( x)   ( w)     1   
(2)
  ah  

Figure 2: Distribution of stress in the second stage

For flexural cyclic load, in the cracked zone, I(x) can be contributed by stress
degradation law. With plain concrete beam, the stress degradation law can be expressed as a
function of logarithm of the number of cycles:

N
 1  k log( N )
1

(3)

where N and 1 are the stresses in the cracked zone at the at maximum applied load, Papp, max,
after N cycles and the first cycle, respectively.  presents the influence of minimum crack
width formed at the minimum applied load, Papp, min, on the stress degradation. When Papp, min
equals to zero, the maximum degradation,  =1, will occur. On the contrary, the minimum
degradation,  =0, will appear when the crack width formed by Papp, min equals to that formed
by Papp, max. In this research, plain concrete was used, and Papp, min was equal to zero as shown
in Figure 3. Hence, the maximum degradation will occur,  =1.
For plain concrete, k is expressed depending on w1,N and  as:
53

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction

k   (0.08  4w1, N )

(4)

Applied load, kN

where w1,N is the crack width, in the cracked zone, formed by Papp, max at the cycle N. From
Equation (3) and Equation (4), we see that when the number of cycles increases, w1,N
increases and consequently the stress in the cracked zone reduces until N equals to zero, at
which fracture of concrete beam occurs.

Papp, max

Papp, min
Time

Figure 3: Loading procedure in flexural cyclic test

Based on the experimental data, Zhang et al 1999 proposed that 1 can be related to
tensile strength of concrete, t, and initially ramped up crack width wi where the bending load
is ramped up to Papp, max, as below:

1
 c  dwi
t

(5)

where c and d are parameters depending on wi as shown in Table 1.

Table 1 Parameters of plain concrete [13]

Material

wi (mm)
0-0.04
0.04-0.18
0.18-0.75
0.75-2

Plain concrete

c (1/mm)
1
0.569
0.321
0.187

d (1/mm)
-33.48
-8.12
-2.49
-0.84

Assumed that the stress distribution in the uncraked zone, II(x), is linear, II(x) can be
related to ah, bh and  as:



 II ( x)   t 1 

x  ah 

bh  ah 

(6)
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where bh is the depth of tension zone, 0  b  1.
At the equilibrium conditions of force and moment, following equations is satisfied:



ah

0

h

 I ( x)dx    II ( x)dx  0

(7)

ah



ah

0

h

 I ( x)(h  x) Bdx    II ( x)(h  x) Bdx  M
ah

(8)

where M is the bending moment.
Equation (7) and Equation (8) involve there unknown parameters a, b and . For a
determination of these unknown parameters, it is assumed that the crack mouth opening, ,
can be expressed as [13]:



24a
4 / ah

MV1 (a)  M /V2 (a )  
V3 (a)
BhE
E

(9)

where, E is the Young’s modulus of plain concrete.
ah

h
M /   B I ( x)  x dx
0
2


/ 

(10)

1 ah
 I ( x)dx
h 0

(11)

V1 (a )  0.33  1.42a  3.87a 2  2.04a 3 

V2 (a )  0.8  1.7a  2.4a 2 

0.66
1  a 2

0.66

(12)

(13)

1  a 2

a 

1.46  3.421  cos 
2 

V3 (a) 
2
a 

 cos 
2 


(14)

Numerical solution of the system of nonlinear Equation (7), (8) and (9) is applied to archive
results of crack length, ah, and crack mouth opening, . In the first cycle, I(x) equals to 1
according to Equation (3) at N=1. In the second cycle, the stress degradation will occur in the
cracked zone due to a closing and opening procedure of fatigue crack. A new fictitious crack
is needed so that the external load, P, can reach Papp, max in the zone where fictitious crack has
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been formed already. Hence, the stress degradation law will be applied to both the old cracked
zone and the newly developed crack zone, with N = 2 and N = 1, respectively. This procedure
will be continued until N equals to zero.
2.2.2.2 Prediction of chloride diffusion coefficient under fatigue
Considering a simple case of chloride flow through cracked concrete, total flow of
chloride can be expressed as the sum of the flow through crack and flow through uncracked
part of homogeneous material, see
Figure 4. Thus, total flux of chloride through the entire cracked concrete can be
written as follow [14]:
J tot 

J ucr Aucr  J cr Acr
Aucr  Acr

(15)

where Jtot is the total flux of chloride through entire cracked concrete, mole/m2s. Jucr is the
flux of chloride through uncracked concrete, mole/m2s, and Jcr is the flux of chloride through
cracks. Aucr and Acr, m2, are the areas, which are perpendicular to the chloride flow, of cracks
and uncracked concrete, respectively.

Jucr
W

Jcr

Chloride
solution

Jucr

Figure 4: The flux of chloride in cracked concrete

The flux of chloride can be expressed as multiplying the transport coefficient with the
driving force, F.
J ucr   Ducr F

(16)

J cr   Dcr F

(17)

J tot   Dtot F

(18)

where Ducr and Dcr, m2/s, are the chloride diffusion coefficient of the uncracked concrete and
through cracks, respectively. Dtot, m2/s, is the apparent chloride diffusion coefficient of the
cracked concrete.
Replacing Equation (16 ), (17) and (18) into Eq.(15) gives:
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Dtot 

Aucr Ducr  Acr Dcr
Aucr  Acr

(19)

Kato [9] proposed that Dcr increases with increasing the crack width and becomes
almost constant when the crack width is 75m or more. Dcr is approximately 2.5110-7 m2/s
as the crack width is smaller than 75m.
For crack due to flexural cyclic load, we adopt the simple assumption that a
single-edge crack occurs; the crack shape is straight; the crack length at the edge side is equal
to that at the bottom side of the beam (
Figure 5). Hence, crack area, Acr, can be expressed simply as:
Acr  We ah

(20)

where We, m, is the effective crack width. However, the actual crack due to flexural cyclic
load is not simply straight, it is tortuous. In order to account for tortuous effect in an actual
crack, We can be related to crack mouth opening  and the tortuosity parameter,  (1< 5):

We 




(21)

Edge side

Bottom
side

Cracks

Figure 5: Assumption of crack growth in concrete beam under flexural cyclic
load
2.2.3

EXPERIMENTAL VERIFICATION FOR MODEL

2.2.3.1 Mixture proportions and sample preparation
The concretes consist of Type I Portland cement, sand, crushed limestone
aggregate with a maximum size of 20mm and water. The concretes have
water-cement ratios, w/c, of 0.4, 0.5 and 0.6. With each mixture, cylinder
specimens, φ100 x 200mm, were prepared for the evaluation of the compression
strength at 28 days. The concretes were cast in steel moulds and covered with
plastic sheets after casting. The cylinder specimens were demoulded at one day of
age and after that cured in lime saturated up to 28 day age. Concrete beams with
dimensions of 400mm in length, 100mm in depth, and 100mm in width, which
were used for flexural cyclic test, were cast in two layers in steel moulds, covered
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by plastic sheets and also demoulded at the age of one day. Then, the prisms were
cured in lime saturated for other 60 days for tests of flexural strength and flexural
cyclic load. Mixing and casting were performed in the control room with
temperature of 22±2oC and relative humidity of 60±5%. The mixture proportions
and properties of concretes are shown in
Table 2.
Table 2 Mixture proportions used in research

Series

w/c

M.1
M.2
M.3

0.40
0.50
0.60

OPC,
kg
512
410
342

Mixing water,
litre
205
205
205

Coarse aggregate,
kg
992
992
992

Fine aggregate,
kg
636
738
806

2.2.3.2 Test of flexural cyclic load
The test of the flexural strength of concrete beam was conducted by ASTM C78 for
determination of flexural ultimate load, Pult. Then, the flexural cyclic test was performed
with different load levels, SR, which is ratio of maximum applied load, Papp, max, to ultimate
load, Pult. In the test of flexural cyclic load, Instron machine 1200kN was used to apply
third-point bending cyclic loads to concrete beams over span of 300mm (Figure 6). Deflection
values of beams at middle bottom position were measured by LVDT. The load control test
with low frequency of 0.01Hz and load levels, SR, of 0.5, 0.6, 0.7 and 0.8 was used in this
research. The load levels, SR, flexural ultimate load, Pult, and maximum applied load, Papp,
max, of different mixture series are shown in Table 3. Bending load was ramped up to the
desired Papp, max over about 20 cycles, then one-stage constant applitude fatigue loading
between Papp, max and Papp, min, where Papp, min equals to zero, was conducted. Based on
curves of relationship of load and deflection shown in Fig. 6, in each load level, the specific
number of cycles where the curves of relationship of load and deflection (herein after it is
referred as to L-D curve) changed or not changed was determined. At cycles that L-D curve
not changed and changed (N = 2000, 2500, 3000, 3200, 3500 and 3800), cubic specimens of
100mm were taken from the middle bottom position of beams by sawing, see Fig. 7. Using
these sawn specimens, crack widths of plain concrete in tension zone were measured by
optical microscopy, and the chloride diffusion coefficients of plain concretes under different
number of cycles and load levels were determined. A modified chloride migration test, which
combines ASTM C1202 and NTBUILD 492, was applied for determination of the chloride
diffusion coefficient. This modified test uses cubic specimens with a dimension of 100 mm
and a thickness of 50mm. The specimens were placed in two chambers: a chamber with 3%
sodium chloride and the other chamber with 0.3N sodium hydroxide, and an external
electrical potential of 30V was applied axially across the specimen to force the chloride ions
outside to migrate into the specimen. After 12 hours of testing duration, the specimen was
split axially and a silver nitrate solution sprayed onto one of the freshly split sections. The
chloride penetration depth could then be measured from the visible white silver chloride
precipitation. The chloride diffusion coefficient was calculated from this penetration depth
through Eq. (22). The detail of this test can refer to [15].
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D

(273  T ) Lxd
0.0239(273  T ) L 
 xd  0.0238
(U  2)t
U 2






(22)

where D is chloride diffusion coefficient, m2/s, U is absolute value of the applied voltage, V,
T is average value of the initial and final temperatures, oC, L is thickness of the specimen, mm,
xd is average value of the penetration, mm, t is test duration, hour.

Figure 6: Experimental set up and equipment used for tests of flexural cyclic
load

2.2.3.3 Fatigue crack width and crack length
In the fatigue test under load control procedure, bending load was ramped up to the
desired Papp, max over 20 cycles, the elastic displacement at this desired Papp, max, with
SR=0.7, was about 0.01mm (Gontar 2000). So, the numerical analyses of the fatigue
deformation adopt 0.007, 0.008, 0.01 and 0.011mm as the initially ramped up crack width, wi,
these fatigue deformations are corresponding to SR of 0.5, 0.6, 0.7 and 0.8, respectively.
Numerical analyses of relationships between crack width and the number of cycles for plain
concrete beam subjected to fatigue tests with different SR are shown in
Figure .
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Figure 7: Predictions of relationships of crack width and number of cycles, M1
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Figure 8: Predictions of relationships of crack length and number of cycles, M1

The theoretically calculated fatigue crack lengths of concrete beams under different load
levels with the minimum applied load, Papp,min, equal to zero are shown in
Figure 8. The fictitious crack width and crack length increased with increasing either
the number of cycles or the load level, SR. The numerical simulation clearly showed that
fictitious crack growth, in terms of crack width and crack length, can be divided into three
stages; a decelerated stage; a steady stage; an accelerated stage towards fracture. These results
are consistent with other reports (Jun Zhang 1999 and Ulfkjær 1995), and with experimental
data shown in Figure 7.
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Figure 7: Typical destructive flexural fatigue results for a load control test,
M3, SR 0.7
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Figure 8: Relationships of crack width and number of cycles, model
prediction and experimental results, M1, SR=0.7

However, as shown in
Figure 8, the numerical results of crack widths do not fit well with experimental data
obtained by optical microscopy. One reason for this is that the fatigue load may cause
multiple microcracks in concrete than results of the numerical prediction with a single crack.
Indeed, the numerical predicted crack width is larger than the measured crack width. Good
fitting between the model estimation and experimental data is found when the authors
introduce a so-called crack density parameter, μ, which takes into account microcracks beside
the main crack. μ is a function of the number of cycles, N, and load level, SR, as below:
2

 1 
    log( N )  2.2
 SR 

(23)

2.2.3.4 Chloride diffusion coefficient under fatigue
Model prediction on the effect of the number of cycles on the chloride diffusion, normalized
Dtot, in the tension zone of plain concrete beams, which are under the flexural cyclic load, is
shown in
Figure 9, 11 and 12. They clearly show that the chloride diffusion in the tension zone
increases with the number of cycles. Although microcracks are decelerated with the number
of cycles from 0 to 500, when load level SR was 0.7, as shown in
Figure ,
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Figure 8 and
Figure 8, the chloride diffusion still seems to be monotonously increasing (
Figure 9,
Figure 10 and
Figure 11). One of the reasons is that decelerated microcracks are still so small that
crack areas formed are still not large enough, compared to the whole surface area of the
specimen, to change the chloride diffusion readily. Thus, with SR=0.7, overall, when the
fatigue load was applied up to the number of cycles of 3000, the chloride diffusion is
monotonously increasing. However, from 3000 cycles, crack widths start to enhance up to the
failure, which results in large crack areas corresponding with a so-called accelerated stage of
the chloride diffusion. In this stage, cracks may not be able to heal in unloaded stage, or
cracks become irreversible to contribute for widening accesses for the chloride diffusion.
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Figure 9: Model prediction for the influence of cyclic load on the chloride
diffusion coefficient in tension zone of plain concrete beam, M1
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Figure 10: Model prediction for the influence of cyclic load on the chloride
diffusion coefficient in tension zone of plain concrete beam, M2
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Figure 11: Model prediction for the influence of cyclic load on the chloride
diffusion coefficient in tension zone of plain concrete beam, M3
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Figure 12: Relationships of load level and normalized Dtot, model prediction
and experimental results, M1, N=3500
The effect of fatigue load level on the chloride diffusion coefficient in tension
zone is shown in Figure 12. As can be seen in Figure 12, with the same mixture
series and the same number of cycle, the experiments show an increasing
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tendency of the chloride diffusion with increasing the load level. The chloride
diffusion increases significantly when we apply fatigue test with load level SR at
0.6, 0.7 and 0.8, especially at 0.7 and 0.8. The model prediction shows the same
tendency of the chloride diffusion with measurements. However, at any the load
level of fatigue test, the normalized Dtot (against the control without fatigue test,
SR=0) predicted by the model is always higher than that measured by the
experiment. A main reason is that we use the assumption of the singly straight
crack developed with the number of cycles.

Practically, with the number of cycles, the crack is tortuous and the width of the crack along
the path varies significantly. When we introduce tortuosity parameter, τ, with τ=1.65, to
account for the intrinsic tortuosity of the crack, good agreement between model predictions
and measured results, simulated crack width after considering the crack density divided by τ,
can be found.
2.2.4

MODEL FOR CHLORIDE DIFFUSION AT A CRACK LOCATION OF
REINFORCED CONCRETE

2.2.4.1 Development of Model
With macro view, in tension surface of reinforced concrete structure, there are two zones
obtaining the crack or uncrack locations. The crack and uncrack locations are defined as
Figure 13.

Figure 13. Definition for crack and uncrack locations.

At a crack location, the chloride profile is different the uncrack location, more chloride
concentration is found at crack location than uncrack location, that also induces more damage
due to reinforcement corrosion than the uncrack location. A simple approach is proposed to
predict the chloride profile at crack locations of cracked reinforced concrete by updating the
Fisk’s second Law equation (24):

Ct
 2C
 Da
t
x 2

(24)

For the plain concrete, under coupling cyclic load, the apparent diffusion coefficient of
concrete was modified by Mien [12] as:
Da  Dc ,ref . f1 (T ). f 2 (t ). f3 (h). f 4 ( SR) / 

(25)
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Where f4(SR) is a function of the dependence of Dc on the load levels (SR), the ratio of
applied load and ultimate load; and  is the chloride binding capacity of a cement, it depend
on the content component of C3A in cement.
From the experiment program, Mien [12] carried out the relationship between chloride
diffusion coefficient and load level of cyclic loading on f4(SR):
f 4 ( SR)  0.0985e7.71SR

(26)

The equation (25) was applied to model the chloride penetration in plain concrete under cyclic
load in case of appearing invisible crack. However, in the real structure, with the embedded
steel reinforcement in concrete the visible crack will occur on the reinforced concrete
structure under varying load lever. The chloride diffusion will accelerate and the chloride
profile in concrete will be quickly accumulated by increasing the chloride diffusion
coefficient.
When the cracks appear on the surface of concrete under marine environment, to evaluate the
chloride ingress into visible crack of concrete, the chloride diffusion coefficient must be
updated to become the chloride diffusion coefficient at crack location. Up to now, many
previous researches have concluded that the crack width played the role of increasing the
chloride penetration into cracked concrete. Moreover, with the cylinder specimens, they also
pointed out when the traversing crack width reached to the threshold value, the chloride
diffusion coefficient of cracked concrete could be considered constant or independent with the
crack width. These proposed threshold value of crack width are 0.60 m [10], 0.075 mm [9]
or higher 0.08 mm [8].

Figure 14.

Concept for the influence of crack depth on the chloride profile.

However, in the real reinforced concrete under flexural load, the cracks appear on the surface
of tension zone and propagate from the surface to the neutral axis due to the increasing
magnitude of loading or number of load cycles etc. In a naturally cracked reinforced concrete
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(tapered crack or V-shaped crack), crack width had an important role in chloride penetration,
but the crack depth should also be recognized as a key parameter affecting chloride
penetration and chloride profile [16]. The different depths of cracks can influence on the
chloride penetration depth and causing the differences of the chloride diffusion coefficients.
For instance, a deeper crack depth will have a deeper chloride penetration depth than a
shallower crack depth, although these cracks have the same crack width and concrete
proportion, Figure 14.
The illustration of updated chloride diffusion coefficient of the plain and reinforced concrete
with the load can be presented as follow, Figure 15.

Figure 15. The illustration of updated chloride diffusion coefficient.
Consequently, the chloride diffusion coefficient has to be modified to become the chloride
diffusion coefficient at crack locations of reinforced concrete, that the influences of crack
characteristics should be included as follows:

Dacr  f (W , L, Duncr )

(27)

Where: Dacr is the chloride diffusion coefficient at crack location, is a function considering the
dependence of chloride diffusion coefficient at crack location on that at uncrack location
(Duncr), the crack width (W) and crack depth (L).
The concept of chloride diffusion coefficient at a crack location is illustrated in Figure 16. The
chloride ions will diffuse in cracked concrete following two states. Firstly, the chloride ions
will diffuse through the crack region and are governed by the chloride diffusion coefficient at
crack region (Dcr). Then, the chloride ions continually diffuse in the un-cracked concrete
region at the tip of crack and governed by the chloride diffusion coefficient of un-cracked
concrete (Dun-eff) corresponding with an effect of crack depth on it. In this research, the
crack depth is defined as the straight length from the crack mouth along crack plane to where
that has a crack width of 30 µm. Because when the crack width less than 30 µm, there is
insignificant for chloride diffusion [7; 8]. Therefore, in this study, it is termed as respective
crack depth.
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Figure 16. The concept for chloride diffusion coefficient at crack location of
reinforced concrete

By the assumption above, an average of chloride diffusion coefficients ( Dav ) is proposed as
follows:

Dacr  Dav 

Dcr  Dun eff

(28)

2

Where: Dcr is the chloride diffusion coefficient through a crack is calculated basing on the
crack width (w) proposed by Djerbi [8], following equation below:
 Dcr (m 2 / s )  (2 x1011 ) w  4 x1010 , when 30 m  w  80 m

2
10
when w > 80 m
 Dcr (m / s )  14 x10 ,

(29)

However, in the research of Djerbi [8] the traversing crack was observed with crack walls are
separate and parallel, but in this research, the cracks of reinforced concrete is a tapered crack
with the crack width is reduced in correlation to the crack depth. Therefore, the average crack
width (Wav) is proposed as equation (30) and is approximately calculated by average of W1
and W2:

wav 

w1  w2 w1  30

2
2

(30)

Where: w1 is crack mouth (  m ). w2 = 30  m .
With the effect of crack depth, the chloride diffusion coefficient of uncracked concrete region,
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which is the region above the crack tip (Figure 16), will be a function of crack depth:

Duneff  f ( L, Duncr )

(31)

Where: L (mm) is the respective crack depth; Duncr is the chloride diffusion coefficient at
uncracked location of concrete.
A correlation of the chloride diffusion coefficient Dun-eff to the crack depth (L) would be found
by an experiment. The concept of this experiment reflects the relationship between chloride
penetration depth at crack and uncrack locations in correlation to crack depth, Figure 17;
where: xuncr is the chloride penetration depth at uncrack location, L is the crack depth, xcr-eff is
the chloride penetration depth at crack location (crack tip), effected by crack depth.

Figure 17. The concept of the chloride penetration depth at crack and uncrack locations of
reinforced concrete.
This experiment will be based on the short-term diffusion test (STDT) [17], a basis of
chloride migration test, which is modified by combination of ASTM C1202 [18] and Nordtest
NT build 492 [15], Figure 18. Moreover, in this test, the shape of applied voltage cell was
modified to change from cylinder-shape specimen to cubic-shape specimen.

Figure 18. Set up of short-term diffusion test combined by ASTM C1202
and Nordtest NT build 492.

Based on Nordtest NT build 492 [15], the chloride diffusion coefficient is determined as
follows:

Duncr 

Rt xuncr   xuncr
.
zFE
t

(32)
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And:

Dcr eff 

Rt xcr eff   xcr eff
.
zFE
t

(33)

Where:
 2


2c 
RT
.erf 1  1  d  E  U  2
zFE
c0 

L
;

z: absolute value of ion valence, for chloride, z = 1; F: Faraday constant, F = 9.648 ×104
J/(V.mol); U: absolute value of the applied voltage, V; R: gas constant, R = 8.314 J/(K.mol);
T: average value of the initial and final temperatures in the anolyte solution, K; L: thickness
of the specimen, m; t: test duration, seconds; erf–1: inverse of error function; cd: chloride
concentration at which the color changes, cd ≈ 0.07 N for OPC concrete; c0: chloride
concentration in the catholyte solution, c0 ≈ 2 N.
2.2.5

EXPERIMENTAL

2.2.5.1 Preparation of Specimens

Table 3. Mix proportion and properties of concrete.
Mix

W/C Cement Water
(kg)
(kg)

Sand
(kg)

Coarse Agg. Av. Comp.
Str. (MPa)
(kg)

Av. Slump
(cm)

1

0.4

513

205

664.14

1,024

48.1

7.5

2

0.5

410

205

748.62

1,024

39.3

8.5

3

0.6

342

205

804.93

1,024

32.8

8

In this study, three types of water-cement ratio (W/C) in mixtures investigated are 0.4, 0.5,
and 0.6. The ASTM Type I Portland cement (OPC) was used; concrete proportions for
studying are presented in Table 3. The sand and coarse aggregate were washed and dried prior
to casting to remove any initial chloride content. For each type of concrete proportions, the
beams with size of 100x100x500 mm were cast. After curing during 28 days, the single crack
on the tension surface of each beam was generated by the bending moment with three-point
load; the crack depth was controlled by varying magnitude of load applied. These pre-cracked
reinforced concrete beams will be used for two experimental programs:
 To observe the influence of crack depth on the chloride diffusion coefficient (Dun-eff).
 To validate for prediction model of chloride profile at tapered cracks of reinforced
concrete.
2.2.5.2 Testing the Influence of Crack Depth on the Chloride Diffusion Coefficient
The cubic specimens containing a single crack were sawed from the pre-cracked reinforced
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concrete beams. Before conducting the chloride diffusion test, the correlation of the crack
depth to crack width along crack plane of the cubic specimen is measured on both crack sides
of the cubic specimen by digital microscope. The crack mouth on the tensile surface of cubic
specimen was measured at 9 points of interval distance of 1 cm. The applied volt for testing
was 60 V. The duration time of testing was 10 hours. After testing STDT, the cubic specimens
were split into two parts. The silver nitrate 0.1 M was then sprayed on the split surface of the
concrete. After 15 minutes, the chloride penetration depth was measured as visible white
precipitation of silver chloride at crack tip. Figure 19 shows an experimental result of the
chloride penetration depths at uncrack and crack locations.
Figure 20 shows the experimental results of the influence of crack depth on the chloride
diffusion coefficient by STDT. The results also indicate the values of chloride diffusion
coefficient for W/C of 0.6 were higher than W/C of 0.5 and 0.4 at the same depths of cracks.
At the same depths of cracked concrete, the chloride diffusion coefficients are still govern by
effects of concrete proportions, typically, water-cement ratios. Because the chloride diffusion
takes place in the crack and in the matrix of concrete, the different performances of matrix
concrete govern by concrete proportions cause the varying chloride diffusion coefficient.

(a)
Figure 19.

(b)

Chloride penetration depth at uncrack location (a) and crack location
(b).

Normally, a higher concrete performance will bring out a lower chloride diffusion coefficient
[19]. Furthermore, in the experimental results, the trends of increasing chloride diffusion
coefficient in the correlation of crack depth are similar when the water-cement ratios are
varied. It can be concluded that the trend of increasing the diffusion coefficient of chloride,
when the crack depth varies, is independent with the proportion of concrete (W/C). From the
linear regression of experimental results, an equation describing the influence of crack depth
(L) on the chloride diffusion coefficient at crack zone of reinforced concrete is presented as
follows:
Dun eff  0.58L *1012  Duncr

(34)

Where: L is respective crack depth (mm).
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Figure 20. The influence of crack depth on the chloride diffusion coefficient by STDT
2.2.5.3 Testing the Chloride Profile at Uncrack Location and Crack Location
The back-to-back pair of reinforced concrete beams containing a single crack was immerged
into salt solution of Nacl 10%. After immersion periods of 2, 4, 6, 8, 16 weeks, these beams
were kept at room temperatures for several days to thoroughly dry the surface. Then, a drill
bit having a diameter of 1 inch was used to drill a hole on the tensile surface of reinforced
concrete beam to collect the concrete powder. The samples of the concrete powder of 10 gram
will be collected in interval depth of 5 - 10 mm. To verify the proposed model for predicting
chloride profile at crack location, the concrete powder samples on crack location were
obtained, Figure 21, they were then analyzed by the conventional chemical analysis [20]. the
concrete powder samples at uncrack location would be also collected to find out the apparent
chloride diffusion coefficient at uncracked zone following the procedures [21]. The
experimental results of the preparation process, such as crack width and crack depth, and the
apparent chloride diffusion coefficient at uncrack location, are showed in Table 4.

Figure 21. The locations for collecting chloride profile
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Table 4. Experimental results of crack characteristics and chloride diffusion coefficient
Immersion
periods
W/C
(week)
0.4
0.5
2
0.6
0.5
4
0.6
0.4
0.5
6
0.6
0.4
0.5
8
0.6

16

Crack
mouth
(W1, mm)
0.058
0.077
0.081
0.093
0.083
0.045
0.052
0.072
0.089
0.074
0.096
0.107
0.101

Crack
No.

1
1
1
1
1
1
1
1
1
1
1
1
2

0.5

Respective crack
depth (L, mm)

32.5
36
32
41.5
41.5
21.5
27.5
33
42
31.5
50.5
45.5
45

Apparent chloride diffusion
coefficient at uncrack location
(Duncr), (m2/s)
3.77E-11
5.33E-11
8.87E-11
3.16E-11
4.74E-11
3.77E-11
2.19E-11
2.28E-11
2.47E-11
2.43E-11
3.25E-11

1.65E-11

2.2.5.4 Verification for model
The equation (29) describes the effective chloride diffusion coefficient ( Dcreff ). In the
calculation chloride profile, the effects of chloride binding capacity and the hydration time on
the chloride diffusion have to be involved in equation (29) to become the apparent chloride
diffusion coefficient ( Dcrapp ) as follows:
a

app
cr

D

 28 
 D *  / 
 t 
eff
cr

(35)

Where: t is the age of concrete (day); a is the experiment coefficient, 0.3 for OPC [1];  is the
chloride binding capacity of a cement [12].

  (1   )

(36)

  0.56  0.025C3 A

(37)

C3A is a hydration compound of the cement.
By applying the Fick’s Second Law, equation (24), and the chloride diffusion coefficient at a
crack location of reinforced concrete, equation (28), the chloride profile at crack location is
calculated. Subsequently, the comparisons between the predicted and experimental results in
the different immersion periods are shown in Figure 22 to Figure 34.


2-week immersion in salt solution
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Figure 22. Comparison between predicted and experimental results (W/C =
0.4).

Figure 23. Comparison between predicted and experimental results (W/C = 0.5).

Figure 24. Comparison between predicted and experimental results (W/C = 0.6).


4-week immersion in salt solution
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Figure 25. Comparison between predicted and experimental results (W/C = 0.5).

Figure 26. Comparison between predicted and experimental results (W/C = 0.6).


6-week immersion in salt solution

Figure 27. Comparison between predicted and experimental results (W/C =
0.4).
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Figure 28. Comparison between predicted and experimental results (W/C = 0.5).

Figure 29. Comparison between predicted and experimental results (W/C = 0.6).


8-week immersion in salt solution

Figure 30. Comparison between predicted and experimental results (W/C = 0.4).
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Figure 31. Comparison between predicted and experimental results (W/C = 0.5)

Figure 32. Comparison between predicted and experimental results (W/C = 0.6)


16-week immersion in salt solution

Figure 33. Comparison between predicted and experimental results (W/C =0.5; Crack1).

76

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction

Figure 34. Comparison between predicted and experimental results (W/C =0.5; Crack2).
The proposed model used the surface chloride concentration at crack location and average
chloride diffusion coefficient (Dav) to predict the chloride profile at crack location of
reinforced concrete. The predicted results fitted very well with the experimental results,
except the samples immerged in salt solution during initial 2 weeks. In this case, an
explanation is proposed that the experimental results for chloride penetration are governed by
the mechanism of movement of bulk chloride solution due to capillary suction, which
primarily controls the chloride transport thought the whole crack at the initial ages of
immersion. Then, the mechanism of chloride diffusion would be taken as follows Fick’s
second law. Inversely, the predicted results are obtained by derivation of Fick’s second Law
equation, which is applied for only diffusion mechanism. However, like a sufficient long age
of immersion, cases of immersion periods longer than 4 weeks, only diffusion mechanism still
controls the chloride penetration into concrete. Therefore, there is a good agreement between
the experimental results and predicted results, since the immersion periods were larger than 4
weeks.
2.2.6

TWO DIMENSIONAL CHLORIDE DIFFUSIVITY MODEL OF CRACKED
REINFORCED CONCRETE

2.2.6.1 Two dimensional chloride diffusivity model of cracked reinforced concrete
To describe the diffusion of chloride ions into concrete member under saturate condition, the
Fick’s second Law equation is applied:

Ct
 2C
 Da 2
t
x

( 38)

Equation (38) is valid only for one-dimensional diffusion where the chloride diffusion is
leaded following one direction that is along the depth of the concrete member. In modelling
two-dimensional chloride diffusion, equation (38) will be modified to become a given
equation as follows:
  2 C  2C 
Ct
 Da  2  2 
t
y 
 x

( 39)
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The equation (39) accompanies with an assumption that the concrete
structure is homogeneous and chloride diffusion coefficients are similar following
two directions.
Thus, it is very difficult and complicate to model or measure the chloride concentration,
chloride diffusion coefficient inside and around crack because characteristics of crack are
tortuous and roughness. Moreover, the chloride diffusion coefficient of cracked concrete
varies continuously corresponding to crack width along the crack plane. When surveying the
chloride diffusion through a crack of concrete, previous studies took into account that there
were lower and upper threshold values of crack width, (w1, w2 respectively) in which:
 When the crack width (w) < w1, the influence of crack on the chloride diffusion through
itself can be ignored. No chloride diffusion occurs along the crack path, because the
crack would be blocked by self-healing due to deposition of hydration products in the
crack path.
 When w1 ≤ w ≤ w2, the hydration products cannot block the crack completely, so
chloride diffusion will happen in the unblocked parts. However, the chloride diffusion
capacity reduced along the crack plane due the mechanical interactions between the
fractured surfaces when the crack opening is reducing. In this region, the diffusion
capacity of chloride ions would be depended on the crack width.
 When w>w2, the hydration product cannot block the crack, the environment among
crack planes can be considered as the environment on exposed surface. Alternatively,
the chloride concentration among crack planes can be assumed to equal to that in the
solution.
The surveying for lower (w1) and upper (w2) threshold values of crack width is shown in
Table 5. The different threshold values of crack width varied in previous researches come
from the different materials and crack generation methods.
Table 5 The lower and upper threshold values of crack width influencing on
chloride diffusion.
Sources
Takewaka [5]
Ismail [6]
Francois [22]
Kato [9]
Ismail [7]
Djerbi [23]
Wang [10]

w1 (m)
50
53
30
30
30
-

w2 (m)
100
60
75
205
80
60

Material
Mortar
Inert
Concrete
Concrete
Mortar
Concrete
Concrete

When the crack appears on the concrete structure, the chloride content in crack will strongly
increase in correlation to the chloride diffusion coefficient. Following two dimensions, the
chloride ions will penetrate into concrete through crack and un-crack concrete. In the field,
there are several mechanisms for chloride transport in cracked concrete: capillary suction,
permeation, diffusion or migration, depending on the saturate condition of concrete or the
environment condition. For instance, Paulsson-Tralla [24] proposed the main transport
mechanisms for chloride penetration into cracked concrete in deicing environment were
diffusion and convection due to capillary suction of deicing water. In this research, the
saturate condition of concrete is a scope of research. Although, the chloride transport
mechanism in concrete under the saturate condition is only the diffusion mechanism [25; 26].
However, with cracked concrete, the chloride transport mechanisms become complicate due
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to the influence of crack walls acting as capillaries. Therefore, when a cracked concrete is
immerged into salt solution, the mechanisms of chloride penetration are assumed, including
moving mechanism of bulk salt solution in whole crack in an initial stage by capillary suction,
then, a diffusion mechanism of chloride ions from exposed surface into the whole crack and
uncracked concrete region takes place. This assumption will be investigated as a simple
approach [27].
2.2.6.2 The movement mechanism of bulk salt solution
The movement mechanism of bulk salt solution is to transport the bulk salt solution from the
exposed surface to inside whole crack by capillary suction. Then, this solution volume will
present and occupy among the crack planes. To approach simply, the movement mechanism
of bulk salt solution by capillary suction will be instead by an assumption that the salt solution
always present in the whole crack as a boundary condition. Because the time for moving of
bulk salt solution from the exposed surface through crack wall to crack tip is very short when
comparing with the exposed duration of structures, the movement of bulk salt solution
depended with time will be ignored. By this assumption, the moving mechanism of bulk salt
solution at initial stage is replaced by the chloride surface content located along the crack
plane as the boundary condition for the second dimensional diffusion. In this assumption, the
chloride surface content located along the crack plane will be also assumed to be dependent to
crack width:
 When the crack width is larger than 60 m, the environment in whole crack can be
considered as the environment on exposed surface. So, in this section, the chloride
concentration depth, perpendicular to crack plane, could be assumed to equal the
chloride concentration depth from exposed surface of un-cracked concrete (Figure 35).
This assumption was also proved by [28]. It also means the surface chloride content at
crack plane is similar to that at exposed surface.
 In addition, when the crack width reduces from 60 m to zero along crack plane, the
magnification of surface chloride content could be linearly reduced from chloride
concentration on exposed surface to zero following equation below:

0  Csy  Cs

Csy  Cs

Csx  Cs

Figure 35. The concept of the 2D surface content and diffusion coefficient of
chloride for cracked concrete
79

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction

Csy =Csx =Cs when w  60  m

y
 0  Cs <Cs when 0  m  w < 60  m

(40)

2.2.6.3 The diffusion mechanism of chloride ions into cracked concrete
After the movement of bulk chloride solution took place in whole crack, the diffusion
mechanism for chloride ions through the crack would begin. In the diffusion mechanism, the
chloride ions will be diffused into concrete member by diffusion mechanism due to higher
chloride concentration of the exposed environment to lower that. It takes place at cracked
concrete and matrix (un-cracked concrete) at the same time, and specified by the chloride
diffusion coefficients.
The chloride diffusion through a crack of concrete was very complicated and depended on the
crack width opening. The chloride diffusion coefficients of cracked concrete (Dcrack) are
assumed based on the lower and upper threshold values of crack width. In this assumption,
the chloride ions will diffuse into concrete through whole crack having three zones divided by
the lower and upper threshold values of crack width. In this research, the lower threshold
value of crack width chosen is 30 m and the upper threshold value of crack width chosen is
60 m, Figure 35.
 In zone 1, from exposed surface to the crack width of 60 m, the environment is
considered as the environment on exposed surface and the diffusivity of chloride ions in
crack is assumed as in bulk water. So, the chloride diffusion coefficient in this zone will
equal the diffusion coefficient of ions in bulk water (D0), approximately 2.03 x 10-9
(m2/s) [29; 30].
D1crack = D0 = 2.03 x 10-9 (m2/s)



(41)

For zone 2, where the crack width reduce from 60 µm to 30 µm, the chloride diffusion
coefficient is assumed to reduce linear with reduce in the crack width, expressed by
equation below [8]:
D2crack = 2E-11*W – 4E-10 (m2/s), with 30µm ≤ W < 60µm.
(42)



With the zone 3, where the crack width reduce from 30 µm to crack tip (0µm ≤ W <
30µm). In previous researches, the influence of crack on the chloride diffusion
phenomenon can be ignored; it means the chloride diffusion coefficient in this zone will
equal that in uncracked concrete. In fact, the chloride diffusion coefficient must reduce
linear from D2crack (at crack with (W) = 30 µm) to the chloride diffusion coefficient of
un-crack concrete (Duncr). However to simply calculate, it is calculated as the average of
D2crack (at W = 30 µm) and Duncr.
D3crack = (2E-11*30 – 4E-10 +Duncr)/2 = (2E-10 +Duncr)/2 (m2/s).

(43)

Conclusively, in this research the initial and boundary conditions for the chloride penetration
into cracked reinforced concrete is applied as follow:
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 Ct
  2C  2C 

D

x  0, t  0,

a 
2
 y 2 
 t
 x

L: crack depth
 C (0, 0  y  L , 0)  C s
 C ( x , y , 0)  0
x  0, y  0.


2.2.6.4 Numerical analysis by ANSYS program
The equation describing the two dimensional diffusivity of chloride ions has the form being
similar to the thermal equation. In order to derive this equation, the ANSYS program based on
the finite element method is employed. By using thermal module of ANSYS program, the
input data include the chloride diffusion coefficient of cracked and uncracked concrete, the
chloride surface content of uncracked concrete, and crack characteristics (Table 6). In ANSYS
program, the analysis type of transience is chosen to calculate the chloride concentration at a
given point in the medium with time dependent. The solid 2D - 4 node liner element was
chosen to mesh the model. With the size of 100 mm for beam model, the element size of 1mm
was chosen to modelling.
Table 6. The experimental results for input data of model.
Beam No.

W/C

Crack depth at (mm)

(m2/s)

Cs
(% weight
of
concrete)

Exposed
duration
(week)

app
Duncr

W = 60 (µm)

W = 30 (µm)

Tip

1

0.5

23.5

41.5

57

3.16E-11

0.59

4

2

0.6

19

41.5

64

4.74E-11

0.82

4

3

0.4

23

42

57.5

2.46E-11

0.97

8

4

0.5

11.5

31.5

50

2.43E-11

1

8

5

0.6

28.5

40.5

72

3.25E-11

0.86

8

6 (EPMA)

0.5

25.5

44

65.5

1.79E-11

0.54

12

In this model, the boundary conditions of exposed surfaces will be attributed by the surface
chloride content. The experimental diffusion coefficient at uncracked location is used for two
-dimensional analysis of chloride penetration using finite element formulation from ANSYS
program. The crack plane is treated as an exposed surface having the surface chloride content
is a function of crack width varying along crack plane, while chloride concentration at the
exposed surface is assumed constant. The analytical computation results are illustrated in
these figures below:
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Figure 36. The 2D chloride diffusivity model of cracked concrete beam 1

Figure 37. The 2D chloride diffusivity model of cracked concrete beam 2
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Figure 38. The 2D chloride diffusivity model of cracked concrete beam 3

Figure 39. The 2D chloride diffusivity model of cracked concrete beam 4

83

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction

Figure 40. The 2D chloride diffusivity model of cracked concrete beam 5

Figure 41. The 2D chloride diffusivity model of cracked concrete beam 6.
2.2.6.5 Verification for proposed 2D model
It is very difficult to validate the two dimensional diffusivity of chloride by the complication
of preparing and comparing with the experimental results. Furthermore, because the
distributions of chloride concentration around the crack are extremely complicate, these are a
lack for finding a method to determine the chloride concentration around the crack plane. In
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this research, two experiment programs are proposed for determining chloride concentration
distribution in cracked concrete. These experimental results will be used to compare with the
predicted results for validating the proposed model. In first experiment program, the concrete
powder samples will be collected by drilling holes at interval depth near crack plane. Then,
these concrete powder samples will be analyzed to determine the chloride content by
conventional chemical analysis method [20]. Second experiment program is to employ the
electron probe microanalysis (EPMA) to plot the image map of chloride concentration
corresponding with a colorimetric [31]. There are five crack beams for verification by
conventional chemical analysis method and one crack beam for verification by EPMA, Table
6.
Verification program by chemical analysis method
The concrete powder samples were collected at locations close to crack plane of cracked
beams. On each cracked reinforced concrete beams, drilled holes for collecting concrete
powder have the different distances from the crack plane, Figure 42. The diameter of these
holes was 25 mm. The interval depth for collecting the concrete powder was 10 mm. The
minimum weight of each sample of concrete powder was 10 g. Then, the conventional
chemical analysis method [20] was employed to find out the total chloride content at interval
depth in each concrete samples.

Figure 42. Beam 3 - The chloride profile locations at distances of 30mm and
50 mm from crack plane.

The predicted results of chloride content were extracted from model of ANSYS program. The
advantage of ANSYS program is able to plot the magnitude of chloride content of
computation model at any wanted points. Then, these predicted results of chloride content are
compared with the experimental results of that of concrete powder samples around the crack
plane. They are expressed in figures below:
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Figure 43. Beam 1 - The comparison of predicted and experimental results at
30mm away from crack plane.

Figure 44. Beam 2 - The comparison of predicted and experimental results at
41mm away from crack plane.

Figure 45. Beam 3 - The comparison of predicted and experimental results at
30mm away from crack plane.
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Figure 46. Beam 3 - The comparison of predicted and experimental results at
50mm away from crack plane.

Figure 47. Beam 4 - The comparison of predicted and experimental results at
30mm away from crack plane.

Figure 48. Beam 4 - The comparison of predicted and experimental results at
40mm away from crack plane.
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Figure 49. Beam 5 - The comparison of predicted and experimental results at
32mm away from crack plane.

Figure 50. Beam 5 - The comparison of predicted and experimental results at
42mm away from crack plane.

By applying the proposed 2D chloride diffusivity model, the experiment results of the surface
chloride content (Cs) at the uncrack location, chloride diffusion coefficient of uncrack
concrete and the crack characteristics, the distribution of chloride content around the crack
plane of reinforced concrete could be predicted. Regarding figures above, it could be
recognized that both the experiment results and predicted results show the chloride content
corresponding to the depth of concrete were reducing from exposed surface to inner concrete.
In addition, the experiment results and predicted results of chloride content fit well for most
cases. Their deviations are accepted although the errors could be obtained by the influence of
crack tortuosity. From the verify program and comparison with the experiment results, the
reliability of the proposed model could be accepted because of the tortuosity, unity, straight of
crack plane that can influence on accuracy of the experimental results at compared locations.
Verification program by EPMA test
The element distribution measurement results by EPMA test of beam no.6 (Table 6) are
plotted in Figure 51. The chloride concentration distributes densely at the exposed surface and
around crack plane. It indicates that chloride penetration into inner concrete matrix is follow
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2D diffusivity, one from exposed surface and another one from crack plane. Moreover, the
quantification of chloride concentration also reduces from exposed surface to inner concrete;
this trend is also similar from crack plane. Furthermore, the results also indicate the chloride
ions only penetrate in the paste part, the chloride ions do not seem to penetrate into coarse
aggregate. Figure 52 shows the predicted results of chloride concentration distribution for
beam no. 6 with a marked area corresponding to the experimental area conducted by EPMA.

Figure 51. The EPMA results of characteristic X-ray strength for beam no. 6.

Figure 52. The predicted results of chloride concentration distribution for
beam no. 6.
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A comparison of color element distribution between predicted results and experimental results
(EPMA) of cracked beam no. 6 is shown in Figure 53. This figure shows the change of visual
color metric in the elements seem similar between predicted results and experimental results
when try to ignore the color map of coarse aggregate. It seem that there is the less chloride
concentration distributed at the crack plane where crack width was larger than 60 m. In the
literature reviews and proposed model, this area was proposed as the exposed environment.
Because there were two values for the upper critical crack width of 60 m or 80 m, the value
of 60 m was chosen for current proposed model. Therefore, it is necessary to verify again the
assumption of upper critical crack width by comparison for total chloride content at this area.

Figure 53. The comparison of color element distribution between predicted
results and experimental results of cracked beam no. 6.

To further validate and increase the precision of the proposed model for 2D chloride
diffusivity into cracked reinforced concrete, a further comparison between predicted results
and experimental results will be performed.
In Mori’s research [32], the materials used was normal concrete and testing conditions were
acceleration voltage of 15kV, beam current of 100 nA, pixel size of 100 m, probe diameter
of 50 m. The relationship between total chloride concentration and X-ray intensity was
conducted by Mori, and expressed as an equation below:

y  65.48x  4.78

(44)

Where: x is the concentration of chloride ions (mass %); y is the X-ray intensity; constant of
4.78 is the intensity of background for Mori’s experiment.
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Figure 54. The correlation between chloride concentration and X-ray
intensity for normal concrete [32].

Figure 55. The correlation between chloride concentration and X-ray
intensity for normal concrete.

To increase the accuracy of Mori’s results, Figure 54, some self-conducted experiment results
was added to the account of the relationship between X-ray intensity and chloride
concentration. This results is plotted in Figure 55.
However, in current research, the intensity of background found by experiment was 3.6, so the
relationship between X-ray intensity and chloride concentration was rewritten as follow:

y  60 x  3.6

(45)

Where: x is the concentration of chloride ions (mass %); y is the X-ray intensity; 3.6 is the
intensity of background for current experiment.
Generally, after the EPMA analysis, the characteristic X-ray strength of each atom is plotted
as the color image map. By using the equation (45), the total chloride concentration will be
converted from the characteristic X-ray intensity of EPMA.
The chloride profile along a randomly chosen line converted from EPMA will be compare
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with the predicted results of chloride profile extracted from ANSY program. In specimen of
beam no. 6, there are two lines, which are randomly chosen, presented in Figure 56. The
comparisons for chloride profile of experimental results and predicted results of these lines
are shown in Figure 57 and Figure 58. From these figures, they show that the fitting is well
between experimental results and predicted results. It also indicates the assumption of upper
critical crack width of 60 m is suitable.
The experiment results were calculated by average of chloride content of points in the blocks
along the lines. However, it also shows that the experimental results are quite lacking in
convergence. The reason is the width of blocks along these lines is small. In addition, it is
impossible for increasing the width of these blocks to larger because the results would be
changed and it would not represent for the line location. It is evident to recognize that the
experimental result of chloride profile of lines decrease at the coarse aggregate where the
chloride content is zero.

Figure 56. The locations of line 1 and 2 for extracting chloride profile of beam
no. 6
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Figure 57. Comparison of the chloride profile (Line 1) between predicted and
experimental results of cracked beam no. 6.

Figure 58. Comparison of the chloride profile (Line 2) between predicted and experimental
results of cracked beam no. 6.
2.2.7

CONCLUSION

1. A model for the calculation of the chloride diffusion coefficient at cracked reinforced
concrete beams was proposed. In this model, the chloride diffusion coefficient at crack
was updated from the chloride diffusion coefficient of uncrack concrete and was
described as a function of the crack width and crack depth. Applying the proposed
model of chloride diffusion coefficient, a model for chloride diffusion at crack location
of reinforced concrete under marine environment was also proposed base on the basic
of Fick’s Second Law. An experiment program was prepared to verify the proposed
model. The predicted results of chloride profile fitted very well with the experimental
results when the immersion periods were longer than 4 weeks. Because a limitation of
this model only describes the chloride diffusion mechanism, contrary to initial periods
of immersion that the mechanism of capillary suction strongly effect on the chloride
transport. However, the effect of capillary suction mechanism will reduce at time and
replaced by diffusion mechanism.
2. With another view, the chloride diffusion into cracked reinforced concrete was
recognized following two-dimensional (2D) diffusivity. Therefore, a model of 2D
chloride diffusion into cracked reinforced concrete was proposed and was analyzed by
ANSYS program. This model assumed the crack plane acted as the second exposed
surface in addition to tension surface. Two new experiments were also conducted to
observe the chloride diffusion through a crack of reinforced concrete under flexural
loading. In the first experiment, the chloride profiles were obtained by conventionally
chemical analysis. The analytical results of model fitted well to experimental results.
In the second experiment, the EPMA test was employed to plot the characteristic X-ray
strength of chloride concentration distribution around a crack like a color image map.
This 2D color image map was compared with predicted result extracted from
ANSYS program. The comparison result was quite well; due to the effects of crack
tortuosity and the distribution of coarse aggregate on the experimental results, causes
the reduced accuracy.
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3. In most cases, cracks are not able to reduce the load carry capacity of reinforced
concrete or cause collapse of reinforced concrete because of the small crack width, less
than maximum threshold crack width or crack residue upon elastic stage. However, the
cracks may unprofitably effect on the durability and damage of reinforced concrete
structure by providing the free access for movements of chloride ions from marine
environment. The benefits of research is providing the models, which can be used to
predict the chloride threshold induced corrosion of the reinforced concrete, evaluate
the durability of concrete structure or the service life of reinforced concrete structure
when chloride ions attack via cracks of reinforced concrete.
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2.3

Durability Monitoring on RC Structures using “Shirasu concrete” in
Marine Environment

ABSTRACT
A kind of the volcanic ashes called "Shirasu", abundantly deposited due to a big
pyroclastic flow in the southern part of Kyushu Island, Japan, in 20 to 100 thousand years ago,
is one of the unused natural resources. Shirasu has high quantity of volcanic glasses in its
mineral compositions and has pozzolanic reactivity. From previous studies, Shirasu concrete,
in which Shirasu used as fine aggregate, has long-term durability concerning to salt attack,
sulfate attack, reactivity of ASR, and etc. In this research, an exposure test of reinforced
Shirasu concrete is carried out to clarify the durability in actual marine environments, using
long size specimens which are set up straightly through splash, tidal, and under the sea zone.
Though the experiment is still continuing, from the results of non destructive observations and
monitoring data during 3 years exposure, high durability of Shirasu concrete against
chloride-induced deterioration was confirmed.
Keywords: Shirasu concrete, durability, chloride-induced deterioration, marine environments
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2.3.1

INTRODUCTION

Since Japan is an island country with long coastal lines, durability of concrete structures
in especially marine environment is one of the most important problems. On marine structures,
roughly three environmental zones are identified such as the under the sea zone, the tidal zone,
and splash zone, and different deterioration mechanisms are known depending on zone
(Hamada, T., et al. 2002). For each zone, a lot of variable results have been obtained from the
previous researches about the factors which effect on chloride diffusion and corrosion
property of rebar in concrete (Shimomura, T., et al. 2003, Takewaka, K., et al. 2003, Raupach,
M., et al. 2006). In most of actual cases, however, marine structures are constructed through
every three zones and take the interactive effect of these different zones. To realize the
deterioration mechanism and durability of concrete structures in actual marine environment,
interactive effect of these three zones should be considered.
On the other hand, recently in Japan, shortage of natural aggregate for concrete has been a
serious problem, and it is necessary to try to use the unused natural resources and industrial
wastes as a new aggregate. In southern part of Kyushu Island, Japan, enormous volume of an
unused natural resource called “Shirasu” deposited due to a big pyroclastic flow in about 20
to 100 thousand years ago is existing (Fig.1). It is sandy but porous material with the large
amount of very fine particles. It also has high quantity of volcanic glasses in its mineral
compositions and has been confirmed to show pozzolanic reaction. In our research project,
Shirasu concrete in which Shirasu is used as fine aggregates is developed. From the previous
studies, Shirasu concrete has long-term durability concerning to salt attack, sulfate attack,
reactivity of ASR, and etc. (Yamaguchi, T. et al. 2003, Maeda, S. et al. 2006, Takewaka, K. et
al. 2004, Nishiyama, S. et al. 2004).
From the both above points of view, in this study, an exposure test of reinforced Shirasu
concrete is carried out to clarify the durability in actual marine environments, using long size
specimens which are set up straightly through the splash, tidal, and under the sea zone. Since
10 years exposure is planned for this project, experiment is still continuing. Thus, the results
of non destructive observations and monitoring data during 3 years exposure are illustrated in
this paper.

Figure 1: Source of Shirasu
2.3.2

MATERIALS AND EXPERIMENTS

2.3.2.1 Characteristics of Shirasu as fine aggregate
Since Shirasu is pyroclastic flow deposit, it contains fine powder, which is defined as the
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particles having smaller than 75 m in diameter. The size distribution of Shirasu particle is
shown in Figure 2. The contents of the fine powder in Shirasu are substantially larger than
that of the standard aggregate. The results of the physical tests of Shirasu from different
sources were shows in Table1. Shirasu has about 80% of the density and nearly three times of
the absorption capacity as compared with the sea sand. Figure 3 shows the microscopic
condition of Shirasu particle. From the result, it is confirmed that Shirasu particle has the
rugged surface and seems to be a porous material. Table 2 shows the chemical composition of
Shirasu. A fact of containing more than 70% of silica compound in Shirasu suggests that it has
pozzolanic reactivity.
Table 1 Physical Characteristics of SHIRASU
Physical Characterristics

SHIRASU 1

SHIRASU 2

SHIRASU 3

Sea sand

Density of surface-dry state (g/cm )

2.15

2.20

2.16

2.5 - 2.7

Absorption capacity ratio (%)

6.74

6.54

8.48

1-3

Content ratio of the fine powder (%)

23.11

20.11

27.55

less than 5.0

Fineness modulus of aggregate (F.M.)

1.60

1.75

1.12

2.0 - 3.5

Solid volume ratio (%)

56.09

55.11

50.97

55 - 65

3

Percentage of mass passing
through sieve (%)

100
Shirasu

80
60

The range of
grading of the
standard fine
aggregate

40
20
0
0.01

0.1

1

10

Nominal openings of sieve (mm)

Figure 2: The size of distribution of Shirasu particle
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Figure 3: Microscopic condition of Shirasu particle
Table 2 Chemical composition of Shirasu
Chemical composition

SiO2

Al2 O3

Fe2 O3

CaO

Na2 O

K2 O

content ratio (%)

76.60

12.20

1.48

1.08

3.43

3.54

2.3.2.2 Outline of reinforced concrete beam
In the experiment, 4 types of reinforced concrete beams are made using different
combinations of cements and fine aggregates. Property of each material is shown in Table 3
and the mix proportions of concretes are shown in Table 4. For comparison, not only Shirasu
(density; 2.15g/cm3, absorption capacity; 7.59% ) but also sea sand (density; 2.48 g/cm3,
absorption capacity; 3.03%) were used as fine aggregate. For both series, Ordinary Portland
cement (OPC) and blast-furnace slag cement type B (BB) in which the substitution ratio of
ground granulated blast-furnace slag is 50% were used. The water to cement ratio was 50%,
and slump value maintained at 10 ± 2 cm for all of concretes.
Configuration of RC beam is shown in Figure4. Each beam is 4.6m in length, 25 x 30 cm in
cross-section, embedded 4 rebars with 2, 3, 4, and 5 cm cover thickness, and set up straightly
through the splash, tidal, and under the sea zones, as shown in Figure 5. For continuous non
destructive monitoring, reference electrodes are embedded at the portion of each
environmental zone.
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Table 3 Material properties
Materials
Cement

Ordinary Portland cement

Density
(g/cm3)
3.15

Absorption
(%)
-

Ground granulated blast-furnace slag
cement
Shirasu

3.04

-

2.15

7.59

Sea sand

2.48

3.03

Coarse
aggregate

Crashed stone (Gmax: 20mm)

2.64

1.03

Chemical
admixture

Super plasticizer

1.10

-

Air entraining water reducing agent

1.08

-

Fine
aggregate

Table 4 Mix proportions of RC beams

RC Beams
Shirasu OPC
Shirasu BB
Sea sand
OPC
Sea sand BB

W/C
(%)

50

Unit weight（kg/m3）
Air
S
content
Chemical
G
Sea
(%)
admixture
Shirasu
sand
464
1085
0.70%
4.6
464
1085
0.70%
4.7

s/a
(%)

W

C

34.5
34.5

202
199

404
398

41.6

174

348

692

-

1034

0.85%

3.9

41.5

172

344

689

-

1035

0.85%

4.9

Figure 4: Configuration of RC beam

Figure 5: Set up of RC beams
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2.3.3

RESULT OF MONITORING

After 3 years exposure in marine environment, RC beams were picked up to the ground once
and detail inspection were carried out: appearance observation, half-cell potential of rebar,
Polarization resistance of rebar, and chloride contents in concrete by drill sampling.
From the appearance as shown in Figure 6, at the upper part of tidal zone, stain of rust were
found in RC beams using “Sea sand OPC ” and “Sea sand BB” and corrosion cracks with 1.2
mm and 0.5 mm in width were observed respectively at the nearest surface from the rebar
with 2cm cover thickness. In case of “Shirasu OPC” and “Shirasu BB”, corrosion cracks with
0.25 mm and 0.35 mm in width without stain of rust were observed respectively at the similar
part.
Figure 7 shows the half-cell potential (vs. CSE) of rebars with different cover thickness in
each RC beams. In every types of beam, rebars with 2cm cover thickness are seems to be in
corrosive condition especially in upper part of tidal zone (about 130 cm from the top surface).
These positions are also corresponding to the portion of corrosion cracks.

Sea sand OPC

Sea sand BB

Shirasu OPC

Shirasu BB
Figure 6: Appearance of corrosion crack of RC beam
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Figure 7: Half-cell potential of rebar in RC beam
Those corrosive conditions can be confirmed from the polarization resistance of rebars in RC
beams as shown in Figure8. However, in spite of such a severe condition, polarization
resistance of rebar in Shirasu concrete is still higher, in the range of 60 to 80 kΩcm2. One of
the main reasons of this phenomena can be explained from the chloride diffusion property of
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Polarization Resistance (kΩ･cm2)

Shirasu concrete. Figure 9 shows profiles of chloride content in each RC beam after 3 years
exposure and Figure 10 shows the chloride diffusion coefficients of each concrete in each
environmental zone. From the both figures, Shirasu concrete has higher impermeability
against chloride ion than not only “sea sand OPC” concrete but also “sea sand BB” concrete.
Addition to that this advantage is getting more effective in severer condition such as tidal
zone or under sea zone as shown in Figure 10.

100

: Over 100 kcm2

80
Crack portion

60

Splash zone

40

Tidal zone
Under sea

20
0
Shirasu
"OPC"

Sea sand
"OPC"

Shirasu
"BB"

Sea sand
"BB"

Figure 8. Polarization resistance of rebar with 2cm cover thickness in RC beam
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5
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4
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Figure 9. Profile of chloride content in concrete
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Chloride diffusion coefficient
(cm 2 /year)

4
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3

Tidal zone
Under sea

2

1

0
Shirasu
"OPC"

Sea sand
"OPC"

Shirasu
"BB"

Sea sand
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Figure 10. Chloride diffusion coefficient of concrete

2.3.4

CONCLUSIONS

In this research, an exposure test of reinforced SHIRASU concrete is carried out to clarify the
durability in actual marine environments, using long size specimens which are set up
straightly through the splash, tidal, and under the sea zone. Though the experiment is still
continuing, from the results of non destructive observations and monitoring data during 3
years exposure, high durability of SHIRASU concrete against chloride-induced deterioration
was confirmed.
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2.4

Chloride Binding Capacity and Its Effect to the Corrosion Process

ABSTRACT

Chemistry of chlorides in the cement matrix has been mainly dealt with to provide
information on the role of chlorides in the corrosion process. Chloride binding isotherms were
defined in terms of the Freundlich and Langmuir isotherm, of which empirical data could be
used to determine the mobility of chlorides in concrete, and thus the risk of corrosion.
Simultaneously, buffering capacity of hydration products was determined, using the acid
neutralisation capacity, which provided a quantitative index on the resistance of hydration to a
pH fall of the pore solution. Then, chloride threshold level for steel corrosion in concrete was
thoroughly investigated, encompassing the factors and representations.
For chloride binding capacity, OPC, 30% PFA, 60% GGBS and 10% SF pastes was cast and
cured for 150 days. As a result, the binding capacity was varied with binder, due to different
hydration products in concerned with C3A and C4AF, and the rate of hydration. The order of
binding capacity at 150 days was 60% GGBS > 30% PFA > OPC > 10% SF. However, there
was no particular relation between the pH and chloride concentration content in cement paste,
and no direct relation between the pH and binding capacity was seen. However, an increase in
the hydroxyl ions in cement matrix resulted in a decrease in the [Cl-]:[OH-], reflecting the
lower risk of chloride-induced corrosion in concrete. The resistance of steel embedded in
mortar against chloride-induced corrosion was evaluated in terms of the buffering of
hydration products to a pH decrease. The chloride threshold level was expressed as the mole
ratio of [Cl-]:[H+]. The concentration of chloride ions were derived from the threshold value
expressed as the total chloride content, and the concentration of hydrogen from the acid
(moles H+/kg binder) required for the suspensions to reduce the pH to 10, respectively. The
threshold ratio of [Cl-]:[H+] accounted for about 0.0063 and 0.0082, regardless of binder type,
at 1.0 and 2.0 mA/m2. To represent the corrosion risk, the chloride threshold level for steel
corrosion is the most powerful tool. The threshold value is simultaneously affected by
chloride binding, buffering, binder type, alkalinity of the pore solution and exposure
environment. The best representation of CTL must reflect the aggressiveness of chloride ions
and the inhibitive nature of cement matrix. Thus, the total chloride content to binder weight is
at present the most appropriate way to express the CTL.

107

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction

2.4.1

INTRODUCTION

Durability of concrete is a direct measure to the service life of structures, in particular,
exposed to a severely corrosive environment such as chloride, sulfate, acid and sometimes
frost damage. Of them, the chloride-related problem to concrete structure is a key issue, due
to its high cost for repair, catastrophic damage, and immature invisible degradation. To
mitigate the corrosion risk, there have been a number of techniques developed for the last
decades; notwithstanding the mechanism of chloride-induced corrosion of steel in concrete is
not clearly identified, except for the possibility of passivation of steel in the pore solution,
which protects the steel embedment from a corrosive environment consisting of water and
oxygen.
However, corrosion takes places when corrosive chlorides reach the steel. Chemistry of
chlorides at corrosion has been thoroughly investigated in terms of chloride binding, as being
classified as follows:
(1) chlorides chemically bound by C3A or/and C4AF to form Friedel’s salt
(2) chlorides physically adsorbed by Ca(OH)2 and CSH gel, and
(3) free, mobile chlorides

It has been believed that chlorides bound in the cement matrix have no influence on the
corrosion process, as they are removed from the pore solution. Thus, it was thought a high
binding capacity of chlorides as being very inhibitive. A current study challenges this
hypothesis, in that bound chlorides in the vicinity of steel may be released into free in the
electrochemical reaction arising from acidification of the pore solution. Thus, the chloride
binding capacity may not represent the inhibitive nature. Alternatively, the resistance to
acidification may reflect the corrosion risk, in terms of acid neutralisation capacity of
hydration products (i.e. buffering capacity). As most chlorides are free at corrosion initiation
in the vicinity of steel, buffering to a pH fall of the pore solution may be a key factor to the
corrosion resistance, which can be subsequently expressed by “chloride threshold level.”
In this study, chemistry of chlorides in the cement matrix has been mainly dealt with to
provide information on the role of chlorides in the corrosion process. Chloride binding
isotherms were defined in terms of the Freundlich and Langmuir isotherm, of which empirical
data could be used to determine the mobility of chlorides in concrete, and thus the risk of
corrosion. Simultaneously, buffering capacity of hydration products was determined, using
the acid neutralisation capacity, which provided a quantitative index on the resistance of
hydration to a pH fall of the pore solution. Then, chloride threshold level for steel corrosion in
concrete was thoroughly investigated, encompassing the factors and representations.
2.4.2

CHLORIDE BINDING

2.4.2.1 General
A portion of chloride ions are chemically bound by cement hydration products such as
C3A and C4AF, and adsorbed by calcium hydroxide and the CSH gel. The chloride binding, in
fact, affects both the resistance to corrosion and even chloride transport in concrete. An Early
work suggested that bound chlorides do not participate in the corrosion process, and thus the
binding capacity has been regarded as an inhibition effect of cement matrix [1]. As binding of
chlorides removes a portion of free chlorides from the concrete pore solution, the rate of
chloride transport may be significantly affected [2]. Likewise, the importance of chloride
binding on chloride attack to concrete structures has led to extensive studies on the
behaviour of chloride binding, for example, the maximum binding capacity and binding
isotherms [3].
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Notwithstanding, most studies have not provided quantitative information on the
binding isotherms at various levels of the chloride concentration, which is often observed in
the cover concrete exposed to a marine or/and deicer environment, usually ranging from a
minimal value (nearly to zero) up to 2.5-3.0% by weight of cement. Most studies have
investigated the behaviour of chloride binding at only one or several levels of the chloride
concentration to characterise the binding capacity with binder type, curing regime and the
effect of aggregate [4,5].
In this study, the chloride binding capacity was examined, using ordinary Portland
cement (OPC), pulverised fuel ash (PFA), ground granulated blast furnace slag (GGBS) and
silica fume (SF) pastes. The binding capacity at the chloride concentration ranging from 0.1 to
3.0% was measured for 150 days, to assess the effect of binder and curing age. Also, the pH
of precipitated solids in distilled water (i.e. suspension of cement paste) after 150 days curing
was monitored for 21 days to investigate the relation between the pH and binding capacity.
2.4.2.2 Testing of binding
The cement paste of OPC, 30% PFA, 60% GGBS and 10% SF was cast in a cube mould
(100×100×200 mm) at a free W/C (the ratio of water to cement) of 0.4, assuming that
aggregates do not affect the chemistry between cement matrix and chloride ions. The oxide
composition of binders is given in Table 1. Nine levels of chloride were admixed in mixing
water as NaCl, ranging from 0.1 to 3.0% by weight of cement. The specimens were rotated at
6 rpm for 24 h immediately after casting to minimise the segregation of chloride ions. After
demoulding, the specimens were cured for 7, 28, 60 and 150 days by wrapping in a polythene
film at 201C, to avoid a leaching out of chloride and hydroxyl ions from cement matrix,
which otherwise could take place in an open-wet curing.
The specimens were dried in oven at 104°C for 24 h to avoid a loss of the residues of
alkalis and chlorides in powder-sampling. Then the specimens were crushed and ground to
obtain dust samples, which were sieved to 300 μm. The dust sample collected was stirred for
5 min in distilled water at 50°C to extract “water-soluble chloride (i.e. free chloride),” and
allowed to stand for an additional 30 min. The diluted dust sample was filtered through a
filtering paper to obtain a solution containing water soluble chlorides, of which concentration
was then measured, using the potentiometric titration against silver nitrate.
Table 1: Oxide composition of binders
CaO

SiO2

Al2O3

Fe2O3

MgO

Na2O

K2O

Mn2O3

TiO3

SO3

OPC

64.7

20.7

4.6

3.0

1.0

0.13

0.65

-

-

3.0

PFA

17.0

48.7

18.8

7.7

1.0

0.4

1.9

-

0.9

0.64

GGBS

41.2

34.2

11.7

1.43

8.81

0.29

0.31

0.3

0.58

-

SF

0.31

94.9

0.23

0.07

0.04

0.15

0.56

-

-

0.17

The pH of precipitated solids obtained from the cement paste was measured after 150
days curing. Ground cement paste containing 0.5, 1.0, 2.0 and 3.0% of chlorides by weight of
binder was poured in 40 ml distilled water and stirred using a magnetic stirrer for 5 min. Then,
the suspension sample was stabilised by standing. Prior to measuring the pH, the pH meter
was calibrated by using the buffer solutions ranging 4.00, 7.00 and 10.00. The pH of the
suspension was measured for 21 days. After measuring, the beaker containing solids and
solution was sealed tight by a polythene film until the next measurement. The pH of the
suspension measured at 21 days was taken as a substantial value of the pH of each specimen.
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2.4.2.3 Chloride binding capacity
The concentration of chloride ions measured in ppm from the extraction water was
converted into a percentage relative to the weight of binder. The subtraction of the
concentration of water soluble (free) chloride ions from total was taken as the concentration
of bound chlorides. Figure 1 shows the chloride binding isotherms of OPC, 30% PFA, 60%
GGBS and 10% SF pastes at 7, 28, 60 and 150 days respectively. The fitted lines describe the
relation between free and bound chloride using the Langmuir isotherm as given in Eq 1.
Cb 

C f
1  C f

(1)

where, Cb is the concentration of bound chloride, Cf is the concentration of free chloride, α
and β are constants. It is seen that chloride binding of all pastes increased as the curing age
increased from 7 to 150 days. At 7 days, the binding capacity was very marginal, irrespective
of binder, accounting for only 0.5-0.6% of bound chlorides against 3.0% of total chlorides.
Even at 28 days, it is likely that binder may not influence the binding capacity, except 10%
SF ranking the lowest level of binding. At 60 days, it was observed that 30% PFA and 60%
GGBS indicated a significant increase of binding capacity, compared to OPC and 10% SF
pastes. After 150 days of curing, the binding capacity was eventually discerned, depending on
the binder type. The order of binding capacity was 60% GGBS > 30% PFA > OPC > 10% SF.
(a)

(b)
7
days
OPC
30% PFA
60% GGBS
10% SF

Bound chloride (%, binder)

2.0

1.5

1.0

28 days

OPC
30% PFA
60% GGBS
10% SF

2.0

Bound chloride (%, binder)

2.5

2.5

1.5

1.0

0.5
0.5
0.0
0.0

(c)

0.0
0.0

0.5

1.5

2.0

2.5

1.0

1.5

2.0

2.5

Free chloride (%, binder)
2.5

150 days

60 days

OPC
30% PFA
60% GGBS
10% SF

2.0

Bound chloride (%, binder)

2.0

Bound chloride (%, binder)

1.0

Free chloride (%, binder)

2.5

0.5

(d)

1.5

1.0

1.5

1.0
OPC
30% PFA
60% GGBS
10% SF

0.5

0.5

0.0

0.0
0.0

0.5

1.0

1.5

2.0

0.0

2.5

Free chloride (%, binder)

0.5

1.0

1.5

2.0

2.5

Free chloride (%, binder)

Figure 1: Chloride binding isotherms between free and bound chloride concentration depending on binder
type and curing age
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Figure 2 shows a development of the chloride binding capacity with time for OPC, 30%
PFA, 60% GGBS and 10% SF pastes. The binding capacity was defined as a ratio of bound to
total chlorides. It is seen that the binding capacity was increased in nearly proportional to the
curing age, except at the low concentration of total chlorides, which resulted in a lower rate of
increase in the binding capacity for OPC, 30% PFA and 10% SF specimens. It is also notable
that the rate of increase in the binding capacity was greater for 30% PFA and 60% GGBS
than for OPC and 10% SF specimens irrespective of total chlorides in cast. For all binders and
at all ages, the binding capacity was the highest when the lowest level of total chlorides were
admixed in the paste specimens, while the lowest binding capacity was produced at the
highest level of total chlorides in cast. For example, the binding capacity of OPC at 150 days
with 0.5, 1.0, 2.0 and 3.0% of total chlorides accounted for 0.73, 0.69, 0.64 and 0.50
respectively.
(a)

(b)

OPC

1.0

Binding capacity (bound/total)

Binding capacity (bound/total)

1.0

0.8

0.6

0.4

0.2

0.5%

1.0%

2.0%

30% PFA

0.8

0.6

0.4

0.2

3.0%

0.35%

0.0
0

40

80

120

160

Time (days)

0

40

(d)

(c)

2.10%

3.00%

80

120

Time (days)

160

1.0

1.0

10% SF
Binding capacity (bound/total)

60% GGBS
Binding capacity (bound/total)

1.05%

0.0

0.8

0.6

0.4

0.2

0.40%

1.00%

2.00%

0.8

0.6

0.4

0.2

0.45%

3.0%

0.90%

2.25%

3.00%

0.0

0.0
0

40

80

Time (days)

120

160

0

40

80

Time (days)

120

160

Figure 2: Chloride binding ratio to total chloride concentration and curing age

Figure 3 gives the binding capacity depending on the concentration of total chlorides in
cast. The binding capacity was reduced by an increase in total chlorides, even though the
concentration of bound chlorides was increased as previously shown in Figure 1. However,
the lowest level of total chlorides did not always rank the greatest binding capacity. For OPC,
for example, 1.0% of total chlorides reached the highest binding capacity rather than the
lower total chlorides, accounting for 0.8. The peak binding usually occurred at 0.2-0.7%, as
opposed to expectation. Also, the effect of binder was again ensured: at every concentration
of total chlorides the binding capacity except for two measurements for 10% SF (0.18 and
0.27% of total chlorides) was ordered by 60% GGBS > 30% PFA > OPC > 10% SF.
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Binding capacity (bound/total)

1.0

0.8

0.6

0.4

0.2

OPC

30% PFA

60% GGBS

10% SF

0.0
0.0

0.5

1.0

1.5

2.0

2.5

3.0

Total chloride (%, binder)

Figure 3: Chloride binding capacity at a given total chloride concentration

The pH of precipitated solids from the cement pastes of OPC, 30% PFA, 60% GGBS
and 10% SF was measured for 21 days after 150 days curing. Figure 4 shows an increase in
the pH of suspension representatively at 3% of total chloride in cast. The pH was increased
with the time of standing, irrespective of binder, due to a leaching out of alkalis, such as Na+
and K+. After a rapid increase in the pH of the suspensions for the first 10 days, the increase
rate of the pH was then lowered to nearly converge to a certain pH value. The terminal pH
was dependent on binder type. The pH of OPC suspension ranged from 12.96 to 12.99, whilst
the pastes containing 30% PFA, 60% GGBS and 10% SF indicated the lower values of the pH,
ranging from 12.66 to 12.81. In particular 10% SF paste indicated the lowest pH of solids,
presumably due to the lower calcium or metallic oxides in SF.
13.2

13.0

pH

12.8

12.6
OPC
30% PFA
60% GGBS
10% SF

12.4

12.2
0

5

10

15

20

Time (days)

Figure 4: Development of the pH of suspension with time
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Figure 5 shows the relation between the pH of suspension and the concentration of
chlorides in the cement pastes. No relation between the chloride concentration in cast and the
pH was observed, suggesting that chloride ions may not affect the alkalinity of the concrete
pore solution and cement matrix. It is only clearly seen that the pH for OPC paste was much
higher than for 30% PFA, 60% GGBS and 10% SF. This results may arise from the
characteristics of the mineral admixtures used in this study, which commonly contain a high
level of silicious oxide (See Table 1), reducing the pH of pore solution as well as the solution
diluted from precipitated solids.
Figure 6 gives the relation between the pH of precipitated solids and the chloride
binding capacity at 0.5, 1.0, 2.0 and 3.0% of total chlorides respectively. It is seen that an
increase in the pH for OPC, 30% PFA and 60% GGBS resulted in decreased binding capacity
at all levels of chlorides, as opposed to a hypothesis that bound chlorides are released at a
lower pH. The 10% SF specimen showed the lowest pH together with the lowest binding
capacity. This disproportional relation may be attributed to a complex relation between the pH
and chloride binding.
Chloride binding capacity is influenced by both hydration products such as C3A and
C4AF, and the pH of the concrete pore solution. As bound chlorides begin to set free at the
value of the pH below 12.5 [6], the behaviour of chloride binding is mainly dependent on
binder type and its hydration products when the pH of the pore solution exceeds 12.5 as in
this study. Thus, the 60% GGBS specimen containing the higher portion of aluminum oxide
(i.e. higher level of C3A in cement matrix) indicated a higher level of chloride binding,
despite the lower pH of precipitated solids, but above 12.5 in the pH. For 10% SF, however,
the pH and binding capacity were always the lowest due to the lower metallic ions and
aluminum oxides in cement matrix.
13.1

13.0

pH

12.9

12.8

12.7

12.6
OPC

30% PFA

60% GGBS

10% SF

12.5
0.0

0.5

1.0

1.5

2.0

2.5

3.0

3.5

Chloride (%, binder)

Figure 5: Influence of total chloride concentration on the pH of suspension
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Binding capacity (bound/total)

1.0

0.8

0.5% chlorides
1.0% chlorides

0.6

2.0% chlorides
OPC
30% PFA
60% GGBS
10% SF

0.4

3.0% chlorides

0.2
12.6

12.7

12.8

12.9

13.0

13.1

pH

Figure 6: Chloride binding capacity affected by the pH of the suspension at a given concentration of total
chlorides in cement paste

The influence of the concentration of hydroxyl ion concentration diluted from the
cement paste on the ratio of free chloride to hydroxyl ions (i.e. [Cl-]:[OH-]) is described in
Figure 7. To obtain the molar concentration ratio, the concentration of free chlorides was
calculated using the binding isotherm obtained already from the Figure 1, while the
concentration of hydroxyl ions in the precipitated solids was derived from the pH values of
the suspension. It is seen that an increase in the concentration of hydroxyl ions in precipitated
solids resulted in a decrease in the [Cl-]:[OH-]. At a given total chlorides, the OPC specimen
showed the highest level of hydroxyl ions, due to its highest level of the pH of precipitated
solids, and the lowest [Cl-]:[OH-], whereas for 10% SF the lowest hydroxyl concentration and
the highest [Cl-]:[OH-]. The variation in the [Cl-]:[OH-] has an important implication in
assessing the risk of steel corrosion in concrete, since the [Cl-]:[OH-] reflects both the
corrosiveness of chlorides and the inhibition effect of cement matrix. To decease the
[Cl-]:[OH-], for example, chlorides should be bound more (i.e. lower free chlorides) and the
pH of precipitated solids or/and the pore solution should be simultaneously higher, at which
condition, the corrosion risk would be evidently reduced. Hence, it can be predicted from this
study that the OPC specimen imposes the greatest resistance to steel corrosion, as followed by
30% PFA, 60% GGBS and 10% SF specimens, at a given concentration of chlorides [7].
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30% PFA
60% GGBS
10% SF

3.0% chlorides
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[Cl-]:[OH-]
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1.0% chlorides
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0.5% chlorides
0
0.02

0.04

0.06
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0.1

0.12

-

[OH ]

Figure 7: The mole ratio of [Cl-]:[OH-] against the alkalinity of the suspension

2.4.2.4 Binding at corrosion
Chloride binding capacity has been regarded as important in the corrosion of steel in
concrete structures because of the postulation that bound chlorides do not participate in the
corrosion process [1,8]. Hence, it has been thought that a higher binding capacity is associated
with less corrosion risk [9,10]. However, this hypothesis has been currently challenged. At the
stage of corrosion initiation, the pH in the vicinity of the steel falls locally as a result of an
electrochemical reaction with chloride and ferrous ions during pit nucleation. Corrosion is
initiated in the form of pitting where the local pH falls below 10 [11]. The drop in the pH
releases at least 90% of total chlorides, then to participate in the corrosion process [12], with
access to oxygen and water. This suggests that total chloride content is a more accurate
indicator of the corrosion risk. Several investigations have addressed the influence of the
chloride binding capacity on the corrosion risk, particularly in terms of the C3A content.
Analysis of the chloride threshold obtained by Hansson and Sorenson [13] shows no
correlation between the chloride threshold level and chloride binding capacity. Breit and
Schiessl [14] reported similar chloride threshold values for OPC and sulfate resistant Portland
cement (which has less chloride binding) concretes, ranging from 0.2 to 0.4%. This suggests
that chloride binding capacity has less influence on the onset of chloride-induced corrosion,
possibly due to the participation of bound chloride in the corrosion initiation process [12].
However, the chloride binding is still important in evaluating the propagation of
corrosion and thus the residual life of concrete structures, once the steel is corroded. The
binding of chloride ions in concrete removes some free chlorides from the surface of steel by
immobilising the chlorides. The present study showed that a partial replacement of PFA or
GGBS for OPC increased binding capacity, reflecting that pozzolanic materials are resistant
to the corrosion propagation [15]. This can be supported by previous studies. Thomas [16]
showed from a 4-year exposure test that an increase in the content of PFA (i.e. higher binding
capacity) in concrete produced a decrease in the chloride threshold value, but the mass loss of
115

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction

the steel due to corrosion was decreased. The chloride binding may also influence the rate of
chloride transport. The chloride concentration on the concrete surface can be increased by the
chloride binding, which allows the progressive build-up of higher total chloride concentration
at increasing distances from the concrete surface [17]. The chloride binding reduces the
concentration of free chlorides within concrete and the concentration gradient at depth,
because chloride binding removes free chlorides from the transport process.
Mineral admixtures including PFA, GGBS and SF have been widely used to enhance
durability of concrete structures exposed to a chloride environment. Their competent
resistance against chloride attack in particular chloride transport may arise from (1) higher
binding capacity [17,18] and (2) a refinement of the concrete pore structure. Moreover the
higher/lower chloride binding capacity of mineral admixtures has a strong influence on the
rate of steel corrosion in concrete, because it governs the ingresses of chloride ions at the
depth of the steel. Hence, the relation between binder type and chloride binding has been
strongly emphasised in the safety assessment of concrete structures subjected to
chloride-induced corrosion.
Table 2 compares the influence of chloride binding on the risk of chloride-induced
corrosion, depending on binder type. For PFA and GGBS concretes, the chloride binding
capacity is higher than for OPC concrete as already shown in this study. However, the lower
pH of the pore solution and precipitated solid phases may make the steel embedment more
susceptible to the onset of corrosion and thus the chloride threshold level for corrosion would
be lowered [19]. Instead, their denser pore structure will delay chloride transport toward the
depth of the steel and further chloride binding will lower the ingresses of chlorides, which
reduce the rate of corrosion propagation [20]. The chemical characteristics of PFA and GGBS,
consisting of the higher chloride binding capacity and the lower pH of the pore solution, may
not help to increase the critical chloride threshold level, but may increase the corrosion-free
service life of structures. Hence, PFA and GGBS concretes may promise durable concrete
structures, preventing or mitigating corrosion of steel in concrete subjected to a corrosive
environment.
Table 2: Comparison of binder type on the relation between chloride binding and corrosion risk

OPC
30% PFA
60% GGBS
10% SF

Chloride binding

Chloride
transport

[Cl-]:[OH-]

Corrosion
propagation

Moderate
High
Very High
Low

Moderate
Low
Very Low
Very Low

Low
Moderate
High
Very high

Moderate
Low
Low
Very low

For SF concrete, the binding capacity, and the pH of the pore solution and precipitated
solids are much lower than for OPC, although finely grained particles of SF may block the
porosity of cement matrix, which reduces the permeability of corrosive ions (eg. chlorides,
water, oxygen) then to lower the corrosion risk in terms of both corrosion initiation and
propagation. However, the corrosion risk of SF concrete can be higher than OPC concrete,
unless the competent resistance of SF concrete to chloride transport is significantly increased
enough to offset its defects (i.e. lower binding capacity and lower pH of the pore solution).
Moreover, the higher level of SF replacement may impose a potential risk of alkali silica
reaction with aggregates. Hence, most standards and codes limit the maximum SF content
below 10-15% (by weight of cement), when potentially reactive aggregate is used [21].
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2.4.3

SUMMARY ON CHLORIDE BINDING

This study concerns the chloride binding capacity of cementitious binders using OPC,
30% PFA, 60% GGBS and 10% SF pastes. The pH of precipitated solids in distilled water
(suspension) was monitored for 21 days after 150 days of curing and the influence of the pH
on chloride binding was evaluated in terms of binder effect. The conclusions from the
experimental studies are as follows:
(1)

(2)
(3)

(4)

2.4.4

The chloride binding capacity always increased with time (curing age) irrespective of binders.
Binding proportion was significantly increased at higher total chlorides, compared to lower
chlorides. Also, the binding could be described by the Langmuir isotherm, expressing the rel
ation between bound and free chloride concentrations.
The binding capacity was varied with binder, due to different hydration products in concerne
d with C3A and C4AF, and the rate of hydration. The order of binding capacity at 150 days
was 60% GGBS > 30% PFA > OPC > 10% SF.
The pH of the suspension increased with time, due to a leaching out of alkalis such as K+
and Na+ from cement matrix, and subsequently converged to a certain value depending on b
inder after about 10 days. The terminal pH varied for each binder, ranging from 12.66 to 1
2.99 and the order was OPC > 30% PFA > 60% GGBS > 10% SF.
There was no particular relation between the pH and chloride concentration content in ceme
nt paste, and no direct relation between the pH and binding capacity was seen. However, an
increase in the hydroxyl ions in cement matrix resulted in a decrease in the [Cl-]:[OH-], re
flecting the lower risk of chloride-induced corrosion in concrete

BUFFERING OF HYDRATIONS

2.4.4.1 General
It has been believed that chloride binding in the cement matrix should provide benefits
by increasing the resistance to chloride-induced corrosion in terms of removing chloride ions
from the concrete pore solution, although the role of chloride binding in chloride-induced
corrosion is currently subject to debate. However, the method for detecting the onset of
corrosion was inconclusive and thus the obtained values were of no concern in determining
the threshold value. More currently some studies showed that there is no particular relation
between the threshold value and chloride binding [13], as bound chlorides may participate in
the corrosion process [22]. This discrepancy may be attributed to a marginal influence of
chloride binding, or other factors to the onset of corrosion of steel in concrete.
Thus, great attention has been paid to the role of chloride ions as a catalyst in corrosion
reaction. Chloride-induced corrosion primarily involves two stages: pit nucleation and pit
growth [23]. The cause of pit nucleation is still under debate, but once pit nucleation starts,
the conditions formed in the cement matrix result in its repassivation. However, pit nucleation
accompanied by a fall in the pH and a continuous supply of chlorides prevents the
repassivation. When chloride ions are present, hydrogen ions evolved by the electrochemical
reaction on the steel surface cause acidification, reducing the pH of the pore solution, as given
in Eq. (2).
FeCl2 + 2H2O

→

Fe(OH)2 + 2H+ + 2Cl-

(2)

The fall in the pH makes the passive film unstable and the presence of chloride ions
activates the dissolution of the iron. As the pH of the pore solution decreases, most of the
bound chloride ions are released as free chlorides, which would consume further hydroxyl
ions. The present study concerned the chloride threshold level for steel corrosion in
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cementitious materials, considering the chemistry of chloride ions with hydration products. In
order to evaluate the influence of binder on the resistance to corrosion, four binders were
selected: OPC, 30% PFA, 60% GGBS and 10% SF. The buffering of cement matrix to a
release of bound chlorides by a pH decrease was investigated by measuring the acid
neutralisation capacity of the cement matrix, depending on the binders used. The chloride
threshold level was measured by assessing the corrosion rate of steel rebar in mortar
specimens with different amounts of chlorides in the mortars, ranging from 0.0 to 3.0% by
weight of cement. Then, the relation between the corrosion risk and buffering capacity against
a pH decrease was assessed in terms of a new expression of the chloride threshold level.
In the present study, a new representation of chloride threshold level for corrosion is
suggested, considering the inhibitive nature of cement hydration products. The buffering of
hydration products was expressed as a neutralisation capacity to an acidic environment up to
10 in the pH, at which a protective passive film is usually removed from the steel surface.
Simultaneously the chloride threshold level was quantitatively obtained from an experiment
using mortar samples with a steel rebar containing various levels of chloride ions. Then the
influence of buffering capacity on the chloride threshold level was assessed and a new
representation was given in the mole ratio of total chloride to hydrogen ions, corresponding to
the buffering capacity against a pH decrease, in order to encompass the corrosion risk of
chlorides and the inhibition of hydration products.
2.4.4.2 Determination of buffering capacity
To measure the buffering capacity of cement matrix to a pH decrease, cement pastes
were cast in a prism mould (100×100×50 mm). The paste specimens were rotated at 6 rpm for
24 h immediately after casting to minimise segregation of chloride ions. After demoulding,
distilled water was sprayed to the surface of specimens and then cured by wrapping in
polythene film at 20±1°C to avoid a leaching out of chloride and hydroxyl ions from cement
matrix, which may take place in open-wet curing.
After 200 days of curing, the pastes were ground to obtain dust sample of which 3.0 g
was weighed. Then, 28 levels of 2 molar nitric acid together with equivalent distilled water
for a given liquid volume (40 ml) were added to the paste sample to produce the different pH
levels of suspensions up to the values around 10 in the pH, at which bound chlorides are
usually released free. After stirring the suspensions for 10 min using a magnetic stirrer, the
pH of the suspensions was measured until no further change in the pH occurred. The pH
meter was always calibrated before each measurement by using a buffer solution of pH 4.01,
7.00 and 10.01.
Mortar specimens with a centrally located 10.0 mm diameter steel rebar were cast in a
cylinder mould (ø60.0×90.0 mm) so that the cover depth was 25.0 mm. The mix proportion of
mortar cement: water: sand was 1.00: 0.40: 2.45 and 10 levels of chloride concentrations
ranging from 0.0 to 3.0% were added. Both ends of the steel bars were clad using rich cement
paste and a rubber coating for a double protection. One end of the steel rebar was protruded
for an electrical connection with a wire. The specimens were wrapped in polythene film for
curing at 20±1°C for further 60 days. Four replicating samples were fabricated for a given
level of chlorides.
A polarisation technique was used to measure the corrosion rate of the steel rebar in the
present study. To stabilise the electrolytic resistance of mortar, the mortar specimens were
immersed in 0.5 M NaCl solution for 24 h before a measurement with the top of the specimen
open to the atmosphere for a supply of oxygen. The experimental set-up for measuring the
corrosion rate is given in Figure 8. Then the potential was set between +25 mV and -25 mV
and then applied at a low scan rate of 0.1 mV/sec. The corrosion rate was calculated by the
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Tafel extrapolation technique as given in Eq. (3). The electrical resistance of mortar (i.e. IR
drop) was automatically compensated by using the interruption technique.
I corr 

ac
2.3 R P (  a   c )

(3)

where, Icorr indicates the corrosion rate (mA/m2), Rp for polarisation resistance (Ωm2), βa for the anodic
curve slope, and βc for cathodic curve slope.
Potentiostat

Ammeter

Voltmeter

coated

25mm
cover

Counter
eletrode

Reference
electrode

Mortar specimens

0.5M NaCl solution

Figure 8: Schematic of testing for corrosion of steel rebar in mortars

2.4.4.3 buffering of hydrations
Figure 9 shows a development of the pH of the suspensions at 1, 6, 12, 18 and 21 days,
representatively for 0, 10 and 20 mol/kg of acids to the suspension of 60% GGBS, as an
example, to ensure the stability of the pH measurement. For all concentrations of nitric acid,
the pH was gradually increased with time. A marginal change was observed after 6 days. An
increase in the pH at an early age can be explained by the fact that alkali metals such as K+,
Na+ and other alkaline components were leached out. In the present study, the value of the pH
converged for 21 days was used in assessing the buffering capacity of cement matrix and its
chemistry concerning the cement paste suspension.
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Figure 9: A decrease in the pH of suspension with acidic concentration for OPC, 30% PFA, 60% GGBS and
10% SF

Figure 10 shows the relation between the concentration of nitric acid added to the
suspension per wxht of the paste sample and its pH after stabilization for each binder. It is
seen that an increase in the concentration of nitric acid in the suspension resulted in a fall in
the pH, irrespective of binder type. For the suspension of OPC and 10% SF pastes, the initial
value of the pH, when no acid was added, ranged about 12.65, which was slightly higher than
for 30% PFA and 60% GGBS as being below 12.50, presumably because the chemistry of the
cement matrix with pozzolanic materials is related with a lower generation of alkali metals
or/and calcium hydroxide. A marginal reduction of the pH was often observed at some
concentrations of nitric acid, as being closely formed in a plateau which may imply a higher
resistance of the cement matrix to a fall in the pH. The terminal pH of suspensions, when 20
mol/kg (9.07 mol/lb) of nitric acid was added, was varied with binder type. For OPC and 10%
SF, the pH dropped to about 10.58 and 10.37 respectively, while for 30% PFA and 60%
GGBS, to below 4.00.
The resistance of the cement matrix to a pH decrease was expressed as the ratio of the
change in the concentration of nitric acid added to the suspension against the change in the pH,
being often termed acid neutralisation capacity (ANC), which is defined as follows;
ANC 

concentration
pH

(4)

The ANC of OPC, 30% PFA, 60% GGBS and 10% SF was depicted in Figure 11. The
details of ANC curve rendering are given elsewhere [24]. It is seen that at particular pH
values, strong peaks occurred, indicating the greater resistances of cement matrix (i.e.
hydration products) to a fall in the pH. The location and intensity of peaks strongly depended
on binder, except for at about pH 12.5, where the peak commonly occurred. The hydration
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product that resist a pH decrease at 12.5 is suspected of calcium hydroxide, as the calcium
hydroxide-saturated solution becomes alkaline, its pH reaching 12.5-12.6, and buffers at these
values [25]. The cement hydration products corresponding to the other peaks are, however,
not clearly known to date. It is notable that for OPC suspension, the peaks (i.e. the resistance
to a pH decrease) occurred more often at values above 11.00 of the pH, while for 30% PFA
and 60% GGBS below 11.50. It is evident that the hydration products to buffer a pH decrease
obviously depend on binder.
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Figure 11: Acid neutralisation curve rendering the buffering capacity of cement matrix for OPC, 30% PFA,
60% GGBS and 10% SF

121

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction

The corrosion rate of steel rebar in mortars measured by the anodic polarisation
technique is expressed as a function of the content of chlorides in cast as shown in Figure 12.
Four replicate specimens were used, and the fitted line indicates the average value of the
corrosion rate at a given chloride content. The corrosion rate was increased by an increase in
chloride content admixed in the mortars. The development of the corrosion rate is also much
influenced by binder. It was revealed in a previous study with a similar experimental set-up to
the present study that the corrosion rate exceeds 1-2 mA/m2, when the steel embedded in
concrete is subjected to corrosion initiation. This hypothesis gives a guideline to determine
the chloride threshold level for corrosion with cast-in chlorides.
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Figure 12: Corrosion rate of steel rebar in mortar with variations in chloride content

The best fit exponential equation was taken for the range of chlorides just before and
after corrosion initiation zone. The chloride content in the mortars at 1.0 and 2.0 mA/m2 of
the corrosion rate were calculated to determine the chloride threshold level, as given in Figure
13. It is seen that the threshold value for OPC, 30% PFA, 60% GGBS and 10% SF is for
0.74-0.93%, 0.48-0.59%, 0.29-0.44% and 0.63-0.78% by weight of binder respectively. These
values are generally higher than advised values in a standard [26] such as 0.2% for
pre-stressed concrete and 0.4% for normal reinforced concrete. This discordance may arise
from the fact that the standard values are only guided values, which thus must be lower than
the threshold value. Moreover, in this study, the chloride threshold was obtained from
specimens containing internal chlorides rather than external chloride penetration test. A
current study [27] showed that the chloride threshold value, when chlorides reach the steel to
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corrode, may be underestimated in the process of chloride profiling: only about 90% total
chlorides are dissolved in acid and in turn the threshold values are underestimated by about
10%.
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1
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0
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60% GGBS
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Figure 13: The chloride threshold level of steel in mortar at 1.0 and 2.0 mA/m2

2.4.4.4 A new representation of chloride threshold
Cement hydration products have an inhibitive effect against chloride-induced corrosion
by buffering a fall in pH near the steel embedded in concrete. It was experimentally
demonstrated in this study that the buffering is strongly dependent on binder type, which
presumably leads to different levels of the corrosion risk. In a recent work, it was suggested
that a more appropriate representation of the inhibitive and aggressive properties of concrete
is provided respectively by its acid neutralisation capacity (ANC) and acid soluble chloride
content, but the study was not consistent enough to encompass the threshold chloride content
and ANC to represent the chloride threshold [27].
Figure 14 shows the relation between the chloride threshold level and the ANC obtained
from four different binders. The chloride threshold was determined as the chloride content at
1.0 and 2.0 mA/m2 of the corrosion rate respectively, at which corrosion starts. It is evident
that an increase in the ANC of binder resulted in an increase in the chloride threshold level,
irrespective of binder type. It indicates that cement hydration products resist a fall in the pH
for the onset of corrosion, and the higher resistance is strongly associated with a lower risk of
corrosion. Thus, it can be said that the ANC of binder may quantitatively represent the
inhibitive capability of a cement matrix, whilst total chloride content indicates the
corrosiveness.
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Figure 14: The influence of the acid neutralisation capacity on the resistance to chloride –induced corrosion
in terms of chloride threshold level

The chloride threshold level can be expressed by the ratio of the total chloride content
and the ANC of binder, in terms of the mole ratio of [Cl-]:[H+], in order to represent both the
corrosiveness of chloride ions and the inhibition effect of hydration products. In calculating
the mole ratio of [Cl-]:[H+], the mole concentration of chloride ions can easily be determined.
Then, the concentration of acid needed to reduce the pH of concrete and cement paste to the
value of 10.0, at which most bound chlorides are released in a cement matrix, must be
determined. The acid concentration can be expressed by the mole concentration of hydrogen
ions in the acid by weight of binder (i.e. moles H+/kg binder), because the total chloride
content was expressed by a percentage to the weight of binder. As the ANC obtained in this
study was expressed the mole concentration of acid by weight of paste sample, the
concentration of hydrogen by weight of binder will be changed, depending on the water
cement ratio. For example, the ANC for OPC is converted from 23.3 mol/kg (10.6 mol/lb) by
weight of paste sample to 32.2 mol/kg (14.6 mol/lb) by weight of binder, when the free water
cement ratio was 0.4.
Figure 15 gives the relation between the chloride threshold level expressed by total
chloride content by weight of binder and by the mole ratio of [Cl-]:[H+]. At 1.0 mA/m2
(6.50×10-4 mA/in2) of the corrosion rate indicating the onset of corrosion, the mole ratio
ranged from 0.0055 to 0.0068, as being about 0.0063 on average, which seems converged to a
single value, despite the variation in the chloride threshold level expressed in the percentage
to the binder weight. The convergence of the ratio was again seen in the case at 2.0 mA/m2 of
the corrosion rate. Irrespective of binder type and different chloride threshold levels, the mole
ratio of [Cl-]:[H+] converged to 0.0073 - 0.0085, of which the average value equated to about
0.0082. The ratio of total chloride to ANC is probably the better representation of the chloride
threshold level for corrosion, since it considers all potentially important inhibitive (cement
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hydration products) and aggressive (total chloride) factors. This expression for the chloride
threshold level has benefits in assessing the chloride threshold in a non-destructive way and
thus the time to corrosion, as long as the rate of chloride transport is known.
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Figure 15: The relation between the chloride threshold levels expressed by the percentage to cement weight
and [Cl-]:[H+]

Once the ANC of a concrete mix is obtained, the chloride threshold level, expressed in
total chloride content by weight of cement, can be calculated, whilst the destructive testing for
corrosion and chloride transport were required in conventional methods, which take much
more time and efforts. The chloride threshold level may be in a wide range6, even if an
exposed external environment and concrete mix design are equivalent, because the variation
in the quality of cement matrix results in different levels of resistance to corrosion (i.e.
buffering to a pH decrease, inhibiting corrosion). As this expression, however, encompasses
the all inhibitive together with aggressive natures for corrosion, the corrosion risk could be
more accurately assessed.
2.4.5

SUMMARY ON HYDRATION BUFFERING

The resistance of steel embedded in mortar against chloride-induced corrosion was
evaluated in terms of the buffering of hydration products to a pH decrease and a development
of the corrosion rate with the variation in chloride content in the specimens. Also, a new
representation of chloride threshold level for steel corrosion in concrete was suggested,
considering the inhibitive characteristics of cement hydration products. The conclusion
obtained from the experimental study is as follows:
(1) For the buffering of hydration products, the resistance of cement paste to a pH
decrease at particular values of the pH was observed, even when nitric acid
was gradually added to the suspension, as shown by peaks in the acid neutrali
sation capacity (ANC) curve. The location and intensity of peaks in the ANC
curve were varied with binder, except for a peak which commonly occurred at
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about 12.5 in the pH.
(2) The corrosion rate and potential of steel in mortar increased with the cast-in c
ontent of chlorides, irrespective of binder type. Assuming that the corrosion rat
e exceeds 1-2 mA/m2 at corrosion initiation, the chloride threshold level for co
rrosion ranged between 0.74-0.93%, 0.48-0.59%, 0.29-0.44% and 0.63-0.78% fo
r OPC, 30% PFA, 60% GGBS and 10% SF respectively.
+
(3) The chloride threshold level was expressed as the mole ratio of [Cl ]:[H ]. The
concentration of chloride ions were derived from the threshold value expresse
d as the total chloride content, and the concentration of hydrogen from the aci
d (moles H+/kg binder) required for the suspensions to reduce the pH to 10, r
espectively. As a result, the ratio of [Cl-]:[H+] for OPC, 30% PFA, 60% GGB
S and 10% SF accounted for about 0.0063 and 0.0082, regardless of binder ty
pe, at 1.0 and 2.0 mA/m2 of the corrosion rate respectively.
2.4.6

REPRESENTATION OF THRESHOLD

2.4.6.1 Importance of threshold representation
The importance of chloride ions in the corrosion of steel in concrete has led to the
concept of a chloride threshold level (CTL). The CTL can be defined as the content of
chloride at the steel depth that is necessary to sustain local passive film breakdown and hence
initiate the corrosion process. It is usually presented as the ratio of chloride to hydroxyl ions,
the free chloride content or the percentage of the total chloride content relative to the weight
of cement.
Assessment of the CTL is a key element in predicting the service life of structures
exposed to chlorides. One possible definition of the service life is the time required for
transport processes to raise the chloride level at the depth of the steel to the CTL. The first
measurement of CTL was performed by Haussman [28] using a synthetic concrete solution
with a [Cl-]:[OH-] ratio of 0.6. The CTL was found to range from 0.36 to 1.16% by weight
of cement on the assumption that only the free chloride (water soluble) induces corrosion. The
CTL measured for bridges in the UK ranges from 0.2 to 1.5% by weight of cement, when
expressed as total chloride [29]; the British Standard [30] limits the chloride content to less
than 0.4% for reinforced concrete structures and 0.1% for prestressed concrete structures.
Despite the importance of the CTL, conservative values such as 0.2 or 0.4% by weight
of cement have been used in predicting the corrosion-free life, because of the uncertainty
regarding the actual limits in various environments for chloride-induced corrosion.
A considerable amount of research has focused on quantifying the CTL for steel
corrosion, but the measured values cover an extremely wide range. The reasons for the wide
range of reported CTLs include the method of measurement, method of presentation of CTL,
condition of the steel-concrete interface and the influence of environmental factors. For
example, the assessment of the CTL using a solution to replicate concrete produces errors
when applied to steel in hardened concrete.
CTL can be defined in two ways [31]:
(a) The chloride content at the depth of the steel which will result in the breakdown of
the passive film, and hence initiate corrosion; and
(b) The chloride content at the depth of the steel which leads to corrosion- induced
deterioration of the concrete structure.
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Due to the ambiguity of the latter definition which does not define deterioration of the
concrete structure precisely, the former definition has been widely adopted. Uncertainty also
surrounds depassivation, however, which cannot be detected by visual observation because it
may take some time for the coloured oxides resulting from corrosion to appear. The corrosion
rate of reinforcing steel is often regarded as being significant when it exceeds 1-2mA/m2.
2.4.6.2 Factors to threshold values
A number of studies performed have not resulted in a single value of the CTL, but a
wide range of values, because of the variables affecting the CTL. The most important factor
influencing the CTL may be the environment at the steel-concrete interface. The condition at
the steel-concrete interface directly influences corrosion initiation of the embedded steel and
determines the level of chloride for corrosion. The importance of the steel-concrete interface
was postulated by Page [32] and then was first supported by the experimental work of
Yonezawa et al [33].
External factors such as the humidity and temperature of concrete also influence the
CTL, but it is almost impossible in practice to control such environments for the purpose of
raising the CTL. The influence of cement type or cement replacement is subject to debate.
There is no conclusive proof that it either raises or reduces the CTL. The factors influencing
the CTL are listed in Table 3.
Chloride binding:
It is well known that C3A and C4AF bind chlorides to form 3CaO·Al2O3·CaCl2·10H2O
(Friedel's salt) and 3CaO·Fe2O3·CaCl2·10H2O respectively. Chloride binding can be defined
as the interaction between the cement matrix and chloride ions, which results in the removal
of chlorides from the pore solution. Binding capacity has been regarded as important in the
corrosion of steel in concrete structures because of the conventional view that chemically
bound chlorides do not participate in the corrosion process. Hence, it has been thought that a
higher binding capacity is associated with less corrosion risk.
Several investigations have addressed the influence of the chloride binding capacity on
the CTL, particularly in terms of the C3A content. Hussain et al [9] found that the CTL
increased with C3A content; three plain cements with C3A contents of 2.43, 7.59 and 14%
were tested and CTL values for those cements were 0.35, 0.62 and 1.00% respectively, as the
time to corrosion was determined using [Cl-]:[OH-] ratio to reach 0.3. The strong relationship
shown between the CTL and C3A content is supported by corrosion potential monitoring
which found that OPC concrete with 11.2% of C3A produced a CTL of > 1% by weight of
cement, while SRPC with 1.41% C3A lowered the CTL [34].
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Table 3 Factors influencing the CTL (

Factor
Theoretical
Chloride binding
Chloride mobility
Oxidising condition

Effect





indicate no change, an increase and a decrease in the
CTL respectively) [35]
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Experimental
Experimental
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Hypothetical
Hypothetical
Hypothetical
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Hypothetical
Hypothetical
Hypothetical

Steel interface
Voidage
Pre-rusting

Effect

On the other hand, concrete specimens made from cement with a low proportion of C3A,
such as SRPC, do not always show a lower CTL when the corrosion state is monitored with a
macrocell. Analysis of the CTL obtained by Hansson and Sorenson [13] shows no correlation
between the CTL and chloride binding capacity. Breit and Schiessl [14] reported similar CTL
values for OPC and SRPC concretes, ranging from 0.2 to 0.4%. This suggests that chloride
binding capacity has less influence on the CTL for a sustained corrosion process, possibly due
to the participation of bound chloride in the corrosion initiation process.
The influence of the binding capacity on the CTL is unclear; one possible reason may
be the inaccuracy of the methods used to detect the onset of corrosion. The half-cell potential
monitoring for corrosion is complicated by other variables affecting the corrosion potential,
and the time for threshold ratio of [Cl-]:[OH-] to reach 0.3, obtained from a beaker test, may
not be applicable to judge the corrosion initiation. Likewise, it seems that the macrocell
corrosion monitoring may be more appropriate, because this method can clearly detect
corrosion initiation by a sharp increase in the macrocell current at corrosion. Despite the
uncertainty concerning the effect of chloride binding on the CTL, chloride binding does
reduce chloride transport in concrete and lower corrosion rate. Also, chloride binding affects
the chloride transport by immobilising a portion of chloride ions [2]. The corrosion rate for
SRPC concrete (which has less chloride binding) is much higher than for OPC concrete
because of the higher free chloride levels [20].
At corrosion initiation, hydrogen ions reduced by the electrochemical reaction on the
steel surface cause acidification, a reduction of the pore solution pH. At a pH of 10, most of
the bound chloride ions are released as free chlorides. However, if a large portion of bound
chloride is not released even in the low pH environment of depassivation, a continued supply
of chlorides is necessary to initiate corrosion, thereby increasing the CTL.
Buffering capacity:
The pH dependent dissolution behaviour of cement hydration products can be
determined from acid neutralisation capacity (ANC) testing which measures the resistance to
a fall in pH. Its main use has been to investigate the leaching resistance of solid cement-based
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materials [36]. The application of ANC testing to cement-based materials with regard to
corrosion science has been more pioneered by Glass and Buenfeld [37] who suggested acid
differential neutralisation analysis of cement paste and concrete. In this method, the titration
curve (pH against molar equivalent of acid) shows several plateaus (in spite of a continuous
supply of acid), representing the inhibitive effect arising from the resistance of different
cement hydration products to a pH reduction. One of the peaks, occurring at about pH 12.6,
represents the buffering of calcium hydroxide [25].
Glass et al [17] performed the ANC test on chloride contaminated concrete specimens
and also measured the change in free chloride content as the pH was decreased. Figure 16
gives the pH dependent release of chloride and ANC analysis plot. It is evident that most of
the bound chloride is released as the result of dissolution of several hydration phases. Since
the pH value is about 10 at the stage of corrosion initiation, it can be said that the bound
chloride released by such a local pH reduction may also participate in corrosion initiation.
The pH dependent solubility of chloride in concrete suggests that the buffering capacity
of the cement matrix strongly affects the resistance to corrosion initiation and the CTL may
be influenced by the release rate of bound chloride rather than simply binding capacity or C3A
content. This hypothesis is supported by Reddy [38] who reported that SRPC has similar
values of CTL to those of OPC, 30% PFA or 65% GGBS concretes at a given interfacial air
void content, while a mixture of OPC and calcium aluminate cement (CAC), associated with a
high level of ANC, has a much higher CTL. Table 4 gives the buffering capacity up to pH 10,
measured by the ANC tests, of OPC, 30% PFA, 65% GGBS, SRPC and 10% CAC concretes.
However, the measured CTL tends to be different for specimens cast from the same concrete
mix (same binding capacity and same ANC value). This can be attributed to other factors,
which may include the condition of the steel-concrete interface, as discussed in the following
section.

pH of release of bound chlorides
Figure 16: pH dependent characteristics
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Table 4 The buffering capacity of various concretes as measured by the ANC method
ANC (mol/kg)
pH

12

11

10

CTL
(%, cement)

OPC

1.05

1.75

2.25

0.23-1.52

10% CAC

0.83

1.87

2.26

0.72-2.35

SRPC

0.92

1.26

2.08

0.31-0.53

30% PFA

0.51

1.23

1.8

0.25-0.35

65% GGBS

0.41

1.31

1.73

0.22-0.51

Steel-concrete interface:
When concrete is cast against a steel bar, a dense continuous cement rich layer
containing precipitated calcium hydroxide is postulated to be formed at the steel-concrete
interface [32]. This layer restricts the tendency for a decrease in pH to occur at anodic areas
and reduces the mobility of chloride ions. Suryavanshi et al [39] supported this hypothesis;
they found that steel taken from a mortar specimen was covered with a thin, dense
white-deposit approximately 10-15µm in thickness, which showed a strong Ca peak in the
EDX spectrum. The characteristics of the interfacial layer depend mainly on the
characteristics of hydrated cement paste which consists of solids and pores. The solids in
cement paste consist of C-S-H gel (50-60%), Ca(OH)2 (20-25%), AFm and AFt (15-20%),
and unhydrated clinker grains.
Subsequently, Glass et al [40] examined the steel-concrete interface in backscattered
electron (BSE) microscopy and observed no continuous Ca(OH)2 layer at the steel-concrete
interface.
The importance of entrapped air voids adjacent to the embedded steel has been
emphasised, because corrosion starts there. Air voids are often generated by bleeding or/and
settlement underneath the embedded steel, perpendicular to the direction of casting, and then
corrosion initiates in these voids irrespective of whether chlorides are introduced internally or
externally [41]. This is due to the fact that voids, in the vicinity of the steel, saturated in pore
solution, provide a more active environment for electrochemical reactions (i.e. corrosion) than
the dense cement matrix which relatively restricts current flow between anode and cathode, as
seen in Figure 17.
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1.5
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2.0

2.5

Interfacial air voids (%)
Figure 17: Relationship between the air void content at the steel-concrete interface and chloride threshold
level

It is now established that air voids at the steel-concrete interface have a significant
effect on the CTL. This effect is attributed to the absence of cement hydration products at
these locations that would otherwise resist a local fall in the pH. The importance of voids at
the interface on the CTL is supported experimentally by Yonezawa et al [33] who showed
strong correlation between the interface condition (i.e. adhesion to mortar) and the CTL.
However, the conclusion in this work was based on data obtained on a limited number of
mortar specimens with cast-in chloride. The experimental work of Reddy [38] using an
external source of chloride and with air voids generated parallel to the casting direction,
showed good correlation between the CTL and the air void content at the steel-concrete
interface (with CTL expressed as the total chloride relative to cement weight). This
relationship was also confirmed in the present work.
It has also been observed that an increase in the maximum size of entrapped air voids at
the steel-concrete interface decreases the CTL and time to corrosion initiation [42]. The
authors reported, however, that the largest void (maximum void size about 5mm in diameter)
produced the highest CTL and the longest time to corrosion. It seems likely that there is a
threshold size for entrapped voids that reduce the CTL. Above this threshold size, the
entrapped air void size may not influence the CTL, although other concrete properties may be
affected (eg. strength and bond between steel and concrete).
Although the physical condition of the steel-concrete interface in terms of the entrapped
air void content has an effect on the CTL, quantification of the effect of voids at the interface
has seldom been reported. One of the reasons for this is the difficulty of measuring the air
void content at the interface non-destructively.
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Cement replacement and alkali content:
The effect of cement replacement on the CTL has received little coverage in the
literature, in contrast to the widely reported assessment of its effect on chloride diffusion, the
possible reason being the much longer time to corrosion initiation for PFA and GGBS
concretes, which are very resistant to chloride transport. Figure 18 shows reported CTLs for
PFA and GGBS concretes depending on their replacement content and chloride source (i.e.
internally admixed or external chlorides).
(a)

Chloride threshold (%, cement) 1

2.0
Thomas 1996 (external Cl )
Schiessl and Breit 1996 (internal Cl )
Oh et al 2003 (external Cl )

1.5

1.0

0.5

0.0
0

10

20

30

40

50

PFA content (%)

(b)
Chloride threshold (%, cement)1

1.5

1.2

0.9

0.6
Schiessl and Breit 1996 (internal Cl )

0.3

Oh et al 2003 (external Cl )

0
0

10

20

30
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GGBS content (%)

Figure 18: CTL of (a) PFA and (b) GGBS concrete with internal and external chloride

Thomas [16] showed that an increase in the content of PFA in concrete exposed to
seawater produced a decrease in the CTL. However, the mass loss of the steel embedded in
PFA concrete measured at 4 years decreased as the content of PFA increased. Thomas and
Matthews [43] subsequently reported a reduction in the CTL of PFA concrete based on
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10-year performance of PFA concrete, including chloride transport and corrosion of
embedded steel, both of which were reduced by PFA replacement. They also showed that the
time to corrosion can be prolonged and corrosion propagation restricted by the addition of
PFA, despite a lower CTL. Similarly, Oh et al [2003] found that an increase in the PFA
content from 15 to 30% resulted in a decrease in the CTL from 0.90 to 0.67%, using half-cell
monitoring to judge corrosion initiation. In contrast, it was reported that the CTL for PFA
concrete was higher than that for OPC, when the chloride was introduced in the mixing water
and the macrocell current was monitored for 300 days [44]. The CTL for 25% PFA concrete
ranged from 1.0 to 1.5%, while OPC produced a CTL of 0.5 to1.0%.
PFA replacement decreased the CTL except for the results from Schiessl and Breit [44].
The decreased CTL for PFA concretes may be ascribed to the low buffering capacity of PFA
cement matrix. The lowered chloride buffering capacity of PFA concrete, which is about
48-80% compared to OPC concrete may result in more free chlorides in the pore solution at
corrosion initiation and hence increase the risk of corrosion. However, the reason for the
increased CTL for PFA concrete in the case of internally admixed chloride and macrocell
current monitoring is not fully understood. This discrepancy on the influence of PFA on CTL
may arise from there being other more dominant factors such as physical condition of the
steel-concrete interface. It seems that the CTL may be dependent on the environment, the
chloride source and the corrosion detection method.
When chloride ions were allowed to penetrate concrete from an external source, Oh et al
[45] obtained a marginal influence of GGBS on CTL: the CTL for 30% GGBS was 0.97% by
weight of cement, while the CTL for OPC concrete was 0.93%. Schiessl and Breit [44]
reported that the CTL for GGBS concrete was higher than that for OPC, when the chloride
was admixed in the mixing water. The CTL for 50% GGBS concrete ranged from 1.0 to 1.5%,
while OPC produced a CTL of 0.5 to 1.0%. The increase in CTL due to GGBS replacement
may be due to the higher binding capacity of GGBS with its high aluminate levels.
External factors:
External environmental factors such as relative humidity, temperature, moisture level
and type of cation have also been reported to influence the CTL. Hussain et al [9] indicated
that exposure temperature has a very strong influence on the CTL. An increase in temperature
from 20 to 70C caused a 5-fold reduction in the CTL. Also, an increase in temperature
lowered the percentage of bound chloride and reduced the pore solution pH.
The CTL also depends on the moisture level in the concrete, because the moisture level
affects the mobility of chloride ions, the potential of the environment and the chloride
concentration in the pore solution. When oxygen is not restricted, higher moisture contents
are reported to decrease the CTL [46]. This may be due to a decrease in the resistivity of
concrete. However, controlling these external factors is almost impossible in most practical
applications.
The effect of resistivity has been little investigated in spite of the significant effect it has
on the CTL. Morris et al [15] showed that an increase in resistivity from 2 to 100k resulted
in an increase in CTL from 0.44 to 2.32%, when measuring the resistivity between two rebars
in concrete using Nilsson 400 soil resistivity meter.
The potential and composition of embedded steel in concrete may influence the CTL.
An increase in the proportion of nickel and/or chromium may have an inhibitive effect.
Normal mild steel with 0.18 to 0.55% of nickel and chromium had CTL values ranging
from 0.04 to 0.09%, while the CTL of steels with high nickel and chromium levels of 0.82
and 1.91% varied from 8.64 to 10.8% and from 10 to 18% respectively [47]. This effect is
mainly due to the shift in potential in the noble direction, making the steel more resistant to
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chloride-induced corrosion. It has been shown that a change in cathodic potential by means of
an impressed DC current increases the CTL [48].
2.4.6.3 Representation
Free chloride:
The representation of CTL reflects the aggressive ion content and inhibitive properties
of the cement matrix. Chloride ions which are removed from the pore solution as the result of
an interaction with the solid matrix (bound chloride) are relatively immobile and may not be
transported to the steel surface. This should in theory favour the use of the free chloride
content (water soluble chloride) to represent the CTL. Results by Petterson [1993] show a
wide range of the CTL values in terms of free chloride concentration, ranging from 0.28 to
1.8M in mortar specimens with water/cement ratios between 0.3 and 0.75. Recent work by
Alonso et al [2000] reported CTL values in terms of free chloride content by weight of
cement, ranging from 0.3 to 2.0%.
This expression of CTL has the drawback of neglecting the risk represented by the
bound chloride. A local fall in pH takes place in the vicinity of the steel during pit growth,
which results in the release of bound chlorides. Moreover, unlike the solution environment,
the cement paste provides an inhibitive effect. Hydration products also resist the pH drop
induced by a continuous supply of chloride and the electrochemical reaction.
Glass and Buenfeld [1997a] noted that expressing the CTL as free chloride contents
results in anomalies. For example, an increase in moisture content resulting from an increase
in the water/cement ratio or exposure to a moist environment is accompanied by a more dilute
chloride concentration in the pore solution, as given in Figure 19 [Tritthart, 1989b]. This
implies that a lower free chloride concentration for a given total chloride level is associated
with a greater corrosion risk, which challenges the hypothesis that a higher free chloride
content relates to a higher corrosion risk. This was concluded from testing which showed that
an increase in the water-cement ratio increases the corrosion risk at a given chloride total
content [Treadaway et al 1989]. The relation between water-cement ratio and the ratio of
chloride to hydroxyl ions for a constant amount of chloride

2 .0

1 .5

]
H
O
[: 1 .0
]
l
C
[
-

0 .5

Figure 19: The relation between water-cement ratio and the ratio of chloride to hydroxyl ions
for a constant amount of chloride
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The water soluble chloride test will almost invariably overestimate the free chloride
content of mixes containing internal or external chloride, in some cases by as much as
hundred per cent [Arya et al 1987]. It should be noted that current guidelines and standards do
not address the free chloride content in relation to corrosion risk, largely for the reasons
mentioned above. The free chloride content is more often expressed as a function of hydroxyl
ion concentration in the pore solution, or the mole ratio of chloride to hydroxyl ions.

Ratio of chloride to hydroxyl ions:
This approach assumes that bound chlorides are not a risk to corrosion, and that the
hydroxyl ion concentration reflects the inhibitor content of the environment by sustaining the
high pH of the pore solution. In early works, the relation between free chloride and hydroxyl
concentration was used to express the CTL in terms of the ratio of free chloride to hydroxyl
concentration [Hausmann 1967, Gouda 1970]. This expression of the CTL is still currently
used [Yonezawa et al 1988, Kayyali and Haque 1995, Suryavanshi et al 1998, Alonso et al
2000, Castellote et al 2002]. A threshold ratio varying from 0.3 to 40.0.
Expressing CTL as the [Cl-]:[OH-] ratio implies that the hydroxyl ion concentration
reflects the inhibitor content of the environment; it indicates the ratio of aggressive to
inhibitive ions causing corrosion initiation in a solution environment. Gouda [1970] described
the relationship between chloride and hydroxyl ions by the following equation.
pH = nlog[Cl-] + K
(5)

where n and K are constants. This implies that the ratio [Cl-]n:[OH-] represents a
constant for corrosion prevention. The ratio of [Cl-]:[OH-] has been considered functional,
because it reflects the corrosion risk that is induced by either chloride alone, or carbonation
and chloride in combination. Carbonation helps release the bound chloride, thereby increasing
the concentration of free chloride as the pore solution pH falls. As a result, the ratio of
chloride to hydroxyl concentration increases significantly and the threshold ratio may exceed
the CTL, which indicates a higher corrosion risk.
The ratio of [Cl-]:[OH-], however, may not represent the CTL well since it ignores the
inhibitive effect of the cement matrix, which may include a relatively denser hydration
product layer on the steel surface. Precipitated calcium hydroxide forms a continuous layer
which prevents the pH from falling below 12.6. This can be confirmed if the ratio measured is
different between solution and concrete.
Moreover, the ratio of [Cl-]:[OH-] does not consider the dependence of chloride binding
capacity on the hydroxyl concentration. The alkaline environment within concrete is caused
primarily by the presence of metal hydroxides (KOH or NaOH). An investigation carried out
by Page and Treadaway [1982] indicated that the pore solution is more likely to be in the pH
range 13 to 14, rather than 12.6. This is due to the fact that pore fluid consists of NaOH and
KOH in addition to Ca(OH)2 solution (pH=12.6). The reduction of alkalinity may destabilise
the chloro aluminate, thus releasing chloride into the pore solution. However, an increase in
the pH above 12.6 has been observed to produce a remarkable decrease in the level of the
bound chloride. An analysis of the data by Tritthart [1989b], as given in Figure 20, showed
that an increase in the pH is accompanied by an increase in the [Cl-]:[OH-] ratio at a fixed
level of total chloride. This means that an increase in corrosion risk accompanies an increase
in hydroxyl ions, in spite of the inhibitive effect of hydroxyl ion.
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Figure 20: Effect of pH on chloride binding at a fixed level of total chloride (1% by weight of cement)
adding chloride as HCl, MgCl2 and CaCl2

Total chloride:
The representation of the CTL by the total chloride level is the most widely used
approach, and is the approach adopted in standards [BS 8110 1985, ACI committee 201 1994,
ACI Committee 357 1994, ACI Committee 222 1995]. Table 5 gives the limit of the total
chloride content of concrete from each standard.

Table 5 Maximum chloride content values set by various ACI and BSI documents
Type

Maximum chloride content (% wt. of cem.)
BS 8110

Prestressed concrete

0.10

Reinforced concrete exposed
to chloride in service

0.20

Reinforced concrete that will
be dry or protected from
moisture in service

0.40

Other reinforced concrete

ACI 201

0.10

ACI 357

ACI 222

0.06

0.08

0.10

0.20

0.15

The values of the CTL seem to vary with the content of C3A, type of chloride (internal
or external) and content of cement replacement such as PFA and GGBS, ranging from 0.2 to
3.0%. The results by Hope and Ip [1987], which indicate much lower values of 0.079-0.19%,
were obtained by using the AC impedance method to detect corrosion initiation. The wide
range of CTL values reported in terms of the total chloride content is due to a number of
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factors. The importance of individual factors is not always clear and no work has successfully
modelled the variation in CTL as a function of a single parameter.
The representation of the CTL as the total chloride content as a percentage by weight of
cement, is favoured because it is relatively easy to determine and because it involves the
corrosion risk of bound chloride and the inhibitive effect of cement hydration products. At the
stage of corrosion initiation, the pH in the vicinity of the steel falls locally as a result of an
electrochemical reaction with chloride and ferrous ions during pit nucleation. Corrosion is
initiated in the form of pitting where the local pH falls below 10. The drop in pH releases at
least 90% of the total surrounding chloride ions to participate in the corrosion process, with
access to oxygen and water as well as chloride accelerating the rate of corrosion. This
suggests that the total chloride content is a more accurate indicator of corrosion risk and the
inhibitive nature of cement may thus be better reflected by the total cement content rather than
the pore solution pH. Hence, the total chloride content to cement weight is the better
representation of the CTL because (1) the inhibitive properties of cement matrix are reflected
by its cement content and (2) the total aggressive potential of chloride ions is represented.
Ratio of total chloride to acid neutralisation capacity:
Cement hydration products have an inhibitive effect against chloride-induced corrosion
by buffering a fall in pH near the steel embedded in concrete. In a recent work, it was
suggested that a more appropriate representation of the inhibitive and aggressive properties of
concrete is provided respectively by its acid neutralisation capacity and acid soluble chloride
content [Glass et al 2000b, Glass and Sergi 2000]. The acid neutralisation capacity (ANC) has
been used to quantify the buffering capacity of concrete. The content of acid needed to reduce
the pH of concrete and cement paste suspended in water, up to a particular value, has been
reported by Glass and Sergi [2000]. The acid (moles H+/kg binder) required to reduce the pH
to 10 was determined as 18.9, 17.5, 15.4 and 14.5mol/kg for OPC, sulfate resisting Portland
cement (SRPC), 30% PFA and 65% GGBS respectively. Thomas [1996] determined the CTL
of OPC and 30% PFA content as 0.7 and 0.5% by weight of cement respectively. Based on
these data, the CTL for OPC and 30% PFA equate to the same mole ratio of 0.01 [Cl-]:[H+]. A
mole ratio of 0.01 also approximates to 0.65 and 0.5% chloride by weight of cement in SRPC
and 65% GGBS concretes respectively [Sergi and Glass 2000]. The ratio of total chloride to
ANC is probably the best representation of the CTL, since it considers all potentially
important inhibitive (cement hydration products) and aggressive (total chloride) factors.
2.4.7

SUMMARY FOR CHLORIDE THRESHOLD

To represent the corrosion risk, the chloride threshold level for steel corrosion is the
most powerful tool. There are several representations including the free chloride
concentration, the molar ratio of [Cl-]:[OH-], total chloride content and ratio of chloride to
buffering. Simultaneously the threshold level is influenced by chloride binding capacity,
buffering, steel-concrete interface, binder and external environments. The conclusion from a
literature review is given as follows:
1. The chloride threshold level can be defined as the chloride content at the depth of the
steel at the initiation of corrosion, which is strongly associated with the service life of
structure exposed to chloride-induced corrosion.
2. The threshold value is simultaneously affected by chloride binding, buffering, binder
type, alkalinity of the pore solution and exposure environment. Of them, the physical
condition of steel-concrete interface is crucial: an increase in the air content at the
interface resulted in a decreased in the threshold, as the corrosion always starts in the
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void adjacent to the steel. In fact, the external environment has a strong influence on
the corrosion risk, although its restriction is mostly impossible.
3. The best representation of CTL must reflect the aggressiveness of chloride ions and the
inhibitive nature of cement matrix. Thus, the total chloride content to binder weight is
at present the most appropriate way to express the CTL.
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2.5

Probabilistic Evaluation on Load-carrying Capacity of Deteriorated
RC Members

ABSTRACT

The life-cycle management is a series of action including judgment on the deterioration grade
by periodic inspection, assessment on the structural performance, prediction on the future
performance degradation, and proposal of alternatives of appropriate interventions based on
life-cycle cost minimization or performance maximization under budget capping. During
inspection on the present conditions of structural members and assessment of performance of
structure, in general, appearances of RC members are visually observed and are more or less
subjectively evaluated with the deterioration grade. However, it is not clear how the
deterioration grade quantitatively represents the performance of reinforced concrete (RC)
members and structures. Since load-carrying capacities of RC members show large variations,
the probabilistic approach is required to appropriately evaluate the structural performance
with considering the variation in the existing structure efficiently.
A total of 40 RC slabs extracted from existing open-piled wharves are tested in order to make
clear the relationship between visually judged deterioration grades and load-carrying
capacities. Then, based on the extreme value theory, a probabilistic assessment method of the
load-carrying capacities of RC slabs is proposed. This part contributes to performance
prediction of deteriorated RC members due to chloride attack.
As a result, load-carrying capacities of tested RC slabs show large variations, though those
tested slabs are judged as the same deterioration grades. There exist some slabs of which
load-carrying capacity ratios are less than 1.0 and the others are more than 1.0 in deterioration
grades c, b, and a (deterioration grades d, c, b and a, where a is serious and d is health
conditions). In case of deterioration grade a, in particular, the load-carrying capacity ratios
drop to approximately 0.5 in the worst case. Some of the load-carrying capacities of grade c
slabs were reduced to the same level as those of deterioration grade a slabs. From the safety
assessment point of view, when deterioration grade is judged as grades c, b or a; namely,
damages due to deterioration appeared on the surface of concrete members, it should be
considered that the load-carrying capacity may become less than the design expectations.
The extreme value theory is applied for probabilistic discussion. By using obtained
cumulative distributions of load-carrying capacity ratio, the cumulative probability can be
estimated for the minimum load-carrying capacity ratio. According to the results, for example,
the load-carrying capacity ratio of the RC slab becomes 1.0 or more with the probability of
about 70 % in deterioration grade c, about 60 % in deterioration grade b, and about 20% in
deterioration grade a. For another example, the minimum load-carrying capacity ratio with the
probability of 95% can be estimated as 0.72 in deterioration grade c, as 0.65 in deterioration
grade b, and as 0.35 in deterioration grade a. In this research, the minimum experimental
load-carrying capacity ratio is 0.47 in deterioration grade a.
The performance index obtained by the proposed methods is expected to become an effective
evidence of decisions on interventions for strategic maintenance of large numbers of existing
structures. For this purpose, validities of proposed structural performance index and
optimization of cumulative distribution parameters in each deterioration grade have to be
verified by accumulating further experimental data.
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2.5.1

INTRODUCTION

A reinforced concrete (RC) structure has a long lifetime and must be expected to meet
demands during its lifetime that cannot be foreseen. Concrete and steel reinforcement tend to
deteriorate due to physical and chemical agents and loss of structural performance or even
structural collapse may be consequences. At the initial design stage, designers make several
assumptions, in which probably worst conditions are considered with certain safety margins,
so that the RC structure can keep its structural performance over required levels. Serious
deterioration of structural members may be caused by insufficient durability design with
optimistic assumptions against materials deterioration and by lack of proper maintenance after
construction of the structure.
Based on the performance-based design concept, structural performance of RC structure
should be ensured over the design service life. For this purpose, the life-cycle management [1]
is necessary to present the methodologies how the structural performance would be assured
over the minimum limits during the design, execution, and maintenance stages. Accordingly,
the life-cycle management is a process which seeks to ensure that the service life of RC
structure will equal or exceed its design life, while taking into account the life-cycle cost of
the structure, and, if required, its life-cycle environmental impact.
The life-cycle management is a series of action including judgment on the deterioration grade
by periodic inspection, assessment on the structural performance, prediction on the future
performance degradation, and proposal of alternatives of appropriate interventions based on
life-cycle cost minimization or performance maximization under budget capping.
During inspection on the present conditions of structural members and assessment of
performance of structure, in general, appearances of RC members are visually observed and
are more or less subjectively evaluated with the deterioration grade. However, it is not clear
how the deterioration grade quantitatively represents the performance of RC members and
structures.
Aiming at the achievement of the life-cycle management, the authors have tried to establish
the simplified assessment procedure by focusing on the relationship between the deterioration
grade and structural performance of RC members. In the previous study [2], load-carrying
capacities of RC members showed large variations, even though those tested members were in
the same deterioration state. Accordingly, the tested results implied that the probabilistic
approach is required to appropriately evaluate the structural performance with considering the
variation in the existing structure efficiently.
A total of 40 RC slabs extracted from existing open-piled wharf are tested in order to make
clear the relationship between visually judged deterioration grades and load-carrying
capacities. Then, based on the extreme value theory, a probabilistic assessment method of the
load-carrying capacities of RC slabs is proposed. This part contributes to performance
prediction of deteriorated RC members due to chloride attack.
2.5.2

LIFE-CYCLE MANAGEMENT

2.5.2.1 Overall Concept
The service life of a structure is subject to the degradation of structural performance of
structural members and components. Maintenance is the major strategy to counter the
degradation, which is carried out to assess the present conditions of structure and to quantify
the level of structural performance. In addition, by predicting future progress of structural
performance degradation, the most appropriate method of intervention is chosen for
minimizing the life-cycle cost or maximizing structural performance recovery under budget
capping. A general procedure of life-cycle management is shown in Figure 1. The life-cycle
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management includes a series of actions to evaluate and assess the grade of deterioration and
structural performance degradation by inspection, to predict the future progress of
performance degradation, and to propose the alternatives of appropriate intervention based on
life-cycle cost minimization or performance maximization under budget capping. The
life-cycle management and a related scenario can only address foreseeable changes and risks
based on some assumptions.
The life-cycle management system is composed of the following main components [1]:
 Inspection of the present conditions of structural members
 Assessment of structural performance
 Prediction of future progress of performance degradation
 Proposal of method and timing of intervention
 Decision of action among proposed alternatives of interventions
 Correction of scenario for further life planning
Scenario for
performance
guarantee

Maintenance plan

Design
Service period
Usage

Periodic inspection

Input/Reference

Design
Environment
Assessment and Prediction

Database

Performance
Input/Reference

・Inspection
・Prediction
・Intervention

Present Time

Service life
Future plan
Method and timing of action

Input/Reference

Scenario
correction

Figure 1: Life-Cycle Management Procedure
2.5.2.2 Assessment
Assessment can be made either by the condition-based concept or the performance-based
concept. As mentioned earlier, the performance-based concept should be applied for
performance assessment, but generally needs engineers having skills and knowledge, costs,
advanced techniques, etc. Thus, the condition-based assessment is reluctantly accepted
because of its feasibility [3]. The grading system has been often applied, in which the state of
deterioration is visually evaluated and judged using the deterioration grade. The visual
inspection is only able to provide the change in appearance of structural member, but
structural performance has to be evaluated as precisely as possible.
If the relationship between structural performance or structural capacity and the grade of
deterioration could be found even tolerate margins of errors, the intervention could be
discussed with using the deterioration grade [4].
Since deterioration of RC members is induced and accelerated mainly by chemical agents, the
ingress and transportation of those agents are predicted as main indices for durability
performance. For example, chloride ion accumulation is simulated with Fick’s diffusion law
and carbonation depth is estimated with the square-root method. However, as the progress of
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deterioration of a structure differs widely by its location because of inhomogeneous
characteristics of materials and diversity of environmental conditions, the proper
determination of calculation parameters is not so easy. The uncertainties in service life
predictions depend on the quality of the data available and the appropriateness of assumptions.
The variations with time of the concentrations of each chemical agent, and the intensity of
each physical agent, to which each component may be exposed in a specific time should be
determined. Further research is needed for establishing reliable predictions based on
numerical models.
2.5.3

RELATIONSHIP
BETWEEN
DETERIORATION
LOAD-CARRYING CAPACITY OF TEST RC SLAB

GRADE

AND

2.5.3.1 Procedures of Test and Measurement
To evaluate the relationship between visually judged deterioration grades and load-carrying
capacities, a total of 40 RC slabs extracted from 7 open-piled wharf structures were visually
inspected and experimentally load tested. Thirty three slabs (Slab Nos. 1 to 33) were taken out
from the RC decks that have been in service for over 30 years, while 7 slabs (Slab Nos. 34 to
40) were taken out from RC access bridges used for 44 years. The slabs extracted were
approximately 400 to 1450 mm on each side. Unfortunately, the details of constituent
materials and design calculations were not available to understand the designed conditions of
the tested RC slabs.
Those slabs were visually inspected on their surfaces. Visual inspection was carried out by
focusing on cracks and their directions, spalling off of cover concrete, rust stain, and
corrosion appearances. Deterioration grades of all the slabs were judged by the grading
system summarized in Table 1 [5]. The total numbers of tested slabs are 2 for deterioration
grade d, 17 for grade c, 11 for grade b, and 10 for grade a.
After the visual inspection and judgment, the slabs were experimentally load tested as a
one-way slab. They were simply supported at their marginal regions having loading spans as
listed in Table 1 and a monotonically-increased three-point (Slabs Nos.1-20) or four-point
(Slabs Nos.21-40) bending load was applied. The supporting areas were repaired by mortar in
case that the cover concrete had been already spalled. During the test, the applied load and
deflection at the supporting points and at the midspan were measured and recorded. Since no
strain gauges were glued on the surface of reinforcement, the first yield load was determined
when the midspan deflection showed a sharp increase.
To compare the load-carrying capacities of tested slabs with various structural details, the
experimentally obtained maximum loads were normalized by corresponding calculated results
based on the beam theory by using designed values of strengths, dimensions, and the initial
cross-sectional areas of steel reinforcement. The design values of compressive strength and
Young’s modulus of concrete are assumed at 24 N/mm2 and 25 kN/mm2 respectively with
considering the previous design standards for Japanese port and harbor facilities. Based on the
tensile tests of non-corroded steel reinforcement taken out from some test slabs, the design
values of tensile strength and Young’s modulus of steel reinforcement are assumed at 345
N/mm2 and 200 kN/mm2 respectively.
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Table 1 Deterioration Grade
Deterioratio
n grade

Map cracking ( > 50%)
Spalling off of cover concrete
Heavy rust stain
Map cracking (  50%)
Much rust stain
One directional crack or gel
extraction
Partial rust stain
No deformation and/or damage

a
b
c
d

Load carrying capacity ratio
Exp. / cal

Criteria

1.5

1.0

0.5
□: Nos.1~20
○: Nos.21~40

0.0

a3
1c
2b
Deterioraion grade
Figure 2: Relationship Between Deterioration Grades and Load-Carrying Capacities.
0d

2.5.3.2 Experimental Result and Discussion
Figure 2 shows the relationships between the deterioration grades and load-carrying capacity
ratios of tested RC slabs. In the slabs judged as deterioration grade c, b or a, there were large
variations in the load-carrying capacity. There existed some slabs of which load-carrying
capacity ratios are less than 1.0 and the others are more than 1.0 in deterioration grades c, b,
and a. In case of deterioration grade a, in particular, the load-carrying capacity ratios dropped
to approximately 0.5 in the worst case. Some of the load-carrying capacities of grade c slabs
were reduced to the same level as those of deterioration grade a slabs. From the safety
assessment point of view, when deterioration grade is judged as grades c, b or a; namely,
damages due to deterioration appeared on the surface of concrete members, it should be
considered that the load-carrying capacity may become less than the design expectations.
Large variations in the load-carrying capacity in deterioration grades c, b and a are considered
to be influenced by two factors as follows: (1) mislead of the deterioration grades judgment
and (2) deteriorated area in a tested slab.
(1) Delamination of cover concrete was detected with hammering tests at the midspan area of
some tested slabs. However, the delamination was not directly related to the judgment on the
deterioration grades. Furthermore, in some tested slabs, many small cracks and honeycomb
existing on the surface layer of concrete disturbed the change in appearance due to corrosion
of reinforcement, which may mislead the healthier deterioration grade. The degree of
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corrosion of steel reinforcement is considered to not always contribute to the surface
appearance of slab; that is, judgment of the deterioration grade.
(2) One deterioration grade is representatively judged for one RC member. In some cases,
corrosion cracks and/or delamination of cover concrete occurred in a small part of their
surface. Those slabs have been judged as deterioration grade c. However, some of those slabs
showed different failure modes from the uniformly deteriorated slabs. In the range of this
research, non-uniformly deteriorated slabs show a tendency to loss in load-carrying capacity
due to the shear crack progress. Stress transmission between concrete and steel reinforcement
changes according to the corrosion cracks, localized corrosion in steel reinforcement, and
their parts and states. Change in the stress transmission leads the change in failure mode and
ultimate load as a consequence. As a result, load-carrying capacities of tested RC slabs show
large variations, though those tested slabs are judged as the same deterioration grades.
The tested results imply that the probabilistic approach is required to appropriately evaluate
the structural performance (load-carrying capacity) with considering the variation of that in
the existing structure efficiently. In this research, based on the statistical analysis on the
relationship between deterioration grades and load-carrying capacities, the probabilistic
evaluation method of the load-carrying capacities of RC slabs in deterioration grade a, b and c
is proposed as a quantitative evaluation method of residual structural performance of
deteriorated RC members.
2.5.4

PROBABILISTIC ASSESSMENT OF LOAD-CARRYING CAPACITY

2.5.4.1 Objectives of Probabilistic Assessment
The extreme value theory has been widely applied in reliability engineering and failure
analysis, especially in the evaluation of localized corrosion of metallic material, which has
probabilistic features essentially. Tested slabs were mainly deteriorated by corrosion of steel
reinforcement due to chloride ion; therefore, the load-carrying capacities of the slabs were
reduced by the corrosion of reinforcing bars. Progress of corrosion of steel reinforcement in
concrete shows large variations even if these are embedded in the same structural member [6].
Those variations lead the non-uniform cross-sectional geometry of the steel reinforcement. As
a result, it becomes a main cause of the large variation in the load-carrying capacity of RC
members. Based on the above discussion, the extreme value theory is applied to evaluate the
load-carrying capacities of RC slabs probabilistically as the same approach as the corrosion of
metallic material [7].
The actual load-carrying mechanism in RC structures and influences of corrosion of
reinforcement on the load-carrying capacity of RC members are not considered in the
proposed probabilistic evaluation method of structural performance of RC slabs from the
deterioration grade judgment. The target of the probabilistic performance evaluation
development using the visually judged deterioration grades is to achieve the strategic
maintenance of RC structures based on the life-cycle management concept.
2.5.4.2 Probabilistic Assessment on Load-Carrying Capacity
Based on the extreme value theory, the cumulative probability, F(x) at the extreme value, x
can be presented as Equation (1) by using the ratio of the direct measurement area to the
whole estimation area, T.
1  F x  

1
T

(1)
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When data of the load-carrying capacity of RC slabs are discussed with the extreme value
theory, it is necessary to set the lower limit, 0.0, to the targeted extreme value. Hence,
experimental load-carrying capacity ratios in deterioration grades a, b and c were applied to
the Weibull distribution, Type III asymptotic distribution of extreme values, presented in
Equation (2) [8].
  x 
F III  x   1  exp  
  





m





(2)

Where F-III(x) is the cumulative distribution function, x is a load-carrying capacity ratio,  is a
scale parameter,  is a location parameter, and m is a shape parameter.
Direct measurement data of load-carrying capacity ratios of the RC slabs in each deterioration
grade are assumed to be expressed as the cumulative distribution function Fexp(xi) by the
following equation based on the order statistics:
Fexp  xi  

i
N 1

(3)

Where Fexp(xi) is the cumulative distribution function of the i-th statistics, xi: is the
experimental data in increasing order, and N is the total number of experimental data.
Load-carrying capacity ratio, x can be assumed to be x0.0; therefore,  in Equation (2)
can be set at 0.0. Parameters  and m were obtained by try-and-error calculation based on the
least squares method to best fit to the cumulative distribution Fexp(xi).
2.5.4.3 Development of Probabilistic Performance Assessment Method from Deterioration
Grade Judgment
Figure 3 shows the experimental and calculated cumulative distributions of load-carrying
capacity ratio in deterioration grades a, b, and c. Parameters and characteristics values of the
load-carrying capacity ratio in each deterioration grade are listed in Table 2. The
Kolmogonov-Smirnov test reported the coincidence between F-III(x) and Fexp(xi) with the
significance level of 5%.
The mean and mode of the load-carrying capacity ratio become small as the deterioration
grade progresses. In deterioration grade a, the mean and mode are less than 1.0, which
indicates that the experimental load-carrying capacity is below the design expectation, in
addition to the standard deviation of the load-carrying capacity ratio is more than those in
grades b and c.
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Cumulative probability

Exp.
Cal.

Grade a
Grade a

Grade b
Grade b

Grade c
Grade c

100%
90%
80%
70%
60%
50%
40%
30%
20%
10%
0%
0.0

0.5
1.0
1.5
Load carrying capacity ratio x

2.0

Figure 3: Cumulative Distributions of Load-Carrying Capacities
Table 2 Parameters and Characteristics Values.


m
Mean
Mode
Standard
deviation

Deterioration grade
c
b
a
5.80
5.39
3.21
1.20
1.13
0.88
1.11
1.04
0.79
1.16
1.09
0.78
0.19

0.19

0.25

The mean and mode of the load-carrying capacity ratio become small as the deterioration
grade progresses. In deterioration grade a, the mean and mode are less than 1.0, which
indicates that the experimental load-carrying capacity is below the design expectation, in
addition to the standard deviation of the load-carrying capacity ratio is more than those in
grades b and c.
By using obtained cumulative distributions of load-carrying capacity ratio, the cumulative
probability can be estimated for the minimum load-carrying capacity ratio, x; for example, the
minimum load-carrying capacity ratio becomes 1.5 or less with the probability of 100 %. The
description, however, would not be suitable to the structural performance assessment of RC
structures, which should be maintained strategically.
Therefore, as shown in Figure 4, y-axis represents 1.0-F(x), which is the cumulative
probability with which the minimum load-carrying capacity ratio becomes x or more. In this
figure, the upper limit of load-carrying capacity ratio is set at 1.0 with the intention of
practical application for the performance assessment of RC structures. According to these
results, for example, the load-carrying capacity ratio of the RC slab becomes 1.0 or more with
the probability of about 70 % in deterioration grade c, about 60 % in deterioration grade b,
and about 20% in deterioration grade a. For another example, the minimum load-carrying
capacity ratio with the probability of 95% can be estimated as 0.72 in deterioration grade c, as
0.65 in deterioration grade b, and as 0.35 in deterioration grade a.
In this research, the minimum experimental load-carrying capacity ratio is 0.47 in
deterioration grade a. Deterioration grade a describes the worst deterioration state; therefore,
the extreme load-carrying capacity ratio is considered to be 0.0 by accumulating further
experimental data. The cumulative distribution of load-carrying capacity ratio in deterioration
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grade a has a possibility of becoming a decentralized tendency.
100%
90%

1 - F(x)

80%
70%
60%
50%

Grade a
Grade b
Grade c

40%
30%
20%
0.0

0.2
0.4
0.6
0.8
Load carrying capacity ratio x

1.0

Figure 4: Cumulative Distribution with which the Minimum Load-Carrying Capacity Ratio
Becomes x or More
The difference of the cumulative distribution of load-carrying capacity ratios in deterioration
grades b and c is not remarkable in this research. It is considered to be largely influenced by
the localization of deterioration and their state as discussed earlier. In addition to those,
cross-sectional losses in steel reinforcement due to corrosion, that has a great influence on the
load-carrying capacity, are not considered in the visually deterioration grading system covered
in this research. Moreover, the deterioration progress of RC member shows great differences
according to environmental conditions, mixed materials, construction conditions, service
years of structures, and so on.
The proposed structural performance assessment method has been developed by accumulating
data of load-carrying capacity and deterioration grade of RC slabs sampled from the existing
RC structures in a wide region in Japan. However, the data in this research would not include
the whole conditions related to service and maintenance of RC open-piled wharves in the
domestic whole area. Therefore, in addition to accumulate further experimental data of
load-carrying capacity in each deterioration grade, the accuracy of the load-carrying capacity
evaluation can be improved by considering the localization of deterioration as much as
possible in the deterioration grade judgment of grades b and c.
2.5.5

CONCLUDING REMARKS

A total of 40 RC slabs extracted from existing open-piled wharf was tested in order to
evaluate the relationship between visually judged deterioration grades and load-carrying
capacities. Based on the statistical analysis on the relationship between deterioration grades
and load-carrying capacities, the probabilistic assessment method on the load-carrying
capacities of RC slabs is proposed as a quantitative evaluation method of residual
load-carrying capacity of RC structures. The performance index obtained by the proposed
methods is expected to become an effective evidence of decisions on interventions for
strategic maintenance of large numbers of existing structures. For this purpose, validities of
proposed structural performance index and optimization of cumulative distribution parameters
in each deterioration grade, especially in deterioration grade d, have to be verified by
accumulating further experimental data.
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2.6

Chloride Threshold Levels for Two Different Types of Ordinary
Portland Cement

ABSTRACT
Experimental work was carried out to determine chloride threshold levels for two different
types of Ordinary Portland cement concrete. Half-cell potential measurement was
continuously conducted using embedded lead electrode in concrete. With this method
corrosion development of rebar within concrete subjected to sodium chloride solution was
assessed. In addition electrochemical AC impedance data was obtained by a portable
corrosion meter to estimate the corrosion rate of rebar. Chloride threshold level was estimated
from data obtained through conventional acid extraction method.
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2.6.1

INTRODUCTION

Recently it is proposed to consider durability of reinforced concrete in a performance based
approach. In this approach it is aimed to assure the safety and serviceability requirement
throughout the whole service life. For concrete structures in chloride-laden environments such
as a marine environment the performance based design requires the estimation of corrosion
initiation time as a function of concrete composition which requires accurate estimation of
chloride penetration in time and consequent threshold level for rebar corrosion initiation.
Much research has been done in connection with chloride penetration in various concrete
compositions [1-3]. Conversely, few literatures can be found in connection with chloride
threshold concentration for corrosion initiation of reinforced concrete structures.
Although a protective passive layer is formed on the rebars due to the alkaline environment in
concrete, chloride concentrations above a certain level (Threshold concentration of chloride
ion) locally breaks this protective layer and cause corrosion of rebars in the presence of
moisture and oxygen [1,4]. The chloride threshold is normally defined as a range of values
rather than a well-defined point. This range depends on moisture content of concrete, pH of
concrete pore solution (depends on type and amount of cement used), quality of interfacial
transition zone that results from workability of concrete and compaction process and quality
of steel surface. Ambient temperature and chemical composition of steel bar are also affecting
the initiation of corrosion. The chloride threshold level could be changed with the exposure
condition of the structure significantly e.g. the submerged portion contains much amount of
moisture and little amount of oxygen.
Experimental work carried out in this research was aimed to define chloride threshold levels
for two different types of Ordinary Portland cement concrete. Recently studies had been
carried out on chloride threshold value using deformed bar by the half-cell potential
monitoring without considering another electrochemical parameters [5, 6]. With this newly
proposed method corrosion development of rebar within concrete subjected to sodium
chloride solution was assessed. The monitoring system in this research comprises embedded
sensor in concrete and computer operated data logger. Electrochemical AC impedance data
obtained by a portable corrosion meter was also used to estimate corrosion rate of rebar.
Chloride threshold level was estimated from data obtained through conventional acid
extraction method. It is noted that this is reported on the basis of conference papers [7,8].
2.6.2

METHODOLOGY

2.6.2.1 Materials
Concrete
Two types of Ordinary Portland cement concrete (N1 and N2) were used in this research.
Details of mix proportions and concrete properties are summarized in Table 1. Ordinary
Portland cement was used to prepare the specimens of which density is 3.16 g/cm3. The
coarse aggregate was crushed stone of a maximum size of 13 mm. The fine aggregate is river
sand from Mukawa River, Japan. The absorption and specific gravity of coarse and fine
aggregate was 1.62% & 2.85% and 2.68 g/cm3 & 2.61 g/cm3 respectively. Fineness modulus
of coarse and fine aggregate was 6.10 and 2.68 respectively.
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Table 1 Mix proportions and properties of concrete
Unit weight (kg/m3)
28
Targe
Days
Targe
Chemical
W/
t
s/a
Gmax
Comp.
t
admixtures
C
Slum
Specime
Air
AE1 AE2* Strengt
p
n
W
C
S
G
h
*
*
3
3
(%
(g/m (g/m
(mm
(N/mm
(cm)
(%)
(%)
2
)
)
)
)
)
16 24 87 102
2.48 8.67
28.1
65 46
N1
1
8
9
8
12±1. 5±0.
13
5
5
16 32 79 104
3.24 11.34 42.9
N2
50 43
2
4
3
7
* AE1: Pozzolith 78S (Water reducer) ** AE2: Micro air 785 (Air entrained supplement)
Fig.1. Details of corrosion monitoring system (left), cross-section of test specimen (right)

Specimen Name
N1P
N2P
N2D
N2PS

Table 2 Specimen configuration
No of Specimen
Contents
3
3
3
5

Plain bar
Plain bar
Deformed bar
Plain bar & Sensor

Remark
W/C = 65%
W/C = 50%

Reinforcing bars and preparation
The reinforcing steel (working electrode) used for corrosion tests was deformed steel bar and
plain round steel bar. All reinforcements had a diameter of 19 mm. Rebars are prepared by
cutting to about 420 mm lengths, and thereafter electrical connection was made with
self-tapping screw and sealed electrical copper wires. Both the connected and non-connected
ends of a bar were sealed with epoxy resin on the second day of concrete casting before
curing.
Reference electrode and placement
Single number of commercially available Pb/PbO2 reference electrode had been placed inside
the N2 specimens (W/C = 50%) before concrete casting. Details of specimens with electrode
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can be found in the Figure 1. The electrodes are hold in exact position during casting by
means of a small diameter plastic rod. Care has been taken during concrete placement and
compaction to avoid the electrode displacement from original position and any disturbance in
electrical connection.
2.6.2.2 Specimen preparation

Cl- application zone
(50mm)

400mm

100mm
Four types of specimens were prepared (e.g. N1P, N2P,
N2D, and N2PS); configuration details can be found in
Table 2. Details of specimens with sensors have been
U
D
shown in Figure 1. Every specimen contains two
reinforcing bars at 20 mm (named `UP`) and 25 mm
(named `DO`) cover distance from the top surface. It
was expected that chloride ion will induce corrosion in
upper bar while lower will remain uncorroded in some
DM
UM
time span. For specimens without sensors having the
similar configuration, only difference is that no lead
reference electrode had been placed in these specimens.
Electrical
The concrete was mixed with a biaxial concrete
DC
UC
Wires
mixture. To avoid bleeding concrete was placed in
lengthwise direction. Internal poker vibration was used
to compact the N1P, N2P and N2D specimens and
formwork vibration has been used to compact the Fig.2 Measurement positions by Double
N2PS specimens which contains sensors. In addition
counter electrode.
cylinder specimens have been prepared to check the
compressive strength grade of test concrete.
All specimens had 28 days water curing in a temperature controlled tank. Then all sides
(except top and bottom) of the specimens were sealed with water proof tape and top surface
had cleaned with wire brush. An acrylic can dimensioning 50x100 mm in cross section had
been set on exactly middle of the specimen (as shown in Figure 1a) with transparent type glue.
After allowing the glue to be sufficient drying and hardening, NaCl solution of 10% in
concentration was poured in that can.
Specimens contained reference electrodes were connected with the computer operated
automatic data acquisition system to obtain half-cell potential at an interval of 8 hours. Height
of NaCl solution inside the can was maintained to approximately 5 cm by recharging distilled
water every week during the entire period to avoid the change in solution concentration. The
solution concentration was checked in regular interval and replaced in 1-2 month interval.
2.6.2.3 Measurements

Electrochemical data and corrosion diagnosis
A portable type AC impedance spectroscopy has been used to obtain the impedance data and
half-cell potential in 1-2 month interval for all the specimens. Principals used for AC
impedance measurement using double-counter electrode with a Ag/AgCl reference electrode
and relevant data analysis method are referred to [9, 10]. Additionally, as mentioned earlier
half-cell potential and ambient temperature of N2PS specimens were monitored with the help
of lead reference electrode. A J type thermocouple was coupled with the data acquisition
system for temperature monitoring. To obtain impedance data and half-cell potential the
double counter electrode was placed in some six positions consequently as shown in Figure 2.
The symbols UM, UC and U corresponds to middle position, electrical connection to the
reinforcement end and the end without connection for the 20 mm cover reinforced bar.
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Similar symbols are used to demonstrate the measurement position for the 25 mm cover bar.
Although electrochemical data has been obtained from 6 position of the specimen only UM
and DM position will be discussed in this paper. Initial data has been obtained after curing
and before placing the acrylic can for NaCl solution application. In duration of 1-2 months all
the specimens were tested with the portable corrosion meter by taking out the NaCl solution
and cleaning the top surface of the specimen.
After measurement the “acrylic can” had been placed in the same position for NaCl
application. The same procedure had been carried out until significant drop in half-cell
potential observed by the portable corrosion meter/lead reference electrode. ASTM standard
[11] for corrosion initiation of rebars in concrete was followed.
Determination of chloride threshold value
After successful detection of corrosion by the double counter electrode/lead reference
electrode or both, the specimens were cut and split to confirm corrosion by visualization.
Concrete specimens taken from the middle position of 50 mm in width, were cut in an
approximately 5 mm layers using a diamond type micro concrete cutter from the vicinity of
the reinforcement for chloride profiling. The slices were grind together using a hand grinder
and passed through a 150 μm standard sieve. Conventional acid extraction method [12] had
been employed to extract the chloride by taking approximately 10 gm of this powered sample.
Thereafter an automatic chloride ion titrator had been employed to measure the chloride ion
concentration in each layer of concrete sample. The experimental data obtained from the
titration has been automatically fitted using computer software and later adjusted with the
estimated corrosion initiation time. Solution of the Fick’s 2nd law (Equation 1) was used to fit
the experimental data.

C ( x, t )  C0 {1  erf (

x
)}
2 Dap t

Where,
C(x,t) : Chloride ion concentration at depth x in time t (kg/m3)
Co
: Chloride ion concentration at concrete surface (kg/m3)
X
: Depth from the penetration surface (cm)
Dap
: Apparent diffusion coefficient (cm2/yr)
t
: Period of exposure to chloride ion (year)
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-350
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Elapsed time (Days)

Fig.3 Half-cell potential monitoring by embedded reference electrode in N2PS samples.
The surface chloride concentration, chloride diffusion coefficient, and threshold chloride level
of all the specimens were found from the chloride data analysis.
2.6.3

RESULTS AND DISCUSSION

Icorr (μA/cm2)

N2PS Specimens
Continuous monitoring of half-cell potential
Icorr 1UM
Icorr 4UM
Icorr 5UM 0
0.26
for N2PS samples are shown in Figure 3. The
Ecorr1UM
Ecorr 4UM Ecorr 5UM
-100
half-cell potential of the 20 mm cover bars of
0.19
specimen 1, 4 and 5 dropped below the
-200
threshold half-cell potential (shown in Figure
0.12
-300
3 by a continuous dotted line at Ecorr of -350
-400
mV vs CSE)
0.05
suddenly after 179, 278 and 164 days
-500
respectively which shows the indication of
-0.02
-600
corrosion initiation in these bars, while no
0
70
140
210
280
drop was observed in the 25 mm cover bars
Elapsed Time (Days)
of the same specimens. Half-cell potential
Fig.4 Change in Icorr and Ecorr with time
in N2PS
monitoring for specimen 2 and 3 also dropped
at 359 and 360 days, respectively [2].
Figure 4 shows the change in half-cell
potential and corresponding change in corrosion current with time. As summarized in Table 3,
the half-cell potentials of rebars was not varied much at the time of corrosion initiation but the
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estimated corrosion current was varied much wider range between 0.002 μA/cm2 to 0.123
μA/cm2. After cutting and carefully opening the reinforcing bars from the concrete it was
found that specimen 1 and 5 had a considerable area of corrosion while specimen 4 having
very tiny corrosion (shown in Figure 5) which supports the estimated corrosion current.
Also at the position of corrosion initiation a larger sized air void was found for the specimen 1
and 5 which could be a probable cause of earlier corrosion initiation and considerable high
rate of corrosion in these samples while no such things was found in specimen 4.
For N2P specimens the estimated corrosion initiation period was in between 158 and 224 days
for specimen 1, in between 277 and 318 days for specimen 2 and in between 224 and 277
days of chloride application for specimen 3. The estimated corrosion current for N2P2
specimen was 0.938 μA/cm2.This is the maximum among all specimens of all categories.
However, N2P2 specimen took longer time to initiate corrosion.
Table 3. Half-cell potential (Ecorr), corrosion current (Icorr) and corrosion initiation period
Estimated
Ecorr (mV vs CSE)
Icorr (μA/ cm2)
corrosion
Specimen
Type
UM
DM
UM
DM
initiation time
name
position
position
position
position
(Days)
N2PS1
179
-488
-253
0.123
*
N2PS2
359
-381
-164
0.022
*
360
-349
-410
0.007
0.016
N2PS N2PS3
N2PS4
278
-415
-249
0.002
*
N2PS5
164
-510
-257
0.057
*
N2P1
191
-477
-218
0.036
*
N2P2
298
-512
-239
0.938
*
N2P
N2P3
251
-202
-465
0.068
0.096
N2D1
119
-467
-227
0.152
*
N2D2
119
-504
-223
0.155
*
N2D
N2D3
119
-608
-555
0.207
0.089
N1P1
119
-572
-268
0.287
*
N1P2
119
-524
-534
0.179
0.168
N1P
N1P3
119
-579
-589
0.382
0.241
*No corrosion
UM

DM

Fig.5 Corrosion in the middle position of rebars N2PS1 (left) and N2PS4 (right)

N1P Specimens
N1P samples were checked periodically with the portable corrosion meter. After 157 days of
chloride application it was found that the half-cell potential of the UM position of specimen 1
and both UM and DM position of specimen 2 and 3 dropped much below the threshold
half-cell potential of -350 mV vs CSE. Measurement at 80 days did not show any significant
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drop in half cell potential in any specimens. In that case the corrosion initiation time of these
specimens were estimated in between 80 to 157 days of chloride application. It was verified
by the visualization that the middle position of only UP rebar showed corrosion in specimen 1.
In case of specimen 2 and 3 the middle position of both UP and DO rebars were corroded.
The half-cell potential and corrosion current both had very good agreement with these
phenomena.
N2D Samples
Deformed bars are used and found very early corrosion in all the specimens. At 157 days
measurement it was found that half-cell potential of the UM position of specimen 1 was much
below the threshold potential while the DM position showed no drop in potential. The
specimen was then kept in dry condition without application of NaCl and cut at 213 days.
Initiation
of
UP DO

20

Experiment
15

Fitting
Estimation

10

N2P3

25

N1P3

Cl- Concentration (kg/m3)

Cl- Concentration (kg/m3)

25

5

UP DO

20

Experiment
Fitting

15

Estimation
10
5
0

0
0

20

40

0

60

20

N2PS1
UP

20

Cl- Concentration (kg/m3)

Cl- Concentration (kg/m3)

25

Experiment

15

Fitting

10

Estimation

40

60

Depth from penetration surface (mm)

Depth from penetration surface (mm)

5

25

N2D1
UP DO

20

Experiment
15

Fitting

10

Estimation

5
0

0
0

20

40

0

60

20

40

60

Depth from the penetration surface (mm)

Depth from penetration surface (mm)

corrosion was found on the middle of both of the bars. It may be due to the diffusion of free
chloride ion even though external application was restrained at that time. Another two
specimens were also kept in the same condition after 157 days and half-cell potential and
Fig. 6 Chloride threshold calculation from profile

impedance data had been obtained again at 224 days. It was found that half-cell potential at
UM position of specimen 2 and both UM and DM position of specimen 3 were much below
the threshold half-cell potential. These two specimens were cut at 234 days and confirmed
initiation of corrosion at corresponding positions.
2.6.3.2 Chloride threshold level
After estimation of corrosion from the electrochemical data the specimens were cut and sliced
following the procedure explained in section 2.3 (2). To arrange special cutting system there
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was some delay in cutting the specimens. The estimated corrosion initiation time are
summarized in Table 3. Corrosion initiation in UM bar of N2PS samples was detected very
precisely with lead reference electrode and continuous monitoring system. As mentioned
earlier the specimens without containing lead reference electrode was monitored with portable
corrosion meter in duration of 1-2 month. So the corrosion initiation period for N1P, N2P and
N2D samples were estimated in between the time when half-cell potential dropped below the
threshold half-cell potential and the pervious measurement time when no significant drop in
half-cell potential was observed. The experimental data obtained from the titration was
considered the total period of estimated corrosion initiation and the delay time in profiling.
Table 4. Estimated diffusion coefficient, Surface chloride concentration and CTL
Diffusion Surface Clcoefficien concentratio Threshold chloride concentration
Typ
t
n
Mi Avg Ma
% mass of
e
n
x
(cm2/yr)
(kg/m3)
cement content
(average)
(kg/m3)
5.79
21.1
4.7 4.7 4.8
1.9
N1P
N2P
2.27
22.6
3.7 5.0 6.6
1.5
N2P
S
3.10
22.1
1.0 2.3 4.1
0.7
N2D
The surface chloride ion concentration and the diffusion coefficient were found from this
calculated data. Then using the same diffusion coefficient and surface chloride ion
concentration another curve was fitted considering the estimated corrosion initiation period,
hereafter called “Estimation”. Chloride profile for one specimen of each category is shown in
Figure 6. The chloride threshold value was estimated as chloride concentration at 20 mm
depth if the UP bar is corroded only and at 25 mm depth if both the bars are corroded.
The calculated surface chloride concentration and chloride threshold level for each specimen
are shown in Table 4. It ranged in between 20 kg/m3 to 23 kg/m3 without significant
dependency on mix proportion.
The chloride threshold value for N2P and N2PS samples averaged at 5.0 kg/m3. Most
interestingly it was found that although concrete of same mix proportion was used, the N2D
samples chloride threshold value averaged at 2.3 kg/m3 which are much lower than that of
N2P and N2PS samples. Also the threshold chloride concentration was varied in a wide range
from 1.0 kg/m3 to 4.1 kg/m3 among the specimens with deformed bar. Earlier study [13]
showed that rate of corrosion of deformed bar is almost twice than that of plain bar of same
grade. The cause of this nature may be due to the ribs of deformed bars which causes weaker
and uneven interfacial zone between the concrete and steel that caused N2D specimens to
early corrosion initiation in a relatively lower chloride concentration. For plain bars, due to
smoothness of the bar it creates a very dense and smooth interfacial zone between the
concrete and steel. So the plain bar specimens initiated corrosion at considerable longer time
than the deformed bar specimen although same mix proportion concrete was used for both the
specimens. For N1P samples the chloride threshold level averaged at 4.7 kg/m3 without much
variation between all three samples.
2.6.3.3 Calculated chloride diffusion coefficient
Calculated chloride diffusion coefficient for all the specimens are shown in Table 4 as well.
Average of all N2 (W/C = 50%) specimens were 2.27 cm2/yr. Diffusion coefficient did not
159

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction

vary much from the average for all the specimens in this category. On the other hand average
diffusion coefficient for N1 (W/C = 65%) specimens was 5.79 cm2/yr.
In practice this calculated data also supported the corrosion initiation in these samples. N1P1
sample having lower diffusion coefficient so lower amount of chloride ion penetrated at the
same time compared to N1P2 and N1P3 samples. This is the explanation why only the UP bar
of N1P1 sample was initiated corrosion while at the same time both bar of N1P2 and N1P3
initiated corrosion.
2.6.4

CONCLUSIONS

(1) Threshold chloride level (TCL) is controlled by water to cement ratio of concrete and
types of steel reinforcement. Lower W/C results in higher TCLs while deformed rebar
exhibits lower TCLs.
(2) Diffusion coefficients of concrete also play an influential role on chloride prediction in the
concrete and it is verified that lower W/C shows lower diffusion coefficients.
(3) Detection of corrosion initiation by means of embedding lead reference electrode inside
the concrete with portable corrosion meter is precise and can be applicable for corrosion
studies.
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2.7

Spatial Distribution of Chloride Accumulation in the Marine Tidal
Zone

ABSTRACT

A new mathematical model of chloride transport in concrete under dry-wet cycling conditions
is developed. The model considers the hysteresis of moisture evaporation and the
accumulation of chlorides at concrete surface. Unimodal distribution of chloride accumulation
in marine tidal zones along altitude can be derived based on the sensitivity analysis for the
proposed model, that is, with the increment of altitude, the accumulation of chloride is first
aggregated for the increasing drying time proportion and accelerated evaporation rate, and
then weakened for the reduction of contact time with chloride contained reservoir and the
declining saturation of pores in concrete. The proposed model has been validated by
experiments carried out in both laboratory and fields. In laboratory tests, concrete specimens
were exposed to dry-wet cycles in Artificial Environmental Chamber (AEC) for a period of
2-3 months and then chloride concentration profiles were measured; whereas in field tests,
measurements were directly taken from a concrete harbor deck of 55 months old. The
comparison of the laboratory and field data with the model predictions demonstrates that the
proposed model can be used to predict the transport of chlorides in the marine tidal zone.
Keywords: Chloride, dry-wet cycling, altitude, diffusion, convection, hysteresis
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2.7.1

INTRODUCTION

Concrete structures exposed to marine environment are always at high risk of corrosion due to
the penetration of chlorides because chlorides can destroy the protective passivating layer
surrounding the reinforcing steel bars. It is known that corrosion is initiated when the chloride
concentration around the reinforcement exceeds a threshold value [1]. According to the
zonation of environmental function, concrete structures in marine environment can be divided
into different zones along its altitude, such as submerged zone, tidal zone and atmospheric
zone. Among these zones, the tidal zone corresponds to the peak of risk for the accelerated
physical and chemical degradations caused by the coupling transport of moisture and chloride
ions under dry-wet cycling conditions[2,3]. Therefore, the resistance against chloride
penetration is crucial in the design and construction of concrete structures in the
corresponding zone.
It is generally accepted that Fick's 2nd law can be used for describing the chloride penetration
into concrete [4,5],
C 
C
 ( Da
)
t x
x

(1)

where C is the concentration of chlorides, t is the time, Da is the apparent diffusion coefficient
of chlorides in concrete, and x is the distance from the expose surface. By assuming
C(x,0)=Co, C(0,t)=Cs where Co and Cs are the initial concentration and the surface
concentration of chlorides, and Da is constant, the solution of Eq. (1) for a semi-infinite
one-dimensional problem can be expressed as follows,


x
C ( x, t )  C 0  (C s  C 0 )  1  erf (
)
2 Da t 


(2)

Note that the apparent diffusion coefficient is not known and it has to be determined from
experiments in which Eq.(2) is used to best fit the concentration profiles of the samples taken
from a structure or the specimens tested in laboratory at various different time. After Da is
determined experimentally, Eq.(2) can then be used to predict the chloride penetration during
longer periods[6]. The above diffusion model neglects the binding capacity of cementitious
materials and the effects of concrete age and the environmental temperature on chloride
diffusion. However, because of its simplicity, the model has received wide application,
particularly in practical engineering. The other assumptions involved in deriving Eq.(2)
include (a) the concentration of chlorides at the concrete surface is constant, (b) the concrete
is fully saturated during the penetration period of chlorides, and (c) diffusion is the only
mechanism of the chloride penetration in concrete [5,7]. It is obvious that when this model is
applied to concrete structures subjected to dry-wet cycling conditions, these assumptions are
no longer acceptable because the concrete saturation varies with time due to the dry-wet
action and as the consequence of this the chloride penetration involves not only the diffusion
but also the convection. Furthermore, the chloride concentration at the concrete surface will
no longer be a constant due to its accumulation during the dry-wet action.
This paper firstly addresses the process of moisture transport in an unsaturated concrete
materials. For the coupled transport of chloride ions in an unsaturated media, dynamical
equations are required to express the moisture content as a function of time. The mathematical
development yields the Richards’ equation. To complete the transport model of chloride in
concrete under dry-wet cycling conditions, the second part of the paper is devoted to the
coupled transport of moisture and chloride ions in the porous system. According to parametric
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sensitivity analyses of the proposed model, the spatial distribution of chloride accumulation in
the marine tidal zone is explored in the third part of the paper. An experimental program has
been set up to verify the proposed model. Several concrete specimens were exposed to
dry-wet cycles in Artificial Environmental Chamber (AEC) for 2-3 months, and then the
chloride profiles of the specimens were measured and compared to the predicted chloride
profiles. In addition, field measurement has been also carried out in a 55-month-old seaport,
and the test data from the tidal zone were used to validate the predicted spatial distribution of
chloride accumulation in the marine tidal zone.
2.7.2

MOISTURE TRANSPORT IN UNSATURATED CONCRETE

When a concrete structure is exposed to a dry-wet cycling environment, concrete saturation
will vary with time and thus the transport of moisture will be involved, which will have an
effect on the chloride penetration in concrete. During the wetting phase of the cycling,
moisture is absorbed into the interior of the concrete in unsaturated state by capillary force.
The flow is described locally by the so-called extended Darcy equation [8]:
u   K ( )grad( p)

(3)

where u is the flow rate of moisture (m/s), K is the generalized isotropic conductivity (m/s), θ
is the saturation of the pore, p is the head pressure caused by capillary force (m). It is often
more convenient to write Eq.(3) in the diffusivity format for the convenience of model
development [9]:
u   D ( )grad( )

(4)

For the mass conservation, eq.(4) can expressed by:

 divD( )grad( ) 
t

(5)

where D( )  K (dp / d ) is the capillary diffusivity (m2/s).
The transport of moisture may occur in both liquid and vapor phases. Thus, the capillary
diffusivity can be expressed as [10]

D( )  Dl ( )  Dv ( )  ( K l  K v )

p


(6)

where Kl and Kv are the conductivities of moisture in liquid and vapor phases, respectively.
The expression of the capillary diffusivity D in terms of moisture saturation θ is essential to
the application of eq.(5).
Kl can be expressed empirically as [11]
vc

 2
Kl 
( r dv ) 2
50 0

(7)

where
is the connected porosity of concrete (%), η is the viscidity of fluid (pa·s), r is the
radius of the pores in concrete (m), v is the accumulated volume of pores in concrete with
radius smaller than r, v is the function of r by Rayleigh-Ritz distribution function [12]:

v  1  exp( Br )

(8)

where B is the porosity parameter of Rayleigh-Ritz distribution. vc is the critical pore volume
corresponding to the Kelvin radius rc which can be obtained from Young’s equation as
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follows,
rc  2  F  cos( ) / p

(9)

where γ is the surface tension of the liquid (N/m), α is the contact angle between liquid and
solid (N/m), F is a proportional constant.
By Substituting Eq.(8) and (9) into (7), it yields [10]

2 BF cos( )
 2 
1  (1 
)  exp(2 BF cos( ) / p ) 
Kl 
2 
p
50 B  


2

(10)

Similarly, the conductivity of moisture in the vapor phase can be obtained, which has the
following expression [11]
Kv 

 0D0
1
M
pM
(
) exp 2 (
)
2
RT
( / 2) 1  l m / 2(rm  t m ) RT

(11)

where ρ0 is the density of moisture in vapor phase (kg/m3), D0 is the vapor diffusivity in a free
atmosphere, lm is the thickness of an adsorbed layer of moisture in a pore of radius rm, where
rm is the average size of unsaturated pores expressed as a geometric mean.
Based on Eq. (6), Eq. (10) and Eq. (11), conclusion can be made that the expression of pore
pressure p in terms of the pores saturation θ is crucial to express the capillary diffusivity D in
terms of θ.
According to the Kelvin equation, p can be expressed as
p

RT
M

ln h

(12)

where ρ is the density of the liquid (kg/m3), R is the universal gas constant (8.31 J/mol/K), T
is the absolute temperature (K), M is the molecular mass of the liquid (kg/mol), and h is the
relative humidity (R.H) (%). In concrete, many of larger pores have interconnection only
through pores that are much smaller in pore radius (as shown in Fig.1). By applying eqs.(9)
and (12), the Kelvin radius rc can be expressed as:
rc  

 2  F  cos( ) 1
RT
ln h

(13)

Conclusion can be made that, the liquid in larger pores tends to evaporate more easily than in
smaller pores with the descending R.H. Therefore, there exists a possibility of liquid
becoming entrapped in the larger pores for arbitrary dry-wet cycling histories. Irreversibility
of isothermal paths of moisture content in concrete under dry-wet cycling condition is shown
Fig.2. The dry curve lies above the wet curve and hysteresis loop can be observed. Chaube et
al present the functional relationship between p and θ in drying and wetting processes
respectively [13] as shown in Eqs.(14) and (15):
Wetting process:
Drying process:

 w  1  exp(2 BF cos( ) / p)

(14)

 d  1  exp(2 BF cos( ) / p)1  ln1  exp(2 BF cos( ) / p)  (15)

Using Eqs.(14) and (15), the following equations can be obtained:
Wetting process:

Dw ( )  Dlw ( )  Dvw ( )  ( K lw  K vw )
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2 BF cos( )
p
,

 (1   ) ln 2 (1   )

where

K vw

Drying process:

where

K lw 

e
 2
(1  ln(
)  (1   )) 2
2
1


50 B 

 D
M 
2 BFM cos( ) 
1
)
 0 02
(
) exp(
RT ln(1   ) 
( / 2) 1  l m / 2(rm  t m ) RT 

Dd ( )  Dld ( )  Dvd ( )  ( K ld  K vd )

2

p


(17)

p
2BC cos( )  lambertw( / e) exp(lambertw( / e)  1)

2
  ln ( exp(lambertw( / e)  1)  1)(lambertw( / e)  1)( exp(lambertw( / e)  1)  1)

 2


(1  (1  ln(exp(lambertw( )  1)  1))  (exp(lambertw( )  1)  1) 2
K ld 
2
e
e
50 B 
K vd 

 0D0
M
1 s
2 BFM cos( )
(
) exp 2 (
)
2
RT ln(exp(lambertw( / e)  1)  1)
( / 2) 1  l m / 2(rm  t m ) RT

Attention: w=lambertw(x) is the root of equation w·exp(w)=x [14]
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Fig.2 Irreversibility of saturation-humidity
paths in typical moisture isotherms (R.H.
corresponds to pore pressure p according to
Kelvin’s Equation). [13]

Fig.1 Interconnection of pores with different
radius

2.7.3

0.2

IONIC TRANSPORT IN UNSATURATED POROUS MATERIALS

Several mathematical models have been developed to predict the movement of ions in
cement-based materials account for the effect of the chemical reactions involving the ions
considered[15,16] and the electrical coupling effect between ionic species [17,18]. However, there
is a lack of agreement with regard to the definition and the use of some parameters in these
models. In this paper, focus is put on the dry-wet cycling effect on the transport of chloride
ions, and thus the chemical reactions and coupling effect of ions are ignored. The transport
equation of ions in unsaturated concrete can be expressed as:
C
C
 div( Da
 C /   u)
t
x

(18)

where   1  C b / C [19] is a term to count for the chloride binding capacity of cementitious
material and Cb is the concentration of bound chloride (g/ml). Eq.(18) is a modified version of
eq.(1) by considering the effect of convection flux of ions caused due to the variation of
saturation.
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The concentration of chloride in concrete is traditionally expressed by the mass percentage
composition of chloride in concrete c, and the apparent diffusion coefficient of chloride Da is
taken as a constant throughout a certain concrete specimen. This is reasonable when the
concrete specimen keeps in saturated state. However, when concrete becomes unsaturated, the
diffusion activity of ions is always limited in the part where the pore is saturated. As a result
of this, the field quantity should be the concentration of the chloride ions within the pore
solution, which can be expressed as follows:
C

c   con
 

(19)

where ρcon is the density of concrete (g/cm3). For the same reason, the apparent diffusion
coefficient Da should be reduced according to the saturation of the local pores θ. Hence, Da
should be replaced with Daθ. In this way, Eq.(18) becomes,


 (c /  )
c
 div  Da    grad(c /  ) 
Dw(d) grad( )
t
 



(20)

For a given saturation distribution , the partial differential equation (20) can be solved
numerically using the Crank-Nicolson format of FDM, the algorithm of which can be found
in many numerical methods textbooks and thus is not given further here.
2.7.4

PARAMETRIC SENSITIVENESS ANALYSIS

The solution of the Eq.(20) requires initial saturation of pore in concrete θ0, the time
proportion of wetting process in a single dry-wet cycle N, and the surface saturation of pores
in concrete θd (due to different evaporation rate during drying process) are the three additional
parameters in model calculation in comparison with traditional model (as shown Eq. (2)).
2.7.4.1 Initial saturation of pore in concrete θ0
As discussed in previous section, the diffusion activity of ions is always limited in the pore
solution of concrete. High saturation of the pore in concrete results in more paths for the
transport of chloride ions. The result of the model prediction (as plotted in Fig.3) shows that
both the depth of chloride penetration and the concentration of chlorides in the inner part of
concrete increase with the initial saturation of pore in concrete θ0.
2.7.4.2 Time proportion of wetting process in a single dry-wet cycle N
As the time proportion of wetting process in a single dry-wet cycle N decreases, the saturation
of the pore in concrete surface drops during a drying process for longer time evaporation. As a
result, the capillary force increases when it comes to the wetting process. Accordingly, the
capillary force caused convection effect dominates in the transport of chlorides. On the other
hand, while the proportion decreases, the diffusion effect becomes dominant. Generally, the
convection effect of chloride due to the movement of pore solution contributes to the transport
rate of chloride much more than the diffusion effect [10]. Accordingly, the penetration of
chloride seems to be accelerated as N decreases; however, total inflow of chloride ions is
limited simultaneously by the reduction of contact time with chloride contained reservoir. The
result of model calculation (as plotted in Fig.4) shows that the accumulation of chlorides near
the concrete surface is first aggravated and then weakened with N decreases; the accumulation
of chloride reaches the peak value when N belongs to (0.2, 0.3).
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2.7.4.3 Surface saturation of pores in concrete during drying process θd
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Chloride concentration (ref. concrete weight)/ %

chloride concentration (ref. concrete weight)/%

Drying conditions during the dry-wet cycling processes affect the transport of chlorides
significantly in that the environmental factors in dry process, such as relative humidity (R.H.),
temperature and wind speed etc, decide the evaporate rate and eventually the saturation of
pores in the surface of concrete θd. When N keeps unchanged, lower θd corresponds to more
significant convection effect in the transport of chloride. The result of model calculation (as
plotted in Fig.5) shows that the accumulation of chloride in the surface of concrete aggravates
with the decrease of θd.
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Fig.3 Chloride distribution under
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Fig.6 Distribution of pore saturation of
concrete with altitude in tidal zone

Fig.5 Chloride distribution with different
surface saturation of pores during drying
process

2.7.5

SPATIAL DISTRIBUTION OF CHLORIDE ACCUMULATION IN THE
MARINE TIDAL ZONE

Tidal zone locates between submerged zone and atmospheric zone. Obviously, the part of
concrete structure in the submerged end keeps saturated in pores while the part in the
atmospheric end keeps unsaturated for the persistent evaporation (as shown in Fig.6).
Accordingly, the saturation of pore in the concrete located in tidal zone declines continuously
from submerged end to atmospheric end. As a result, the penetration of chloride is weakened
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persistently with the increment of altitude for the reduction of pore saturation based on section
4.1.
The time proportion of wetting process in a single dry-wet cycle is another factor that
accounts for the spatial distribution of chloride accumulation in tidal zone along altitude. The
local sea level comes up from the bottom of tidal zone to the top, and then gets down from top
to bottom periodically every day. Obviously, along the tidal from bottom to top, wetting time
per-day reduces from 24 h to 0 h. As a result, the accumulation of chlorides in the concrete is
firstly aggravated and then weakened with the increment of altitude for the reduction of the
wetting time proportion based on section 4.2.
In addition, other environmental factors such as wind speed, R.H. and temperature, changing
continuously along altitude, have significant effect on the evaporate rate of pore solution ve
which will eventually leads to the change of chloride distribution in concrete. ve can be
expressed by[20]:
ve 

MDv p0 (1  h )
RT


(21)

where p0 is the saturated vapor pressure (N/m2) and δ is the boundary layer (m) of air which
can be expressed by:

 a1 / 6 Dv1 / 3l 1/ 2
  1.548
1/ 6
w1 / 2  a

(22)

where μa is the viscosity of the air (Pa.s), ρa is the density of air (kg/m3), l is the dimensional
size of structure (m) and w is the speed of wind (m/s) which is a function of altitude z[21]:
w( z , t )  wr ( z r , t )(1  0.137 ln

z
t
 0.047 )
zr
tr

(23)

where zr is the reference altitude (m), t is time interval of sampling (s), t is the reference time
interval of sampling (s) and wr is the reference speed of wind (m/s). From Eq. (21)-(23),
conclusion can be made that the evaporate rate of pore solution of concrete is accelerated
along altitude from the bottom up, and accordingly the convection effect in the transport of
chloride is aggravated based on section 4.3.
Sum up the mechanics analysis results above, the spatial distribution of chloride accumulation
in tidal zone along altitude can be described as: with the increment of altitude, the
accumulation of chloride is firstly aggravated for the increasing drying time proportion and
accelerated evaporation rate, and then weakened for the reduction of contact time with
chloride contained reservoir and the declining saturation of pores in concrete.
2.7.6

EXPERIMENTAL WORK

The experimental work has two parts. The first one is focused on the verification of the
transport model of chlorides under dry-wet cycling condition and the second part is to
concentrate on the derived spatial distribution of chloride accumulation in the marine tidal
zone.
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2.7.6.1 Verification of transport model of chloride under dry-wet cycling condition
Test method

To validate the transport model of chlorides under dry-wet cycling condition, experiments
with two groups of the same concrete specimens were carried out. The specimens were
exposed to different dry-wet cycling conditions (e.g. different time proportion of wetting
processes in a single dry-wet cycle, while the concentration of chlorides in the reservoir and
the environmental condition in drying processes kept the same in both groups throughout the
experiment).
The mixed proportion and properties of concrete specimens are shown in Tab.1. Each group
has three concrete specimens (150×150×300mm). The specimens were cured in 20
in
temperature and 95% in R.H. for 28 days. Afterwards, all the surfaces of the specimens except
top and bottom sides were sealed using epoxy resin so that the chloride penetration takes
place in one direction only. To ensure the stability of dry-wet cycles, the exposure process of
the experiment was carried out in Artificial Climate Chamber which can keep the temperature
and R.H. constant inside and interconvert between wetting (spraying chloride solution) and
drying state automatically. The program of exposure process is shown in Tab.2. During the
exposure process, the chloride profiles were measured by RCT (Rapid Chloride Test) method
[22]
from the specimens once in a month.
Table 1 Mix proportion and properties of concrete

Concret
e

Cemen
t

Grade

Grade

C40

42.5

Mix proportion （kg/m3）

Strength

rm

cement Sand

crushed stone

water (Mpa)

(m)

439

1161

195

10-7

571

49.9

Porosit
y
(％)
7.90

Table 2 Scheme of experiment

Samples

Time span wet-dry
system
of
experiments

cycling Temperature RH
( )

when concentration
Cl
in
drying of
(%)
solution (％)

Group 1

2 months

dry for 42 hours， 46
then wet for 6
hours

80

5.76

Group 2

3 months

dry for 68 hours， 46
then wet for 4
hours

80

5.76

Results and discussion

The measurement of the chloride diffusion coefficient in the concrete has not reach consensus
in the world yet, as a result, Da was taken as undetermined and need to be determined by
curve fitting the numerical solutions with measured chloride profiles according to
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least-squares procedure. The numerical solutions for the experiment were obtained by FDM
method. The results of numerical solutions and the experimental chloride profiles were plotted
together in Fig.7-8.
The measured profiles in Fig.7-8 show that chloride ions accumulated near the concrete
surface specimens as the dry-wet cycling proceeded, and the rate of accumulation of group 1
is higher than group 2 for the comparatively longer time contacting chloride reservoir. The
traditional Fick diffusion model (Eq. (2)), with a fixed boundary condition, can hardly
describe the experimental profiles in the surface chloride accumulation. However, the model
present in this paper fits the profiles quite well in both groups of specimens especially in the
surface accumulation of chloride. In addition the diffusion coefficients of the two groups,
derived from curve fitting, agree fairly well, which is accord with the fact that the chloride
diffusion coefficient of concrete is the reflection of inherent material properties.

Fig.7 Results of numerical solution and
measured profiles of group 1 (Ds=1.52×10-11

Fig.8 Results of numerical solution and
measured profiles of group 2 (Ds=1.28×10-11

m2/s, R2=0.9921)

m2/s, R2=0.9695)

2.7.6.2 Certification of the derived spatial distribution of chloride accumulation in the
marine tidal zone
Measurement in the field exposure is needed to validate the derived spatial distribution of
chloride accumulation in the marine tidal zone. This stage was performed in Jiaxing seaport
which is located in the east of China.
Environmental characterization and experimental program

According to the local environmental data records, the mean annual temperature is 16.2 , the
mean annual R.H. is 81.5%, the mean annual wind speed is 3.0m/s and the concentration of
chloride in the sea water is 1.42%.
A 55 months old concrete wall in Jiaxing seaport, as shown in Fig.9, was selected for
sampling. The mix proportion and properties of wall are shown in Tab.3. The bottom of wall
is submerged in the sea water, and the top altitude of wall is +6.00m which is above the mean
high-tide level (+4.80m). Accordingly, the sea level goes up and down on the surface of wall
along altitude, and the corresponding part of the wall is exposed to chloride penetration under
dry-wet cycling condition. Samples were taken from +1.30m to +4.80m with the interval of
0.5m along altitude, and two samples per each position were tested to form the profiles of
chloride ingress. The distribution of sampling position in the concrete wall is also shown in
Fig.9.
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Tab.3 Mix proportion of concrete in dock of Jiaxing port

Concr
ete
Grade
C40

Cem
ent

Mix proportion （kg/m3）

rm

Proporti
on
of
Cem
Grad sand
ent
（％）
e

sand

crushed
stone

wate
r

Fiber

Porosit
(m) y
(%)

42.5

734

1103

189

1

10-7 7.50

33

473

Fig.9 The distribution of sampling position in the concrete wall of Jiaxing seaport

Results and discussion

According to the local daily tidal table of one year, the mean daily wetting time in a year of
every sampling position is listed in Fig.10. The time proportion of wetting process in a single
dry-wet cycle declines linearly with the increment of altitude. The evaporation rate along
altitude can be calculated according to Eq. (21)-(23) and the local environmental records (as
shown in Fig.11). As the concrete wall is cast in situ, the initial saturation of pores in the
concrete wall is set to be 1.0 all over.
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Fig. 11 Relationship between altitude
and rate of evaporation on the surface of
every sampling position,t the numerical solutions

According to the environmental factors of
of
corresponding profiles were plotted together with altitude in Fig.12 (b), and the measured
results were also plotted in Fig.12 (a) for comparison. Conclusion can be made that, the
correlation between the results of model calculation and measurement is fairly acceptable
except for the 6th and 7th positions (the corresponding altitude is 3.8m and 4.3m), and the
comparatively low correlation of the two position may caused by the big hole in the concrete
wall (as shown in Fig.9) which leads to two-dimensional penetration of chloride locally. Both
the results of experimental work and model calculation reveal that the penetration of chloride
is firstly aggregated and then weakened with the increment of altitude, and the peak of
penetration locates at the height of about 80% of high tide level.
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Fig.12 Spatial distribution of chloride accumulation in the marine tidal zone along altitude (a) Measurement (b) Model
calculation

2.7.7

CONCLUSIONS

The penetration of chloride into concrete under unsaturated condition has been modeled
considering the hysteresis of moisture evaporation and the accumulation of chlorides in the
concrete surface. The developed model have been applied to explore the spatial distribution of
chloride accumulation in the marine tidal zone. Experiments in both laboratory and field
measurement were used to validate the present study. From the present study the following
conclusions have been drawn:
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(1) During the dry-wet cycling process, convection of chlorides caused by the movement of
pore solution has significant contribution to the transport of chlorides in concrete by
accelerating the penetration process and making accumulation in area near the concrete
surface. The modeling of moisture transport in concrete under dry-wet cycling condition
should be split between dry and wet processes for the hysteresis behavior of evaporation in
concrete caused by the complex geometrical characteristics of pore structure.
(2) Representation of chloride concentration and diffusion coefficient of chloride in Fick’s
equation should be modified by considering the saturation state under dry-wet cycling
condition. The Crank-Nicolson format of FDM was employed in the solution of the present
mathematical model for the high precision and stability in iteration processes.
(3) According to the parametric sensitiveness analysis of present mathematical model, the
spatial distribution of chloride accumulation in tidal zone along altitude can be described as
that, with the increment of altitude, the accumulation of chloride is first aggravated for the
increasing drying time proportion and accelerated evaporation rate, and then weakened for the
reduction of contact time with chloride contained reservoir and the declining saturation of
pores in concrete.
(4) To validate the transport model of chlorides under dry-wet cycling condition, experiments
with two groups of the same concrete specimens in the laboratory were conducted. The results
of the experiments demonstrated the model predictions in both groups of specimens especially
in the surface accumulation of chlorides.
(5) Measurement in the field exposure was used to certify the derived spatial distribution
chloride accumulation in tidal zone along altitude. The results have an acceptable agreement
with the theoretical analysis according to the mathematical model present in this paper.
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2.8

Transport Mechanism of Chloride Ions in the Cracked Concrete

ABSTRACT

The transportation of chloride ions is affected by the cracks in the concrete materials. The
influences of cracking width on the chloride diffusion coefficient and diffusion surface under
saturated condition are discussed in this paper. The chloride diffusion coefficient of concrete
varies with the cracking widths, and there exist upper and lower limitations. The effect of
cracking on the chloride transportation can be divided into three cases: 1) when the width is
less than 0.03mm, its effect can be neglected due to completely self-healing; 2) when the
width is more than 0.1mm, two-dimensional transportation will happen in the cracking zone;
3) and when the crack width is between 0.03 and 0.1mm, chloride transports into concrete
along and perpendicular to the crack surface simultaneously. Formula for chloride
transportation in these three cases was brought forward, and a calculation example was given
according to the analysis of this article. The results of calculation agree well with the test,
which can provide a reference to the design of concrete durability.
Keywords: chloride; crack; concrete
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2.8.1

INTRODUCTION

Chloride ion is a very important factor which influences the durability of concrete structures
in their service life (Song, 2010). It can induce the steel corrosion and concrete cover cracking.
Ingress of chloride in the concrete was studied since 1970’ (Collepardi 1972, Buenfeld et al
1987, Boddy 1999, JIN 2007). Many useful conclusions have been gotten about this. But only
a few of them considered the crack’s effect. However, cracking is an inevitable phenomenon
for RC structures in their service life as shrinkage, thermal variation, loading effect and so on.
Different maximum cracking widths were framed in the concrete code, from 0.1 mm
(CEB-FIP model code 90) to 0.4 mm (ACI Committee 222).
Some researches about the crack’s effect on the chloride ingress into concrete had been done
by experimental and theory analysis. Kato & Uomoto (2005) proposed a model to simulate
chloride ion profiles in the cracked concrete under wet and periodic drying-wetting conditions.
In the model, cracked zone was treated as the exposed surface of the concrete while
considering the balance of the total amount of chloride in the cracked zone and in the crack.
Mohamed (2003) developed a rational finite element model to calculate the transport of
chloride ions into cracked concrete by advection and diffusion under saturated or unsaturated
conditions based on a realistic representation of the crack geometry. Li (2003) considered the
variation of surface chloride concentration and used a new solution to Fick’s second law to
calculate the chloride ingress in concrete under different conditions of load-induced cracks.
All these models considered the crack width’s effect. The chloride content in the cracked zone
increases as crack width increases.
However, many tests found that crack had no influence on the chloride ingress when crack
width were below a specific value, and crack width represented similar influence on chloride
penetration when crack width was bigger than another critical value. The models proposed
above can not explain this phenomenon. So it is necessary to develop a new model to simulate
the chloride ingress in concrete more accurately.
The crack width decreases from surface to interior for most RC structures. However, the most
important part influencing the steel corrosion is the cover crack, whose width can be
considered unchanged. To simplify the calculation, constant crack width will be considered in
following model.
2.8.2

TRANSPORTATION MODEL

Penetration of chloride ions into porous media such as concrete takes place by two major
mechanisms: diffusion and advection. Diffusion occurs under a concentration gradient,
whereas advection is related to transport of substances by moving water under a pressure head.
For the saturated condition, diffusion is the dominant mechanism for chloride ingress. So we
only consider the diffusion of chloride ions in cracked concrete.
2.8.2.1 Chloride diffusion coefficient in crack Dcr
The total chloride diffusion flux of cracked concrete can be divided into two parts: the flux in
uncracked parts and the flux in the cracked parts. Chloride ions diffuse in crack with a
different coefficient Dcr, which is much larger than the coefficient in matrix. Many experiment
researches concluded that Dcr varied with the crack width, and had no relationship with the
materials. The regular is shown as below:
1) When surface crack width w < w1 (w1 is the lower limit which makes crack influence the
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chloride diffusion), the product of subsequent hydration and self-healing of cemetitious
materials will jam the crack. So the crack’s effect on chloride diffusion can be ignored, Dcr =
D0, which is showed in Figure 1a.
2) When w1 ≤ w ≤ w2 (w2 is the upper limit which makes crack influence the chloride
diffusion), the product of subsequent hydration can not block the crack completely, so
chloride diffusion will happen in the unblocked parts, this makes Dcr between D0 and
DH 2 O (chloride diffusion coefficient in free solution at the same environment), which is
showed in Figure 1b.
3) When w>w2, the product of subsequent hydration can not block the crack, so Dcr is equal
to DH 2O . At this situation, as DH 2 O (1.25 × 10-9 m2/s in 6% NaCl solution at 20 ) is much

larger than D0 (about 10-12m2/s), chloride ions will quickly diffuse into crack and reach stable,
then the chloride ions in the crack will diffuse into matrix through crack surface, causes two
dimensional diffusion near crack. In this case, we can assume the chloride ion concentration
in crack is equal to the solution, diffusion perpendicular to crack will be considered with that
from exposed surface, which is showed in Figure 1c.
The values of w1 and w2 get by researchers are showed in Table 1. From this table, we can
determine that the upper limitation is about 100m, the lower limitation is about 30 m.
When crack width is between w1 and w2, Dcr increases with the width increases. It is also
related to temperature and humidity. Djerbi et al (2008) get the value of Dcr through
steady–state test at 20 ± 5 . In the test, cracks were got by splitting test, and chloride
concentration is 0.513 mol/L. The values and regression curve are showed in Figure 2, which
is:
Dcr=16.9-27.4 exp(-0.0176w)

(1)

In the expression, the units of w and Dcr is m and 10-10 m2/s respectively. This expression can
be used to calculate Dcr when w is between 30 and 100 m under normal conditions.

Table 1. Upper and lower limitation of cracking width influencing Dcr.
w1

w2

(m)

(m)

Takewaka

50

100

Concrete

Ismail

30

99

Inert

Ismail

30

125

Mortar

Francois

30

-

Concrete

Kato

-

75

Concrete

Djerbi

30

80

Concrete

Sources

Material

(Takewaka et al 2005, Ismail et al 2004, Ismail et al 2008, Francois et al 2005, Kato &
Uomoto 2005, Djerbi et al 2008)
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a) w<w1

b) w1≤w≤w2

c) w>w2
Figure 1. Chloride diffusion in different cracking widths
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Figure 2. Values of Dcr when w1≤w≤w2
2.8.2.2 Chloride transportation in cracked concrete with a stationary solution
Chloride ions transport only by diffusion when the solution is stationary. And the diffusion of
chloride ions in cracked concrete is influenced by crack width as Dcr is related to crack width,
a sample as Figure 3 will be used to analysis the chloride diffusion in cracked concrete. In the
179

Chapter 2 Mechanism of Deterioration due to Chloride Attack and Performance Prediction

sample, crack width is w and depth is h, origin of coordinate is at the initial cracking point.
The analysis is as below:

Figure 3. Calculation schematic of chloride diffusion into concrete with single crack
1) When w<w1, Dcr=D0, crack’s effect can be ignored, Fick’s second law can be used to
calculate the chloride diffusion in the cracked concrete. The chloride content C(y,t) at the
location y in a given time t is


y 
C( y, t)  Cs  1 erf(
)
2 D0t 


(2)

Where as Cs is the surface chloride ion concentration, D0 is the apparent diffusion coefficient,
erf is the error function, erf ( z ) 

2



z

 exp( x )dx .
2

0

2) When w1≤w≤w2, the crack’s effect must be considered, chloride diffusion in crack can be
considered as diffusion in water with a different coefficient Dcr, which increases with the
crack width increases, the chloride ions diffused into crack can be expressed as


y
C cr ( y, t )  C s  1  erf (
)
2 Dcr t 


(3)

This is the surface chloride concentration in crack wall. Assuming the diffusion coefficient
along x and y direction is same, then the expression and boundary condition of chloride
diffused into cracked concrete is:
Expression

C
 2C
 2C
D 2 D 2
t
x
y

Boundary condition:

(4)

C ( x , y ,0 )  C 0  0
C (0, y , t )  C cr ( y, t )

(5)

C ( x,0, t )  C s

As the surface chloride concentrations in exposed and crack surface are different, analytical
solution about this expression can not be gotten, finite element method can be used for
analysis.
3) When w>w2, Dcr= DH 2O , the diffusion process in crack can be ignored, and the surface
chloride concentration in crack wall is equal to the concentration in exposed surface, so we
can use two dimensional Fick’s second law to calculate, the chloride content at location (x, y)
and time t is
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x
y 
C ( x, y, t )  Cs  1  erf (
)erf (
)
2 Dt
2 Dt 


(6)

2.8.2.3 Chloride transportation in cracked concrete with a flowing solution
When the solution is flowing, chloride ions will ingress into crack much faster by means of
advection. Its concentration will reach a value of the solution and the transportation process of
chloride ions in crack can be ignored. So crack wall can be think as another exposure surface,
and two dimensional Fick’s second law (Equation (6)) can be used for the calculation.
2.8.3

CALCULATION ANALYSIS

According to the analysis described above, a sample similar to Figure 3 will be calculated. the
sample’s cover depth is 30 mm, surface chloride concentration is 1 (normalized), crack depth
is 30 mm (equal to the cover depth), crack width are 10, 30, 60, 90, 120 m, and Dcr are 5 ×
10-6, 7.4 × 10-5, 7.37 × 10-4, 1.25 × 10-3mm2/s separately according to equation (1). To
simplify the analysis, a finite element software will be used for calculating. The chloride
concentrations are showed by mean of colorimetric method in Figure 4 after 1 year exposure.

w=30m

w=60m

w=90m

w=120m

Figure 4. Chloride diffusion in cracked concrete with
different crack widths (t=1 year)
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2.8.3.1 Diffusion along y direction
The chloride concentration in crack along y direction after 10 days and 1 year exposure are
showed in Figure 5. It can be noted that in short term, the influence of crack width on chloride
diffusion is very significant. At same position, chloride concentration is larger for wider crack.
But for long term exposure, crack width’s influence is not significant.
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Figure 5. Chloride diffusion along y direction in different cracking widths
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Figure 6. Chloride diffusion along x direction in different cracking widths
2.8.3.2 Diffusion along x direction
At the position of steel (about 30mm depth), the chloride concentration along x direction after
10 days and 1 year exposure are showed in Figure 6, from the figure, it can be concluded that
chloride concentration increases as the width increases after 10 days exposure. The influence
of crack width on chloride concentration is more significant for short term diffusion than for
long term diffusion. This can be called “short-term effect”.
2.8.4

TEST VERIFICATION

Test results of Ismail (2008) with a stationary solution and are used to verify the correctness
of this model. In the experiment, a mechanical expansive core was used to generate cracks of
constant width across the thickness of the mortar sample. Chloride penetration tests were
carried out on mortars at 28
days. Specimens with crack openings ranging from 6 to 325 μm were subjected to a test
designed to allow chloride diffusion along the crack path for a period of 14 days. The chloride
content was 32.99 g/L, the grinding position is depth enough from the exposed surface to
confirm that the chloride concentration in the grinding area used to measure the
perpendicular-to-crack profiles was only affected by chloride ions entering via the crack plane
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and not from the exposed surface. 0.1 mol/L AgNO3 was used to detect the chloride content.
In the test, the chloride content of initial condition and from the exposed surface were also get,
these data were used to get the surface chloride content and the apparent diffusion coefficient.
Then the chloride content perpendicular to crack surface was calculated. Result of calculated
and tested when crack widths were 20, 96, 125 m were shown in Figure 7. Chloride ingress
revealed by colorimetric method for the specimen with an artificial straight crack (w = 300
m) were also shown in Figure 8 (Sabine, 2008). The calculate results is in a good agreement
with the test results.

Total chlorides (% by w. of mortar)

0.30
w=20m, tested
w=79m, tested
w=125m, tested
w=20m, calculated
w=79m, calculated
w=125m, calculated

0.25
0.20
0.15
0.10
0.05
0.00

0

2

4

6

8

10

12

14

16

Depth (mm)

Figure 7. Perpendicular-to-crack chloride penetration profiles in cracked samples after 14
days in chloride solution.

a) simulated result

b) test result (Y: with chloride ions)

Figure 8. Chloride penetration profiles in artificial straight cracked samples.
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2.8.5

PARAMETRIC ANALYSIS

Figure 9. Cracking pattern and finite element mesh
(mm)

In previous section, effect of crack width on chloride penetration into cracked concrete has
been studied. To investigate other factors’ influence (such as crack length, surface chloride
concentration and diffusion coefficient in concrete) on the chloride penetration, a parametric
study has been carried out to investigate the effect of cracking pattern and material properties.
The unit cell shown in Figure 9 has been chosen as a representative volume element, which
contains 1984 degrees of freedom and 961 triangular elements. The cell includes a crack
whose width is 60 m, the concrete and crack are saturated before chloride ingress. The
chloride content in A-A section after 5 years exposure is compared. Chloride threshold for
corrosion is assumed to be 1.2 kg/m3 according to JSCE.
2.8.5.1 Crack length
Four crack lengths have been investigated: 20, 30, 40, 50 mm. The chloride concentration at
surface is assumed to be 13 kg/m3. It can be seen from Figure 10 that chloride content in the
cracked section is sensitive to crack length. Chloride content is increasing with the crack
length. At the cracked plane, the chloride ion concentration is much higher than away from
the crack or in the case where no crack exists. A rather sharp decrease is noticed beyond the
crack tip.
2.8.5.2 Chloride concentration at surface
Four chloride concentrations at surface have been considered—2, 4.5, 9 and 13 kg/m3. These
concentrations correspond to the severity of the environmental condition according to the
distance of site from seaside and/or nature of the exposure conditions (submerged zone,
splash zone, atmospheric zone) as classified by the JSCE specifications. Figure 11 clearly
shows that the chloride penetration is sensitive to surface chloride concentration.
2.8.5.3 Chloride diffusion coefficient in concrete
Four chloride diffusion coefficients have been considered: 1 × 10-13 m2/s, 1 × 10-12 m2/s, 5 ×
10-12 m2/s, 1 × 10-11 m2/s, represent the quality of concrete. The results are shown in Figure 12.
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The chloride concentration is insensitive to D0 in crack but sensitive in concrete.
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Figure 10. Effect of crack length on chloride ion ingress
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Figure 11. Effect of surface chloride concentration
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Figure 12. Effect of chloride diffusion coefficient in concrete
2.8.5.4 Corrosion initiation time
The reinforcement in concrete at a depth of 30 mm will corrode at different time when the
crack width varies. Figure 13 shows the corrosion initiation time in cracked plane. There is a
sharp decrease for the steel to corrode when crack width is between 30 - 60 m.
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Figure 13. Steel corrosion initiation time in different crack widths.
2.8.6

CONCLUSIONS

Following conclusions can be drawn from the results of this research:
1. Chloride diffusion coefficient in crack Dcr varies with crack width w, there exist lower w1
and upper limitation w2. Relationship between Dcr and w is: 1) when w < w1, Dcr = D0, 2)
when w1 ≤ w ≤ w2, D0 < Dcr ≤ DH 2O , Dcr can be expressed as Dcr = 16.9-27.4exp(-0.0176w),
3) when w > w2, Dcr = DH 2O . Test results showed that w1 = 0.03 mm, w2 = 0.1 mm.
2. The calculate methods in different crack widths can be represented as: 1) when w<w1,
crack’s effect can be ignored, Fick’s second law can be used to calculate chloride diffusion.
2) when w1≤ w≤w2, chloride will diffuse through two directions: perpendicular to
exposed surface and crack surface, but these two surface chloride content are different. 3)
when w>w2, chloride diffuse similar to 2), only the two surface chloride content are the
same.
3. Simulated example shows that when crack width is bigger than 30 m, chloride content
perpendicular to exposed surface and crack surface both increase with the crack width
increases. Chloride content in short term exposure is sensitive to long term exposure.
4. Crack width, length and surface chloride concentration represent significant impacts on
the chloride penetration in crack and concrete, where as chloride diffusion coefficient in
sound concrete has little influence in crack.
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CHAPTER3 MECHANISM OF DETERIORATION DUE TO FROST
DAMAGE AND PERFORMANCE PREDICTION

和文概要
凍結融解作用に伴う凍害劣化は寒冷地のコンクリート構造物の耐久性能に悪影響を及ぼす．し
かしながら，凍害に対する抵抗性は冬季の凍結速度，凍結融解サイクルおよびコンクリートの湿
潤状態だけでなく，夏季の乾燥状態の影響を受けていると考えられる．これに関して，コンクリ
ートの物性として重要な情報である細孔構造を含め，これまでに凍害劣化に関する検討がなされ
てきたが，未だ未解明な問題が残されているのが現状である．ここでは，モルタルあるいはコン
クリートの凍害劣化メカニズムの解明に関する研究課題を取り纏めた．本章では以下の 3 項目に
ついて検討した．すなわち，(3.1)乾燥による空隙構造の変化を考慮した性能予測，(3.2)異なる温
度履歴による凍結融解作用を受けたモルタルの引張軟化特性，(3.3)コンクリート表層部の湿潤状
態のモニタリング について本研究課題により得られた新たな知見を以下に示す．

3.1) ナノおよびマクロレベルの細孔構造を詳細に把握するとともに，セメント硬化体の乾湿繰
返しによる細孔構造の変化を精査した．その結果，C-S-H の構造と細孔構造の変化を関連付け
て示すとともに，耐凍害性の要因を明らかとしている．
3.2) 凍結融解試験および曲げ試験で，凍結融解試験における温度履歴は，ひずみの増加に大き
な影響を及ぼし，特に，1 日あたりの凍結融解回数および凍結速度が凍害の進行に影響を及ぼ
すこと，凍害の進行による引張強度，弾性係数等の力学特性値や破壊エネルギーの低下は，
残留ひずみと強い相関があり，残留ひずみが大きいほど低下すること，凍結融解作用を受け，
ひび割れ発生後の応力-ひずみ曲線は著しく変化することが確認されたことを示している．
3.3) 凍害を受けるコンクリート表層部の湿潤状態および温度の変化のモニタリング手法につい
て，電極に伝導性塗装を用いることにより，コンクリート表層部の電気抵抗度を測定してい
る．これにより，温度と電気抵抗度について同時かつ経時的に札幌と旭川において測定を行
った．その結果，湿潤状態下の凍結融解回数はコンクリート内部の温度変化から計算される
凍結融解回数よりも少ないことを示している．
以上より，モルタルあるいはコンクリートの凍結融解現象に対してこれまでと比較して飛躍的
に知見を広げることができた．さらに，耐久性設計の概念から求められる適切な設計基準の構築
に向け重要な結果および劣化予測手法の構築に向けた結論を得ることができた．
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CHAPTER SUMMARY
All together the following 3 reports have been submitted by members of the JST working
group on “life cycle prediction and management of concrete structures”, and they have been grouped
together in chapter 3, “Mechanism of Deterioration due to Frost Damage and Performance
Prediction”.
3.1. Performance prediction considering pore structural change by
By HAMA Yukio and KISHIMOTO Yoshihiko, Muroran Institute of Technology, Japan

drying

3.2. Evaluation of Tension-Softening Behavior of Mortar Under Freeze-Thaw Cycles of Different
Temperature Histories
By HASHIMOTO Katsufumi, Hokkaido University, Japan
3.3. Wet Monitoring on Surface of Concrete
By KATSURA Osamu, TANIGUCHI Madoka and IBA Chiemi, Hokkaido Northern Regional Building
Research Institute, Japan
3.4 Frost Damage Model to Predict Structural Performance
By Tamon UEDA, Evdon SICAT, Hokkaido University; Shuichi ARAI, Hazama Corporation (formerly
Hokkaido University)
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Frost damage by freezing/thawing action adversely influences the durability of concrete
in cold regions. However, frost resistance can be affected not only by weather conditions in
winter, such as freezing temperatures, freezing/thawing cycles and water condition of
concrete, but also by drying conditions in summer. Also, the micro pore structure is another
important factor affecting the properties of mortar and concrete, such as strength and
durability. Freezing of pore water in concrete is the origin of frost damage of concrete.
Although some research have been conducted to clarify the progress of frost damage and its
influential parameters, there are still some questions to be answered. This chapter, which
comprises from three significant research studies, tries to monitor carefully the mechanism of
deterioration due to frost damage and durability prediction in deteriorated concrete and
mortar.
The first contribution of this chapter (3.1) investigated the pore structural changes in
hardened cement pastes subjected to drying and wetting/drying cycles at micrometer and
nanometer levels. Nuclear Magnetic Resonance (NMR), nitrogen and water vapor adsorption,
mercury intrusion porosimetry (MIP) and under-water weighing techniques were applied in
this study. It was clarified that the nanostructure of C-S-H and the micro pore structure of
concrete are remarkably changed by drying or drying-wetting cycles, and thus the frost
resistance can be consecutively degraded by those changes. Finally, some equations which
could describe the pore structural changes and the frost resistance after exposure were
proposed based on these experimental results.
The second contribution of this chapter (3.2) carried out experimental investigation to
generate the constitutive models incorporating the influence of freeze-thaw cycles for
predicting the progress of frost damage in mortar. To obtain a constitutive model for
mesoscopic simulation, the tension-softening behavior of mortar under freeze-thaw cycles
with different temperature histories was evaluated in this study from bending test. It was
found that the temperature history of freeze-thaw cycles greatly affects the increase in residual
strain due to frost damage. No clear relationship was observed between maximum crack width
and residual strain.
The third contribution of this chapter (3.3) studied on wet monitoring on surface of
concrete. They aimed to develop the method of wet monitoring on the surface of existing
concrete. New electrode was made from conductive paint and it was coated on the surface of
existing concrete. Wet monitoring was carried out by measuring electric resistance of concrete
surface by an electric device. Temperature and electric resistance were measured and recorded
in winter periodically in Sapporo and Asahikawa. They revealed that number of freezing and
thawing cycles under wet condition were less than number of freezing and thawing cycles
calculated by concrete temperature.
The fourth contribution of this chapter (3.4) presented the deformational behaviour
of mortar in meso scale under freezing thawing temperature cycles with constant moisture
content. The mortar specimens with full and nearly full saturation show the increase in
remaining tensile strain, as evidence of frost damage, with the increase in the cycles despite
the fact that there is externally no moisture provision. Based on the measured deformation, a
model which consists of three components; expansion, contraction and thermal deformation,
was proposed. Using this model, the simulation of heat/moisture transfer, ice formation and
strain development of mortar was conducted as the first step of frost damage simulation.
Finally, the major findings of the research work presented in this chapter pave the way
for the better understanding of frost damage deterioration mechanism in mortar and concrete
so that the durability prediction can be achieved reasonably, which may contribute to upgrade
the existing design codes with efficient design tools based on performance concepts.
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3.1

Performance Prediction Considering Pore Structural Change by
drying

ABSTRACT
Micro pore structure is an important factor affecting the properties of mortar and
concrete, such as strength and durability. For example, the frost resistance is affected by the
volume of micro pore with 40-2000 nm in diameter. It was pointed out that the frost
resistance of high performance concrete (HPC) without AE excessively decreased after
several years of outdoor exposure.
In this study, pore structural changes in hardened cement pastes, subjected to drying and
wetting/drying cycles, were studied at micrometer and nanometer levels. Characterization
techniques included Nuclear Magnetic Resonance (NMR), nitrogen and water vapor
adsorption, mercury intrusion porosimetry (MIP) and under-water weighing. Coarsening of
pore structure was observed with MIP and increase in the true density of C-S-H was
suggested by the result of under-water weighing. Decrease in specific surface area due to
drying was observed with nitrogen adsorption, and water vapor adsorption associated with
Excess Surface Work (ESW) analysis suggested a development of cohesive structure in
C-S-H. NMR confirmed polymerization of silicate anion chains. It was clarified that the
nanostructure of C-S-H and the micro pore structure of concrete are remarkably changed by
drying or drying-wetting cycles, and thus the frost resistance can be consecutively degraded
by those changes.
Furthermore, the influence of environmental conditions (drying temperature, relative humidity,
drying period and drying-wetting cycles) on the frost resistance and micro pore structure
distribution was investigated in this study. Micro pore structure of mortar specimens subjected
to drying conditions in the laboratory, as one test set, and exposed to different climate
conditions at three outdoor locations, as another test set, was quantified using MIP method.
RILEM CIF test was also carried out to evaluate the frost resistance of tested mortar
specimens. The results of both the outdoor exposure test and the laboratory test revealed that
not only the volume of 40-2000 nm diameter pore but also the unconnected pore volume can
be increased by high temperature drying. It was clarified that the drying temperature is more
critical to the coarsening of micro pore structure and the degradation of frost resistance than
humidity.
Finally, some equations which could describe the pore structural changes and the frost
resistance after exposure were proposed based on these experimental results. Some examples
of lifetime prediction under different conditions were given. The results showed the
importance to considering the pore structural change by drying for performance prediction.
Keywords: Frost damage, pore structure, drying-wetting, lifetime prediction
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3.1.1
INTRODUCTION
Frost damage by freezing/thawing action adversely influences the durability performance of
concrete in cold regions. However, frost resistance can be affected not only by weather
conditions in winter, such as freezing temperatures and freezing/thawing cycles, but also by
drying conditions in summer. Hama et al. [1, 2] showed that the frost resistance of high
performance concrete (HPC) without AE excessively decreased after several years of outdoor
exposure. The increase of micro-cracks due to the higher temperature of drying-wetting cycles
curing was the reason for the decrease of the frost resistance of non-AE HPC. This implies
that the pore structure became coarser after cycles of high temperature drying-wetting, which
may affect the degradation of frost resistance. The previous study by Kamada et al. [3]
concluded that the volume of 40-2000 nm diameter micro pore has a significant influence on
the mechanism of frost damage in concrete.
Pore structure of hardened cement paste (HCP) is believed as a decisive factor
determining properties, such as durability, of cement-based materials. Mercury Intrusion
Porosimetry (MIP) and gas adsorption are the widely-applied techniques capable of
characterizing the pore structure. As well known, MIP result of the pore structure of HCP is
significantly affected by the prerequisite drying of specimen and coarsening of pore structure
depends on the degree of drying. This was attributed to the removal of pore water leaving
available space for mercury (Uchikawa et al. [4]; Tanaka et al. [5]). Oven-dry condition leads
to a dehydration and rearrangement of hydration products and results in coarsening of
threshold diameter more significantly than D-drying (Moukwa et al. [6]; Galle [7]). The
smallest pore diameter depending on the maximum pressure of available MIP equipment is
few nanometers and for the total pore volume, including much smaller pores, can be obtained
with pycnometric methods such as under-water weighing.
Gas adsorption method is a useful technique that has been applied to nano structural
analysis of C-S-H by many authors such as Powers [8], Brunauer [9], Feldman [10] and
Daimon [11]. Histeresis observed in sorption and desoprtion of nitrogen or water vapor and
specific surface area obtained on the basis of BET method have been mainly discussed, while
recently, nano structure of C-S-H was discussed referring to the difference in BET specific
surface areas obtained using nitrogen and water vapor (Odler [12]; Jennings and Thomas
[13]). Brunauer et al. [14] pointed out that BET specific surface area is significantly affected
by the prerequisite drying of HCP. However, because the applicable relative pressure range of
the BET method is lower than 0.35, nano structure identification of C-S-H by BET method is
limited and information based on entire relative pressure range is not available, which is
nevertheless important to identify pore structure and nano structure of C-S-H. Adolphs and
Setzer [15,16,17] proposed Excess Surface Work (ESW) model capable of covering entire
relative pressure range while no attempt has been made to analyze HCP subjected to drying
with the ESW model.
Silicate anion chains of C-S-H are also affected by drying, while according to the
review of Thomas and Jennings [18], some different opinions have been reported regarding
the polymerization of silicate anions. Bentur et al. [19] studied C3S paste with
Trimethylsilylation technique and showed that polymerization of silicate anion developed
with drying at younger ages (degree of hydration of 42%) while at later ages (degree of
hydration of 68%) the evolution of polymerization was not so active. Parrot and Young [20]
confirmed no polymerization of silicate anions by drying, while Milestone [21] reported that
the polymerization occurred associated with drying regardless of the degree of hydration
(ranged from 55 to 86 percent). Hironaga and Sekiguchi [22] noted that C-S-H changes with
drying resulting in a condensation of silicate anion chains.
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The coarsening of HCP pore structure due to drying has been mainly discussed in terms
of the specimen preparation for MIP and confirmed in many researchers while a claim that
MIP can hardly provide a valid pore size distribution was made by Diamond [23]. The
coarsening of pore structure is a problem not only of measurement condition but also of
durability because the working environment of HCP includes such dry and elevated
temperature conditions in summer. Exploring the reason of the drying impact is thus very
important if we consider that the strength and durability such as frost resistance are normally
discussed and designed on the basis of MIP results.
The drying of HCP poses an impact not only on the pore structure but also on the specific
surface area and polymerization of silicate anions while systematic studies of this issue are
very few. In this paper, we focused on changes in pore structure of HCP and nano-structure of
C-S-H, the major constituent of HCP, using MIP, under-water-weighing method, gas
adsorption and NMR. Analysis of the gas adsorption was performed with the ESW model
which covers wider relative pressure ranges than that of BET method. It was found that the
nanostructure of C-S-H and the micro pore structure of concrete are coarsened by drying or
drying-wetting cycles and the frost resistance is degraded by those changes. The change of
micro pore structure is due to the polymerization of silicate anions coordinated with CaO
layer developed when C-S-H was subjected to drying. In spite of these efforts, the effects of
different environment conditions on the micro pore structure and frost resistance in mortar
and concrete have not been clarified yet.
The ambient conditions, such as temperature and humidity during drying period in the
laboratory, might be different from the actual ambient conditions at the outdoor exposure
environment. Therefore, it is necessary to verify the relationship between the property of pore
structure and the frost resistance in case of outdoor exposure tests for mortar samples. In this
study, the influence of environmental conditions, which are drying temperature, relative
humidity and drying period, on the frost resistance and micro pore structure changes was
investigated using RILEM CIF test [24] and MIP method, respectively. Mortar specimens
were prepared and subjected to drying in the laboratory, and exposed to different climate
conditions at three outdoor locations as well. The obtained results are useful for understanding
the degradation of the durability performance of mortar and concrete with respect to frost
damage. Furthermore, a performance prediction model taking into account pore structure
transformation due to ambient environmental condition was proposed.
3.1.2
3.1.2.1

Nano-structural change in C-S-H by drying
Experiments

Specimen preparation
Specimens of hardened cement pastes were prepared using ordinary portland cement
with a water-cement ratio of 0.35. The chemical composition of the cement is shown in Table
1. Curing conditions are listed in Table 2. Mixing was performed with a mortar mixer and the
slurry was placed to a height of 6 cm in a steel mold of 8 x 4 x 16 cm. After one-day sealed
curing and subsequent de-molding, specimens were shaped into 4 x 4 x 16 cm by removing
top 2 cm to avoid possible bleeding effects and subjected to under-water curing at 20°C for
four weeks. Curing of specimen 35W20 was prolonged another four weeks, while 35D50 was
subjected to oven-drying at 50°C for four weeks. To imitate changes in the working
environment of HCP as a factor affecting its pre structure, some 35D50 were subjected to four
wetting-drying cycles of 5-day drying at 50°C and subsequent 2-day of water immersion.
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After curing, specimens were crushed into particles with a diameter of approx. 2.5 to 5
mm, treated with acetone to suspend hydration and kept under the D-dry, carbonation-free,
condition until the test. Specimens for nitrogen and water vapor sorption isotherms and for
NMR were finely ground in a mortar.
Table 1: Characters of the ordinary portland cement

Items

Character
s

Density (g/cm3)

3.16

Specific surface area (cm2/g)

3250

28-day compressive strength
(N/mm2)

63.8

MgO(%)

1.9

SO3(%)

1.8

SiO2(%)

21.5

Al2O3(%)

5.5

Fe2O3(%)

2.9

CaO(%)

64.3

LOI(%)

0.64

Table 2: Curing conditions

Sample

W/C

Water curing

35W20
35DW50
35D50

Environmental change condition
Water curing for 4 weeks at 20 C

0.35

2 weeks
20 C

at [Air curing for 5 days at 50 C
water curing 2 days at 20 C] 4 cycles
Air curing for 4 weeks at 50 C

Experimental method
Pore size distribution was determined with MIP using specimens that were ground and
graded with a diameter of 1.0 to 2.0 mm. Micromeritics’ Auto-Pore 9200 was used at the
maximum pressure of 150 MPa and the results were analysis using Washburn’s formula [25].
Under-water weighing was performed with crushed and D-died specimen, which was
first immersed in water and subjected to 4-hour vacuum deaeration. After determining the
masses in water, in the saturated surface-dry condition and after oven-drying at 105°C for 24
hours, bulk density (the inverse of specific volume), true density (the inverse if specific true
volume), total porosity and total pore volume were calculated using the following equations
(1), (2) and (3).
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(1)
(2)

(3)
where ap (g/cm ): apparent density, vap (cm /g): apparent specific volume, w (g/cm3):
density of water, md (g): mass of specimen after oven drying at 105°C, ms (g): mass of
saturated surface-dried specimen, mw (g): mass of saturated specimen immersed in water, tr
(g/cm3): true density, vtr (cm3/g): true specific volume and Vtotal (cm3/g): total pore volume.
Nitrogen sorption isotherm was determined after degassing for two hours using
Quantachrome NOVA1000. Specific surface area was calculated using BET
(Brunauer-Emmett-Teller) method [14] and pore size distribution was obtained according to
DH (Dollimore-Heal) method [26]. A nitrogen molecular area of 0.162 nm2 was adopted for
the specific surface area calculation [27].
Water vapor sorption isotherm was determined at 25°C after a prerequisite drying in
vacuum at 20°C for 24 hours using Bell Japan’s BELSORP P18-Plus. Analysis was
performed not only with BET method but also with the ESW model proposed by Adolphs and
Setzer [15, 16, 17]. ESW is defined with the following formulas,
3

3

  nads 
ln  

1
n mono

(4)
(5)

 n ads  ln0

where nads is the amount adsorbed and
is a change in chemical potential defined as
=RTln(p/ps). Figure 1 shows the plots of Eqs. (4) and (5) represented with the ESW model,
where a minimum is shown in Fig. 1(a). ESW has a physical content of the adsorption energy
of molecule per unit mass of adsobent and shows a minimum at monolayer adsorption nmono.
A line with a negative gradient is shown in Fig. 1(b) where the inverse of the gradient gives
nmono. Specific surface area can be obtained multiplying nmono by the molecular area of gases.
Moreover with Fig. 1(b), changes in the specific surface area with an increase in nads, i.e. with
changes in adsorption state at multilayer adsorption, can be discussed [17]. A water molecular
area of 0.114 nm2 was adopted for the specific surface area calculation [9].
NMR measurement was performed according to 29Si-NMR (MAS) method at a
frequency of 79.45 MHz, acquisition time of 10 seconds and number of points of 5000 using
Bruker Biospin AVNCE400. The obtained spectrum was subjected to deconvolution using
Gaussian/Lorenzian scheme of the dedicated software Bruker WinFit.
n mono

(b)

ln|Δμ 

n ads
ln Δμ 

Φ = n ads ･Δμ

(a)

1/n mono
ln|Δμ| = -1/n mono・n ads + lnΔμ 

dΦ=0

n ads

(a): ESW () vs. amount adsorbed

(b): plots of logarithm method

Fig.1: Plots of ESW model
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3.1.2.2

Results and Discussion

0.10

(a)

3

Cumulative pore volume (cm /g)

MIP
Pore size distributions obtained with MIP are shown in Fig. 2. Both in 35DW50 and
35D50, cumulative pore volume with a diameter greater than 8 nm, the measurable lower
limit of MIP, increased as shown in Fig. 2(a). Partial pore volumes with a diameter from 20 to
100 nm and from 20 to 500 nm increased in 35DW50 and 35D50 respectively as shown in Fig.
2(b).
Drying-induced pore size distribution shift to a coarser region was discussed by Galle
[7]. Extent of the shift was in an order of 105°C oven-drying, 60°C oven-drying,
vacuum-drying (10 Pa, equivalent to D-drying) and freeze-drying. MIP specimens in this
study were first subjected to wetting/drying cycle at 50°C and then D-dried, hence the
temperature history could contribute to the coarsening of pore size distribution.
Duration of 50°C oven-drying was probably the major factor controlling the degree of
coarsening because the above coarsening was more significant in 35D50 (drying only) than in
35DW50 (drying and wetting). Further study of the drying-induced pore size distribution shift
is needed under variable drying temperature and processing time, but in this study, this effect
is considered as a given difference in the degree of drying.
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Fig.2: Pore size distributions measured with MIP
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Under-water weighing
Pore structure parameters calculated using Eqs (1)-(3) are shown in Table 3. True
density of HCP showed an increase suggesting an increase in true density of C-S-H that is the
major constituent of HCP.
Table 3: Results of under-water weighing using Equations (1) to (3)

Specimen

Apparent
density
ap

(g/cm3)
35W20
35DW50
35D50

1.72
1.76
1.79

True
Apparent
True
specific
specific
density
volume
volume
vap
tr
v
(cm3/g)
(g/cm3) tr 3
(cm /g)
0.581
2.34
0.427
0.568
2.50
0.400
0.560
2.56
0.390

Total pore
volume
Vtotal
(cm3/g)
0.154
0.169
0.169

Drying-induced changes in volume of pore and solid part of HCP are compared in Fig.
3. Pore volumes of HCP comprise the true specific volume vtr that is the solid part of C-S-H,
mercury-accessible volume with a pore diameter greater than 8 nm VHg and the remaining
pore volume as expressed in Eq. (6),
vap  (Vtotal  VHg )  VHg  vtr

0.6
Pore

3

Volume of pore or soild (cm /g)

(6)
where vap (cm3/g): apparent specific volume in Eq. (1), Vtotal (cm3/g): total pore volume
in Eq. (3), VHg (cm3/g): mercury-accessible volume with a pore diameter greater than 8 nm
and vtr (cm3/g): true specific volume in Eq. (2).

(Vtotal - VHg):
d < 8 nm *1

0.4

Solid

VHg:
d > 8nm *2

0.2

0.0
35W20

35DW50
Specimens

vtr: True
specific volume
of C-S-H in
hcp *3

35D50

Fig.3: Comparison of specific volume of pore and solid in HCP

*1; (Vtotal-VHg): Pore volume with a pore diameter less than 8 nm that H2O can enter while Hg
can not.
*2; VHg: Cumulative pore volume with a pore diameter larger than 8 nm evaluated by MIP
*3; vtr:: Volume of solid (C-S-H in HCP) corresponding true specific volume evaluated by Eq.
2.
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With an increase in degree of drying, vtr decreases and VHg increases, and Vtotal- VHg
decreases accordingly. This implies that C-S-H shrunk with a development of cohesion and
increase in large pores with a diameter greater than 8 nm. As Galle [7] noted, Vtotal is
overestimated when 105°C oven-drying is adopted as a standard dry mass compared to those
using vacuum-drying and 60°C oven-drying. This is because the water content differs
according to drying conditions. In this study, the standard dry mass was determined using
105°C oven-drying for all the specimens, therefore the change in Vtotal was most probably
caused by drying or drying-wetting at 50°C and not by the operation of obtaining the standard
dry mass.
Nitrogen adsorption
Nitrogen sorption isotherms for HCP are shown in Fig. 4 where specific surface areas
determined with BET method are also shown. Compared to the non-treated specimen
(35W20), amount of nitrogen adsorption, hysteresis and BET (N2) specific surface area
generally decreased according to the drying condition, i.e. in an order of 50°C drying and
wetting (35DW50) and 50°C drying (35D50). The decrease of hysteresis implies changes in
pore structure of HCP or nano structure of C-S-H.
Decrease in BET (N2) surface area due to drying may be explained by the Colloid
Model proposed by Jennings [28], where unit particles, the basic building blocks with a
diameter approx. 1 nm, are forming a colloidal particle, a higher-order structure called
Globule. C-S-H can be classified in LD C-S-H and HD C-S-H according to the cohesive
structure of Globules, where LD C-S-H allows nitrogen gas to enter while HD C-S-H does not.
When C-S-H is subjected to drying, LD C-S-H becomes more cohesive and prevents nitrogen
gas molecules from entering in the structure resulting in the decrease in BET (N2) specific
surface area. This implies the drying-induced densification of C-S-H and corresponds to the
increase in the true density of HCP as shown in Table 2.
Pore size distributions for HCP calculated with DH method [26] are shown in Fig. 5.
Compared to the non-treated specimen (35W20), total pore volumes measured with nitrogen
decrease according to the drying condition, i.e. in an order of 50°C drying and wetting
(35DW50) and 50°C drying (35D50). A marked decrease in pore volume can be found at a
pore volume with a pore diameter around 7 nm showing good agreement with the decrease in
pore volume with a diameter less than 8 nm (Vtotal- VHg) measured with under-water weighing
as shown in Fig. 4.
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Fig.4: N2 sorption isotherm of HCP
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Fig.5: Pore size distribution of HCP with N2 by DH method

Water vapor adsorption
Water vapor sorption isotherms of specimens are shown in Fig. 6. Compared to the
non-treated specimen (35W20), amount of adsorption and hysteresis decrease according to the
drying condition, i.e. in an order of 50°C drying and wetting (35DW50) and 50°C drying
(35D50) in the same manner as in nitrogen adsorption. Also BET (H2O) specific surface areas
decrease with an extent of drying. Applicable relative pressure range of BET method is
limited between 0.05 and 0.35 and the resulting specific surface area is based on the
monolayer adsorption while the difference in water vapor sorption isotherms as shown in Fig.
6 occur at higher relative pressure range implying that the drying-induced structural changes
are represented at multilayer adsorption states.
H 2O adsorbed, n ads (mmol/g)

8

2

BET H 2O (cm /g)
35W20 133.5
35DW50 113.6
35D50 107.6

6
4
2
0
0

0.2

0.4
0.6
0.8
Relative pressure （P/Ps）

1

Fig.6: H2O sorption isotherm of HCP
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This assumption were verified with ESW model proposed by Adolphs and Setzer [15,
16, 17] using Eqs (4) and (5). The results are shown in Fig. 7 where the ESW minima at the
monolayer adsorption show positive increase due to drying implying the lowering of
adsorption energy at the monolayer adsorption as shown in Fig. 7(a). It is also shown in Fig.
7(b) that a knick point is present at the monolayer adsorption state and the gradient,
corresponding to a specific surface area, increases with an intensity of drying, implying the
lowering of the specific surface area of C-S-H at multilayer adsorption states.

0

H 2O adsorbed nads (mmol/g)
2
4
6

ESW Φ (J/g)

0

8

(a)

-6

35W20
35DW50
35D50

n mono
-12
10

(b)
35W20
35DW50
35D50

ln|Δμ|

8

6
mono-layer

multi-layer

4
0

2
4
6
H 2O adsorbed, nads (mmol/g)

(a): ESW () vs. amount adsorbed

8

(b): plots of logarithm method

Fig.7: ESW analysis of water vapor adsorption isotherms of HCP

Specific surface areas at monolayer and multilayer adsorption states can be calculated
using Eq. (5) and the results of analysis are shown in Fig. 8. Results of specific surface area
determined in this study are shown in Table 4 where BET-H2O and ESW S1-H2O show good
agreement.
Specific surface areas with BET-N2 and those using water vapor are compared in Fig. 9
where BET-N2 shows a single digit smaller specific surface area than those using water vapor.
Drying-induced changes in specific surface areas with water vapor are almost equal to those
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with BET-H2O and ESW S1-H2O while that of ESW S2-H2O is much larger. Jennings [28]
attributed the drying-induced changes in specific surface areas of BET-H2O to an aggregation
of LD C-S-H while the result of ESW S2-H2O further suggests that the specific surface area at
multilayer adsorption decreases significantly.
Conventional knowledge showed that specific surface areas of HCP with BET-H2O is
almost constant regardless of water-cement ratio, age and prerequisite drying condition and is
always greater than that with BET-N2 [10, 12]. This is a consequence of calculating the
specific surface areas using monolayer capacity. Because water molecules can access to the
nano space of HCP, ESW analysis of changes in specific surface area at multilayer adsorption
is likely to figure out the aggregation of C-S-H. The result of ESW analysis may also attribute
the coarsening of pore structure observed with MIP to the drying-induced aggregation of
C-S-H.
Table 4: Specific surface area

Nitrogen
adsorptio
2
Specimen n (m /g)
BET
BET N2
35W20
8.4
35DW50 5.7
35D50
3.6
10

Water vapor adsorption (m2/g)
BET
BET H2O
133.5
113.6
107.6

ESW
S1 H2O
124.8
117.7
109.6

ln| = -0.5497nads + 9.5616

8
ln|Δμ|

ln||
= -0.6261nads
+ 9.359

S2 H2O
118.2
88.0
52.7

35W20
35D50

ln|| = -0.5807nads + 9.5313

6
ln|| = -1.3029nads + 10.557
mono-layer

4
0

multi-layer

2
4
6
H 2O adsorbed, nads (mmol/g)

8

Fig.8: ESW analysis of surface areas at mono- and multi-layer adsorption
state
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Specific surface area by BET N 2 (m /g)

Fig.9: Comparison of specific surface areas by Nitrogen adsorption (BET N2)
and water vapor adsorption (BET H2O, ESW S1 H2O and ESW S2 H2O)

Nuclear magnetic resonance
When 29Si nuclei are subjected to NMR, silicate anions (SiO44-) in a calcium silicate
compound show Q0 to Q4 peaks in the spectrum representing their chain structures. In C-S-H,
the major constituent of HCP, Q1 (chain end) and Q2 (within chain) are the major chain
configuration and neither Q3 (branching chain) nor Q4 (networked chain) can be observed [29].
Coordination of silicate anion chains with the layered structure of Ca(OH)2 was reported by
Birchall [30]. Klur et al [31] separated Q2 peaks into three types by ligand ions: Q2p (H+
coordination), Q2i (interlayer Ca2+ coordination) and Q2Ca (CaO lyaer coordination), but the
separation is normally difficult because Q2i peak is not intensive and overlapping with Q2Ca.
Fig. 10 shows the schematic silicate anion structure with coordination of Q1, Q2Ca and Q2p.
NMR output was analyzed following the chemical shifts shown by Klur et al. and Q2
was separated into Q2p and Q2Ca. As shown in Fig. 11, increase in Q2Ca by drying can be
observed. Drying-induced changes in peak intensity are compared in Fig. 12 where Q1
decreases and in Q2Ca increases. The degree of silicate anion polymerization, defined as peak
intensity ratio of Q1 and Q2total (Q2Ca+ Q2p), was 4, 5 and 11 for 35W20, 35DW50 and 35D50
respectively. This implies that polymerization of silicate anions coordinated with CaO layer
developed when C-S-H was subjected to drying.
CaO layer

Ca

Ca

Ca

Ca

Ca

Silicate chain

Q1

Ca

Ca

Ca

2+

Q 2i

Ca

H

Ca

+

Q 2p Q 2Ca
Ca

Q 1 ; -79ppm Q 2p ; -82ppm Q 2i; -84ppm Q 2Ca; -85ppm

Fig.10: Schematic structure of C-S-H and assignment of Qn (rewrite of Klur
et al., [31])
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Fig.11: 29Si NMR MAS spectra of C-S-H in HCP
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Fig.12: Comparison of relative peak intensity of C-S-H in HCP by 29Si NMR
MAS

Pore structure and nano-structural changes due to drying
Relationship between specific surface area with BET-N2 and degree of polymerization
of silicate anions (Q2total) is shown in Fig. 13. With an increase in Q2total, BET-N2 decreases
significantly implying that the drying-induced changes in specific surface area with BET-N2
is associated with polymerization of silicate anions, which was also noted by Jennings [28,
32].
Relationship between specific surface area with BET-H2O, ESW S1-H2O and ESW
S2-H2O, and Q2total is shown in Fig. 14. Change in specific surface area at monolayer
adsorption state (BET-H2O and ESW S1-H2O) with an increase in Q2total is slight while at
multilayer adsorption (ESW S2-H2O), it decreases significantly. This also implies an
aggregation of C-S-H as seen in BET-N2.
Relationships of pore volumes (Vtotal and VHg) and specific volume of solid (vtr) with
respect to Q2total are shown in Fig. 15, where Vtotal shows no or slight increase but VHg tends to
increase. This leads to a conclusion that the drying-induced pore coarsening was caused by
the development of polymerization of silicate anion chains resulting in a formation of new
pore spaces.
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Fig.13: Relationship between specific surface area of BET N2 and Q2total by
NMR
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Fig.14: Relationship between specific surface areas at mono- and multi-layer
adsorption state by ESW (H2O) and Q2total by NMR
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Fig.15: Relationship between pore volumes and Q2total

3.1.3
FROST RESISTANCE AND MICRO PORE STRUCTURE CHANGE OF
MORTAR EXPOSED TO DIFFERENT CLIMATE CONDITIONS
3.1.3.1
Experimental Procedure
Materials and specimens
Mortar specimens without AE were prepared using two types of cement, which are ordinary
Portland cement (N) and fly ash cement (FA). Fly ash content in FA cement was 15% by
weight of cement. Land sand from Noboribetsu was used as a fine aggregate with 2.69 g/cm3
and 1.52 % for the density in saturated surface-dry condition and the percentage of absorption,
respectively. Water-cement ratio (W/C) was set as 0.35 and 0.55 and the cement-sand ratio
was set as 0.5. All specimens were casted into W 40 x L 160 x H 40 mm prism size.
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For the laboratory test, where the effects of drying curing condition were examined, mortar
specimens were demoulded and curing conditions were applied as given in Table 5. The initial
curing of mortar was curing in water at 20°C for 4 weeks. Afterwards, drying curing and
drying-wetting curing were applied at 20°C and 50°C. In the case of drying at 50°C, different
humidity values (5% and 60%RH) were provided, and the period of drying was varied as 2
and 4 weeks as well.
Table 5: Curing conditions in the laboratory test

Symbol
Initial curing
Drying condition
Drying period
REF.
Water curing at No drying
20 for 4 weeks
20D-4W
Drying at 20 (60%RH)
4 weeks
50DL-2W
Drying at 50 (5%RH)
2 weeks
50DL-4W
4 weeks
50DH-2W
Drying at 50 (60%RH)
2 weeks
50DH-4W
4 weeks
50DW-2W
Drying and wetting cycles at 2 weeks (4 cycles)
50 *
50DW-4W
4 weeks (8 cycles)
For the outdoor exposure test, the specimens, after initial curing in water at 20°C for 4 weeks,
were exposed to different climate conditions for about one and a half years at three outdoor
sites in Japan, which are Muroran (Hokkaido), Narashino (Tokyo) and Naha (Okinawa). The
climate conditions for the outdoor exposure test are shown in Table 6 and Fig. 16 as well. The
mortar specimen (REF.) was considered the reference mortar specimen for both the laboratory
and the outdoor exposure tests.
Table 6: Climate condition at exposed points

Symbol Exposure place
H
T
O

Muroran, Hokkaido
Narashino, Tokyo
Naha, Okinawa

Muroran, Hokkaido

Annual mean temperature
( )
8.6 (max 23.4, min -4.2)
15.3 (max 31.0, min 1.4)
23.1 (max 31.8, min 14.6)

Annual mean humidity
(%RH)
77 (max 90, min 69)
69 (max 80, min 55)
74 (max 83, min 66)

Narashino, Tokyo

Naha, Okinawa

Fig. 16: Exposure test conditions

Experimental method
Frost resistance of W 40 x L 160 x H 40 mm mortar prisms was evaluated by RILEM CIF test
[6]. Lateral surfaces of mortar prisms were sealed by aluminium foil tape with butyl rubber.
The mass change during the isothermal capillary suction and the freezing/thawing cycles was
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measured. The change of relative dynamic modulus of elasticity (RDM) during
freezing/thawing cycles was also recorded.
MIP was used to quantify the micro pore structure of tested mortars. First, the mortar
specimens were cut into 5 mm cubes, treated with acetone to stop the hydration, and then kept
in D-dried condition. Finally, approximately 228 Mpa maximum pressure corresponding to
6nm of minimum pore diameter was applied to measure the pore size distributions by MIP.
3.1.3.2

Results and Discussion
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Relative dynamic
modulus of elasticity (%)

Relative dynamic
modulus of elasticity (%)

Frost resistance
Figure 17 shows the variation of relative dynamic modulus of elasticity versus freeze/thaw
cycles using the CIF test method in case of mortars dried in the laboratory. The air content of
each specimen case is described in Fig. 17. It is obvious from the figure that the frost
resistance, represented by RDM, significantly decreased with drying or drying-wetting cycles
at 50°C (50DL, 50DH, 50DW) regardless of the drying period and cement type used, except
specimen N-0.35. In case of N-0.35, all mortar specimens showed high frost resistance
because of the great air content (3.7%) of specimens compared to other cases. On the other
hand, no difference in frost resistance between the reference specimen without drying (REF.)
and the specimen dried at 20°C (20D) was observed. Thus, it can be clarified that the
influence of drying temperature is relatively larger on the frost resistance degradation than
humidity.
The change of relative dynamic modulus of elasticity during freezing/thawing cycles based on
the CIF test, where mortars exposed to outdoor conditions for one and half years, is presented
in Fig. 18 including Ref. specimen. The frost resistance of outdoor exposure mortars tested at
three different sites was decreased in a similar way to that of the laboratory test.
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Fig. 17: Results of freezing/thawing test for laboratory curing specimens
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Fig. 18: Results of freezing/thawing test for outdoor exposure specimens

Pore structure change
Figure 19 shows the volume of micro pore with 40-2000 nm diameter, which has the
influence on the frost resistance, for all mortar samples in this study. The pore volume
(40-2000 nm diameter) for both mortar samples tested outdoors, and dried in the laboratory at
50°C (50DL, 50DH, 50DW), regardless of the type of cement used, increased compared to
REF. specimen. Also, the change of the pore volume for the outdoor exposure mortar
specimens was almost the same to that of 50DW mortar specimens tested in the laboratory. It
was found that the influence of drying at 50°C on the pore structure change was more severe
than that of the outdoor exposure for one and a half years. This is the reason for the sudden
degradation of frost resistance of mortars in case of drying curing in laboratory.
In this study, the volume of disconnected pores, namely ink-bottle shape pores, which is the
difference of hysteresis between first and second measurement by MIP was also analyzed.
The disconnected pore volume showed an increase by drying at 50°C and exposure compared
to REF. specimen, regardless of cement type used. Figure 20 presents the relationship
between the micro pore volume and the disconnected pore volume. It is clear that the
connectivity of pore structure became lower than that of specimen REF., while the the micro
pore volume (from 40-2000 nm diameter) increased due to drying or drying-wetting cycles
and exposure. The relationship between the micro pore volume (40-2000 nm diameter) and
drying temperature is given in Fig. 21, which shows that higher temperature can cause the
increase of micro pore volume. While, no correlation was found between the pore volume
with 40-2000 nm diameter and the ambient humidity. Therefore, it can be said that the
influence of drying temperature on the micro pore structure change is larger than that of
humidity.
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Fig. 19: Volume of micro pore with 40-2000 nm diameter
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Fig. 21: Relationship between volume of pore with 40-2000 nm diameter and
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Relationship between pore structure and frost resistance
Figure 22 shows the relationship between the micro pore volume and the durability factor.
The durability factor of CIF test was calculated by the modified ASTM C666 equation, Eq.
(7).

DF = PN/M

(7)

where, DF: durability factor of the test specimen, P: relative dynamic modulus of elasticity at
N cycles, %, N: number of cycles at P reaches 80% or 56 cycles (smaller value), M: 56
cycles
It can be inferred from Fig. 22 that the durability factor due to freeze/thaw cycles test sharply
decrease, i.e. frost damage occurs shortly, when there is an increase of micro pore volume for
both mortars of the laboratory and exposure tests, except in case of N-0.35 specimen. N-0.35
was durable to frost damage because of its high air content. Although the difference of air
content could influence the adequate evaluation of the results, it is clear that the frost
resistance of mortar can be degraded by the increase of the volume of pore with 40-2000 nm
diameter due to drying at high temperature or outdoor exposure. Moreover, the connectivity
of pore structure would affect significantly the frost resistance and the micro pore volume.
The change of frost resistance and pore structure in the specimens exposed to different
climate conditions has the same tendency with that of the laboratory test specimens.
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Fig. 22: Relationship between volume of 40-2000 nm diameter pore and
durability factor

3.1.4
PERFORMANCE PREDICTION
3.1.4.1
Description of Pore Structural Change and Frost Resistance after Exposure
From experimental results, Eq. (8) expresses the pore structural change by drying was
obtained by means of multiple regression analysis. In Eq. (8), PVd/PVi, the ratio of pore
volume of 40-2000 nm in diameter after drying to initial condition, can be described by
maximum temperature during drying period, water binder ratio and cement type.
Furthermore, the relationship between pore volume from 40 to 2000 nm in diameter and frost
resistance, Eq. (9), was proposed by Kamada [3]. The change of durability factor due to pore
structure change by drying can be described by Eq. (10) as a function of temperature, W/B
and cement type based on Eq. (8) and Eq. (9).

PVd/PVi = 0.099 Temp. – 0.151 W/B + 1.564 FB + 6.817
log (DF) = －0.317－1.209log(PV) + 1.799A/P
DFd/DFi = (PVd/PVi)-1.209

(8)
(9)
(10)

where PVd: pore volume of 40-2000 nm in diameter after drying, PVi: pore volume of
40-2000nm in diameter at initial condition (water curing at 20°C for 4 weeks as a standard),
Temp.: Maximum temperature during drying period, W/B: Water binder ratio (%), FB:
cement type ( N=0, FB=1), DF: durability factor, PV: pore volume from 40 to 2000 nm in
diameter (cc/g), A/P: air content to past ratio, DFd: durability factor after drying, DFi:
durability factor at initial condition (water curing at 20°C for 4 weeks as a standard)
Figure 23 shows the relationship between maximum temperature during drying period and the
ratio of durability factor, DFd/Dfi, in case of OPC. The higher the temperature is, the lower the
ratio of durability factor is regardless W/B. Even when the temperature is 20°C, the ratio of
durability factor in low W/B is drastically decreased. Fig. 24 shows an example of the
degradation of durability factor due to drying by Eq. (10). Although the initial durability
factor, DFi, is 80, the durability factor after drying, DFd, decreases to 30 by drying, in case of
W/C=0.55, OPC and Temp.=35°C.
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Fig. 23: Relationship between maximum temperature during drying period
and the ratio of durability factor, DFd/Dfi, in case of OPC
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Fig. 24: Degradation of durability factor due to drying

On the other hand, in a previous study [33], the equivalent cycles to ASTM which can
estimate the effect of freezing temperature to frost damage and the effective number of
freeze/thaw cycles which is corrected equivalent cycles to ASTM was proposed as shown in
Eq. (11) and Eq. (12). The deterioration due to frost damage under actual ambient conditions
can be estimated by Eq. (13).
Cy ASTM-sp ＝ C・F・s・p・Ra90-E

(11)

Ra90-E ＝ α・Ra90＝ α・∑（-ts/18) β

(12)

XEd＝NEd/CyASTM-sp

(13)

Where Cy ASTM-sp: equivalent cycles to ASTM, C: coefficient of curing conditions, F:
coefficient of freezing and thawing conditions, s: condition factor of sunshine, p: factor of
degradation process, Ra90-E: effective number of freeze/thaw cycles which is corrected
equivalent cycles to ASTM (cycles/year), Ra90: equivalent cycles to ASTM by air temperature
(cycles/year), ts: minimum freezing temperature (°C), β: constant, α: correction factor, XEd:
years until RDM=Ed % on structure, NEd: number of cycles until RDM=Ed % on accelerated
test
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Fig. 25: Lifetime prediction under different conditions

DFi=80, W/C=0.55, OPC, Temp.=35°C
Ra90=16.9 (correspond to Sapporo)
Ra90-E=5.0, C=0.14～1.00, F=0.21～1.00, p=1.00 (Ed>90)
Ra90-E=0.8, C=0.45～1.00, F=0.23～1.00, p=1.00 (Ed<90)
Figure 25 shows results of lifetime prediction under different conditions. It is able to
estimate the deterioration due to frost damage by above equations. The lifetime until
RDM=60% is widely varied in both case, DFi and DFd. Any deterioration due to frost damage
would occur under mild condition such as low water supply condition. It takes more than 200
years until RDM=60% even under most severe condition in case of DFi. However, the
lifetime until RDM=60% on same condition is shortened to 75 years due to the pore structural
change by drying in case of DFd. This result shows the importance to considering the pore
structural change by drying for performance prediction.
3.1.4.2
Prediction Model for Progress of Frost Damage taking into account Pore
Structure Transformation due to Ambient Environmental Condition
As result of the above section, it was found that the pore volume whose diameter from 40 to
2000 nm increases in the case with higher ambient temperature. And the prediction equation
of influence of ambient temperature was obtained.
In case that concrete structure is exposed under real ambient climate, it can be assumed that
temperature distribution in the concrete structure is not uniform. Moreover, the thickness of
the concrete structure is different depending on a structure type which architectural building
or civil engineering structure. Generally, the concrete thickness of architectural building is
about 150 mm, and that of civil engineering is more than 1000 mm. Thus, there is possibility
that the influence of temperature on pore structure is different due to thickness of the
structure.
Therefore, in order to development of the prediction model for progress of frost damage
taking into account pore structure transformation due to ambient environmental condition, the
difference of temperature distribution due to the wall thickness is evaluated and the analytical
model of pore structure transformation based on the temperature distribution is proposed.
Next, the difference of freezing and thawing property is investigated by analysis results.
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Evaluation of difference of temperature distribution due to thickness of wall

(a)Computational conditions and object of analysis
Figure 26 shows the ambient temperature for the simulation, which is based on the standard
meteorological data from July to August at Tokyo and Sapporo. As shown Figure 26, two kind
of the ambient temperature condition are prepared. Low one corresponds to Sapporo, whose
average and maximum values are 22.9 ºC and 29.2 ºC, respectively. High one corresponds to
Tokyo, whose average and maximum values are 28.4 ºC and 34.1 ºC, respectively.
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Figure 26: Ambient temperature based on the standard meteorological data

Two kind of the concrete wall thickness are set as the analysis object. One is 150 mm which is
assumed as architectural building. Another is 1000 mm which is assumed as civil engineering
structure. In this simulation, because simple heat conduction was assumed, Eq. (14) was used
as the fundamental equation.
T
(14)
    T 
t
where, c: specific heat (J/kgK), : thermal conductivity (W/mK), : density of material
: divergent (gradient).
(kg/m3), t: time (s),
It was defined that the thickness direction was X direction. And this simulation was carried
out as one dimension model based on the assumption that heat and moisture transfer occurred
in only X direction. Numerical calculations were performed by the finite difference method.
The left surface (x=0mm) contacts with the ambient air whose temperature is changed as
Figure 26. The heat transfer coefficient at the left surface was set at 9.6 W/m2K. At the right
surface, since insulation condition (no heat flux) was assumed, the heat transfer coefficient
was set at 0.0 W/m2K.
c

(b) Simulation results
Figure 27 and Figure 28 show the time variations of temperature distribution under the high
ambient temperature in the cases of 150 mm thickness and 1000 mm, respectively. And Figure
29 and Figure 30 show that under the low ambient temperature in the cases of 150 mm
thickness and 1000 mm, respectively.
218

Chapter 3 Performance prediction considering pore structural change by drying

Temperature (ºC)

35

30

25

20

15
0

10

20

30

40

50

60

70

80

90

100

Distance from surface (cm)

Figure 27: Time variation of temperature distribution under the high temperature (150
mm)
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Figure 28: Time variation of temperature distribution under the high temperature (1000
mm)

Temperature (ºC)

35

30

25

20

15
0

10

20

30

40

50

60

70

80

90

Distance from surface (cm)

100

Figure 29: Time variation of temperature distribution under the low temperature (150
mm)
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Figure 30: Time variation of temperature distribution under the low temperature (1000
mm)

It is found that there are clear different due to wall thickness among the simulation results of
the time variation of temperature distribution. Especially, the maximum temperature near the
surface (x=0mm) in case that the wall thickness 150 mm is higher than that in case that the
wall thickness 1000 mm. It is concerned that the pore structure in 150 mm thickness wall will
more coarsen in the near surface region.

Rate of pore size transformation (n.d.)

Modelling pore structure transformation based on temperature distribution
In this simulation, it was assumed that the rate of pore size transformation (=PVd/PVi) was
depended on the maximum temperature. Thus, the rate of pore size transformation can be
calculated by Eq. (8) and the maximum temperature in section 4.2.1. The calculated rates of
pore size transformation are shown in Fig. 31.
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Figure 31: Rate of pore size transformation based on maximum temperature

As the equilibrium moisture content curve, the measured value by Hedenblad [34] was used.
In the region corresponded to that the pore diameter is more than 40 nm (= more than
94.8 %RH), the pore volume was change based on the rate of pore structure transformation.
And the changed equilibrium moisture content curve was made to converge to the value at
55 %RH. Figure 32 shows the equilibrium moisture content curves at 20 ºC. In the calculation,
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this equilibrium moisture content curve was translated to the relations for water chemical
potential. Here, it was assumed that the relations between the water chemical potential and the
equilibrium moisture content in case of temperature less than 0 ºC is same as that in case of
temperature more than 0 ºC.
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Figure 32: Equilibrium moisture content curves

Investigation of difference of freezing and thawing property

(a)Simultaneous heat and moisture transfer equation for a three-phase system
In this study, the following assumptions were made. The material has isotropy and
homogeneity, and is composed of three phases, gas, liquid and solid. A local equilibrium is
established on moisture among the three phases. A hysteresis due to absorption and desorption
of moisture and freezing, supercooling phenomenon, deformation of pore structure due to
change of water and ice contents were not taken into account. Based on these assumptions,
balance equations of energy and moisture are derived as follows [35].



 


w w 
  Tg
 T    g   l 
 t

T
c
    T   H gl  Tg
 T   g   H ls i i
t
t







(15)
(16)

3
3
where, w: density of water (kg/m3),
w: volumetric water content (m /m ), t: time
(s),
’Tg: moisture conductivity in gas phase due to temperature gradient (kg/msK), ’μg:
moisture transfer in gas phase due to water chemical potential gradient (kg/ms(J/kg)),
’μl:
moisture transfer in liquid phase due to water chemical potential gradient (kg/ms(J/kg)),
water chemical potential (relative to free water) (J/kg), c: specific heat (J/kgK), : thermal
conductivity (W/mK), Hgl: latent heat of vaporization (=2428 kJ/kg), Hls: latent heat of
melting (=335 kJ/kg), : divergent (gradient).
Total weight of moisture per unit volume w w is defined as Equation (17),
 w w   g g  l l  
(17)
i i

where g, l, i: density of moisture in gas, liquid, solid phase, respectively, g, l, i:
volumetric water content in gas, liquid, and solid phase, respectively.
In this study, ice volume in a unit volume is defined as ice content (vol. %) (= hundredfold of
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i).

The balance equation between water chemical potential
follows.
T 
  H ls log e  f 
 To 



and freezing point Tf is as
(18)

where T0: freezing point of free water (=273.16(K)), thus, T0-Tf means the degree of freezing
point depression.
(a) Transfer coefficients and equilibrium moisture content curve
Specific heat, density, and heat conductivity as shown in Table 7 were used for the analysis.
Table 7: Physical properties
w/c
[%]
50

ρ
3
[kg/m ]
2300

c
[J/kgK]
934

λ
[W/mK]
1.62

In this analytical model, the moisture conductivity due to the water chemical potential
gradient ’μ and due to temperature gradient ’T were respectively used as the relations for
moisture content.
The moisture transfer coefficients of the region without the surface treatment were mainly
from Ogura [36]. Thus, the moisture transfer coefficients in not saturated region were based
on vapor conductivity (1.25 × 10-12 (kg/msPa)) by Hedenblad [34]. And a literature value of
water permeability (3 × 10-10(cm/s))[37] was used for the transfer coefficients at the saturation.
The vapor conductivity from 98 RH% to saturation was estimated by interpolation because
there was no measured data in this region. These moisture transfer coefficients and the
measured values by Hedenblad are shown in Figure 33.
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Figure 33: Moisture conductivities
In this analysis, the siliceous type which has water repellent effect due to densification of pore
structure was assumed as the surface treatment. Although the measurement of transfer
coefficients and equilibrium moisture content of the treated region had not been carried out,
the saturated moisture content was set at about 60 % of that in the untreated region. Hence,
the saturated moisture content for the untreated region was set at 14.0 vol. % from the
measured value by Hedenblad [34].
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Temperature (ºC)

(c) Computational conditions and object of analysis
In this section, the same objects of analysis were investigated. Thus, two kind of the concrete
wall thickness are set. One is 150 mm which is assumed as architectural building. Another is
1000 mm which is assumed as civil engineering structure. And two kind of the exposure
condition are prepared. One is “high temperature condition”, another is “low temperature
condition”. These are same as the section 4.2.1.
In this study, the freezing-thawing test (RILEM CIF/CDF test) was simulated. In this
simulation, it was defined that the thickness direction was X direction. And this simulation
was carried out as one dimension model based on the assumption that heat and moisture
transfer occurred in only X direction.
In the RILEM CIF/CDF test, it was regulated that the freezing-thawing test has to start after
the period which water was absorbed from the bottom surface of the specimen for 7 days.
Therefore, the conditions immediately after the water absorption period were given as the
initial condition. Then, it was assumed water did not exist in air void of the concrete specimen,
the initial moisture content was set at 12 vol. % which is less 2 vol. % than the saturated
moisture content 14 vol. %. The relative humidity was set at 96 %RH which keep equilibrium
with the initial moisture content 14 vol. %.
The cyclic variation of controlled temperature of water contacted with the material surface is
shown in Figure 35. As shown in Figure 35, the temperature was kept at 20 ºC for 1 hour at
first, and it was decreased to -20 ºC with the decreasing rate was -10 ºC/h. Next, the
temperature was kept at -20 ºC for 3hours, and it was increased to 20 ºC with the increasing
rate was 10 ºC/h. The time for one cycle was 12 hours.
Numerical calculations were performed by the finite difference method. A simulation was
performed for 30 cycles, i.e. 360 hours (= 15 days).
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Figure 35: Cyclic variation of controlled temperature

(d)Simulation results
Figure 36 shows the maximum and minimum temperature distribution of each cycle in the
case of 1000 mm wall thickness. As shown Figure 36, the temperature distribution in
thickness to 200 mm converged to the periodic steady state. The other hand, the temperature
distribution in more than 20 mm thickness varied very slowly. Here, to compare with the
temperature distribution in the case of 150 mm wall thickness, the temperature distribution in
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the thickness from 0 mm to 200 mm is shown in Figure 37. And Figure 38 shows that in the
case of 150 mm thickness. From comparison of Figures 37 and 38, even in the range to 150
mm thickness, it can be found that the time variation of the temperature distribution is slower
than that in the case of 1000 mm thickness. The difference between the two cases becomes
larger in the deeper region.
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Figure 36: Time variation of temperature distribution
(in the case of the 1000 mm thickness)
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Figure 37: Time variation of temperature distribution in the thickness to 20 mm
(in the case of the 1000 mm thickness)
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Figure 38: Time variation of temperature distribution in the thickness from 0 to 200 mm
(in the case of the 150 mm thickness)

The time variation of ice content distribution when 8 hours was elapsed in each cycle in the
case of the 1000 mm and 150 mm wall thickness under the low temperature exposure
condition, are shown in Figures 39 and 40, respectively. And that under the high temperature
exposure condition, are shown in Figures 41 and 42, respectively.
As shown in Figures 39 to 42, it can be found that freezing begin from the surface, and the
frozen region spread toward the interior of the wall with number of the cycle in the all cases.
The maximum ice content at each cycle is shown at the surface.
From comparison between Figures 39 and 41, and Figures 40 and 42, respectively, it can be
found that the difference of maximum ice content due to the exposure temperature is about 2
vol.%. In the deeper region, although the different of maximum ice content can be found, the
maximum ice content itself is not enough high to cause the frost damage.
Next, from comparison between Figures 39 and 40, and Figures 41 and 42, respectively, The
difference due to the thickness can be found in the deeper region than 8 mm. However, there
is no significant difference near the surface. This is because the difference of pore structure
transformation due to the wall thickness is larger in the deeper region. Thus, it can be said that
the difference of ice content distribution is able to be shown when the water content in deeper
region than 8 mm is higher such as saturation.
From comparison between Figures 39 and 41, and Figures 40 and 42, respectively, it can be
found that the difference of maximum ice content due to the exposure temperature is about 2
vol.%. In the deeper region, although the different of maximum ice content can be found, the
maximum ice content itself is not enough high to cause the frost damage.
Therefore, it can be said that the influence of structure thickness on temperature distribution
and the freezing thawing property should be considered adequately in case with a lot of water
infiltration.
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Figure 39: Time variation of ice content distribution
(in the case of the 1000 mm thickness whose exposure condition is the low temperature)
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Figure 40: Time variation of ice content distribution
(in the case of the 150 mm thickness whose exposure condition is the low temperature)
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Figure 41: Time variation of ice content distribution
(in the case of the 1000 mm thickness whose exposure condition is the high temperature)
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Figure 42: Time variation of ice content distribution
(in the case of the 150 mm thickness whose exposure condition is the high temperature)
3.1.5
CONCLUSIONS
In this study, pore structural changes in hardened cement pastes, subjected to drying and
wetting/drying cycles, were studied at micrometer and nanometer levels. The influence of
environmental conditions, such as drying temperature, relative humidity, drying period and
drying-wetting cycles, on the frost resistance and micro pore structure distribution was also
investigated. Furthermore, a performance prediction model considering pore structure
changes due to drying was proposed. The results of this study

(1)

When HPC was subject to drying at 50 °C, pore structure and C-S-H nano
structure changed in the following manner:
Pore volume with a diameter greater than 8 nm increased as measured by
MIP.
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(2)

(3)

(4)

(5)

(6)

True density measured by the under-water weighing increased and pore
volume with a diameter smaller than 8 nm decreased while the total pore
volume remained unchanged.
Specific surface area measured with BET-N2 decreased significantly.
Specific surface area measured with BET-H2O showed good agreement with
that obtained by ESW model at monolayer adsorption state (ESW S1-H2O) and
decreased slightly by drying, while that at multilayer adsorption state (ESW
S2-H2O) decreased significantly in the same manner as in BET-N2.
Polymerization of silicate anion chain was induced by drying as observed in
29
Si-NMR.
Specific surface area measured with BET-N2 and ESW S2-H2O decreased
significantly with an increase in polymerization of silicate anions in C-S-H,
implying that the drying was responsible to the polymerization and the
development of cohesive structures of C-S-H.
The drying-induced pore coarsening of HCP, as measured with MIP, was
attributed to the formation of cohesive structures resulting from the
polymerization of silicate anion chains in C-S-H.
Both results of the laboratory and outdoor exposure tests revealed that the pore
structure of mortar was coarsened and the volume of 40-2000 nm diameter micro
pore, which has a significant influence on the frost resistance and frost damage of
mortar, increased regardless of the cement type or drying period. Moreover, the
frost resistance of mortar drastically decreased by drying or drying-wetting curing
in the laboratory at high temperature and outdoor exposure conditions as well.
Not only the volume of pore with 40-2000 nm diameter but also the disconnected
pore volume were increased by drying effects. This implies that the connectivity of
pore structure would become smaller by drying or drying-wetting curing at high
temperature or exposure conditions. Also, this connectivity of pore structure would
influence significantly the frost resistance as well as the volume of 40-2000 nm
diameter pore.
The drying temperature was more critical to the coarsening of micro pore
structure and the degradation of frost resistance than humidity conditions. The
influence of drying at 50 °C on the pore structure change was more severe than that
of one and half years outdoor exposure test for mortar specimens.
Equations which can expresses the pore structural change by drying and the
change of durability factor due to pore structural changes by drying were
proposed. Moreover, the lifetime prediction method by means of the equivalent
cycles to ASTM was proposed.
As result of the proposed analytical model using heat and moisture transfer
equation for a three-phase system, under same thermal condition, it was found that
there are the different of freezing and thawing property due to thickness of structure
and location. It can be said that the influence of structure thickness on temperature
distribution and the freezing thawing property should be considered adequately in
case with a lot of water infiltration.
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3.2

Evaluation of Tension-Softening Behavior of Mortar Under
Freeze-Thaw Cycles of Different Temperature Histories

ABSTRACT
Frost damage due to freeze-thaw cycles is an important issue in the durability of
concrete structures in cold regions. Concrete material, which consists of mortar and coarse
aggregate, is heterogeneous at the mesoscale level. Mesoscopic simulation has been proposed
for predicting the progress of frost damage. However constitutive models that incorporate the
influence of freeze-thaw cycles have not been developed. Moreover, it is generally known that
concrete scaling differs according to the temperature history of the freeze-thaw cycles to
which the concrete is subjected. Therefore, the temperature history of freeze-thaw cycles
might also affect the tension-softening behavior. To obtain a constitutive model for
mesoscopic simulation, the tension-softening behavior of mortar under freeze-thaw cycles of
different temperature histories was evaluated in this study. Four temperature histories were
applied, with 2, 4, 6 or 12 hours per freeze-thaw cycle. After 10 freeze-thaw cycles,
tension-softening curves were obtained from a bending test. The following were made clear:
(1) The temperature history of freeze-thaw cycles greatly affects the increase in residual strain
that results from frost damage, with the number of freeze-thaw cycles and the rate of
temperature change having particularly great influences on the progress of frost damage. (2)
Reduction of tensile strength, elastic modulus and fracture energy are caused by larger
residual strain after 10 freeze-thaw cycles than by the increase in residual strain that develops
over the course of 10 freeze-thaw cycles. (3) No clear relationship was observed between
maximum crack width and residual strain.
Keywords: Freeze-thaw cycle, temperature history, tension softening, residual strain
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3.2.1

INTRODUCTION
Concrete structures and members should have excellent durability and achieve long
service life. To meet these needs, it is necessary to establish a system that affords life-cycle
cost reductions by providing for the maintenance and repair of structures based on evaluations
of structural performance that include consideration of physicochemical deterioration.
Frost damage typically occurs in concrete structures in cold regions. It is generally
known that repetition of freezing and thawing of water in cement-hardened matrix produces
damages such as scaling and pop-out of aggregate from concrete surfaces and initiates micro
cracks due to expansion. However, a method for predicting the progress of frost damage has
not been established.
The influence temperature history of freeze-thaw cycles (FTC) on strain and amount of
scaling were reported for large-scale specimens tested according to ASTM and RILEM [1][2].
Previous studies indicated that the temperature history of FTC influences the structural
performance of cement-hardened materials. However, concrete is heterogeneous at the
mesoscale level, because it consists of mortar and coarse aggregate. To precisely understand
the influence of frost damage, it is necessary to use a mesoscale model to investigate the
mechanical behavior of frost-damaged concrete or mortar. In mesoscopic simulations that
consider frost damage, the tension-softening behavior of mortar should be evaluated under
FTC of different temperature histories.
This paper experimentally evaluates the mesoscale tension-softening behavior of mortar
subjected to FTC of different temperature histories. For the experimental test, four
temperature histories were applied, each with a different cycle duration (2, 4, 6 or 12 hours
per cycle). After 10 freeze-thaw cycles, a bending test was conducted and tension-softening
curves were obtained. Based on the tension-softening curves, the tension-softening behavior
of the frost-damaged mortar is discussed.
3.2.2
EXPERIMENTAL PROCEDURES
3.2.2.1 Test specimen
Ordinary Portland cement (density: 3.16 g/cm3; specific surface area: 3320 cm2/g) and
river sand from Yufutsu, Hokkaido (surface dry density: 2.67 g/m3; fineness modulus: 2.82;
maximum size: 1.7 mm) were used for making mortar prisms. The mix proportion of the
mortar was 0.5 W/C and 3.0 S/C. Air entraining agent was not used.
Mortar prisms measuring 40 mm × 40 mm × 160 mm were fabricated according to JIS
R 5201, demolded at 24 hours after casting, and water-cured at 20 C for 28 days. Test
specimens measuring 30 mm × 70 mm × 5 mm [3] were excised from the central parts of the
mortar prisms to eliminate the influence of bleeding. The tiny specimens were required to
investigate the mesoscale tension softening of frost-damaged mortar.

3.2.2.2 Bending test
The bending test was conducted with a loading speed of 1 µm/sec [4]. Linear variable
differential transformers (LVDT) were used for measuring vertical displacement at the
supports and the loading point (Fig. 1). A tension-softening curve, tensile strength and elastic
modulus were obtained from measured load-displacement curves according to
JCI-S-001-2003 (Determination of Tension Softening Diagram of Concrete by Poly-Linear
Approximation Analysis [5]).
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LVDT

LVDT

Test piece

LVDT

Figure 1

Bending test.

3.2.2.3 Freeze-thaw cycles
Freeze-thaw cycles (FTC) in this study are shown in Fig. 2 based on the RILEM CDF
method. While 1 cycle takes 12 hours in the RILEM CDF method, 4 patterns of the
freeze-thaw cycles, RILEM 12-hour, RILEM 6-hour, RILEM 4-hour and RILEM 2-hour
(abbreviated as R12, R6, R4 and R2, respectively; the number indicates the hours in one cycle
of freezing and thawing) are arranged in order to accelerate the progress of frost damage. It is
reported that temperature history in freeze-thaw cycles can affect the frost damage of concrete
[2]
The test specimen underwent the water absorption treatment of being fully submerged
in deionized water for 1 hour under vacuum conditions, before the FTC and at the end of 5
cycles. Surface water was removed after each treatment. Freezing and thawing were
continued for 10 cycles under sealed conditions for all the patterns, to prevent any drying
during the cycles. The absorption ratio was calculated as the oven-dried weight after the
cycles divided by the saturated weight before the cycles.
The temperature of the specimen was monitored on the top and bottom surfaces with
thermocouples. Strain was measured during FTC on the top and bottom surfaces by strain
gauges, where the strain of a quartz sample was measured simultaneously to remove the
influence of FTC on strain gauge itself. Test specimens without FTC (NonFTC) were also
prepared for reference.
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Figure 2  Freeze-thaw cycles.
3.2.2.4
Determination of tension-softening curve
A tension-softening curve was plotted using values taken from a tension-softening diagram of
concrete graphed by poly-linear approximation analysis [5]. The analysis was based on the
finite-element method, in which the test specimen was modeled with fictitious cracks and
linear elastic bodies. The fracture process zone was considered in fictitious cracks. A
tension-softening curve was estimated by inverse analysis of a load displacement curve
obtained from the bending test.
3.2.3
RESULTS AND DISCUSSION
3.2.3.1 Temperature-strain curve and water absorption due to frost damage
Temperature-strain curves during FTC are shown in Fig. 3. It is confirmed that the
temperature history of FTCs greatly influences the maximum and residual strains, which
suggests that frost damage progress is affected by temperature history. Residual strain, which
is defined as the dilation strain at 20 C after FTC, was 491µ (R6), 364µ (R12), 128µ (R4)
and 45µ (R2); that is, the residual strain of R6 was the largest.
In R4 and R2, the maximum temperature in each cycle exceeded 20 C, because the
temperature increased too fast to be well controlled.
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Figure 3 Temperature-strain curves during FTC.
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Tsukinaga et al. [2] reported that scaling occurs even when daily FTC number fewer
than 4, in the temperature range from +20 to -20 C. Likewise, the residual strain in this test
was large in R12 (2 cycles per day) and R6 (4 cycles per day) in the present study.
Since the case with large numbers of daily freeze-thaw cycles does not always show
large strain and acceleration of frost damage progress, the residual strain was selected as an
index of frost damage. It was confirmed that at rate of temperature change of less than
-20 C/hour, frost damage accelerates with increases in number of daily FTC. Factors
affecting the progress of frost damage, such as number of FTCs, lowest temperature and rate
of temperature change are summarized in previous studies [6][7]. The number of daily FTC
and the rate of temperature change were confirmed as having particularly strong influences on
the residual strain.
Water absorption was higher with FTC than without (Fig. 4). It is thought that the
frost damage may have altered the pore structure. Therefore, it is possible that water
absorption could be used to evaluate the progress of frost damage. The temperature history,
however, was not related to water absorption.
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10
8
6
4
2
0

Figure 4  Water absorption
Stress displacement curve
Under the assumption of elastic behavior, bending stress  was calculated with Eq.
(1).
3PL
2bh 2
where
σ

(1)

Figure 5 shows the bending stress-midspan displacement curves. The numbers in
parentheses are residual strains. It is confirmed that the maximum bending stress decreased to
50% or less due to the progress of frost damage. In the case of the larger residual strains, the
bending stress increased more gradually before the peak stress and decreased more gradually
after the peak stress. The smallest maximum stress is observed for R6, which indicates that
daily freeze-thaw cycle and rate of temperature change influence the progress of frost
damage.
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3.2.3.3 Tensile characteristics
Tension-softening curves were estimated using values from a tension-softening
diagram of concrete graphed by poly-linear approximation analysis, where tensile strength is
calculated from initial bending stress and elastic modulus is determined by secant modulus
using the slope of the load-displacement curve. Fracture energy was calculated by using the
area of the tension-softening curve.
Tension-softening curve
Figure 6 shows tension-softening curves for NonFTC, while Fig. 7 shows those for R2,
R4, R6 and R12. The thick lines in these figures are the averaged values of 4 test specimens.
Tensile strength and fracture energy were varied due to the differences in temperature
histories.
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Tension-softening curves for R2, R4, R6 and R12.

Tensile strength and elastic modulus
The relationships between tensile strength or elastic modulus and residual strain are
shown in Fig. 8. It is confirmed that tensile strength and elastic modulus decrease with
increases in residual strain. Tensile strength and elastic modulus have almost linear
relationships with residual strain.
The relationship between tensile strength and elastic modulus is shown in Fig. 9. The
thick solid line in the figure, which was obtained by using Eqs. (2) and (3), shows the
relationship obtained experimentally from mortar specimens in the previous study [8].
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Relationship between tensile strength and elastic modulus.

E  10007.7 ln  f ' c   5.5
f t  1.4 ln  f ' c   1.5
where
E: Elastic modulus
f’c: Compressive strength
ft: Tensile strength

(2)
(3)

The point obtained by using NonFTC in this study lies on the curve plotted for the
empirical relationship. Under FTC, however, the elastic modulus became small, although a
linear relationship between tensile strength and elastic modulus was also found.
The relationship between residual strain and strain at crack initiation is shown in Fig.
10. Strain at crack initiation was calculated using tensile strength and elastic modulus under
the assumption that the linear behavior remains in the pre-peak state. Strain at crack initiation
increases with increases in residual strain.
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Fracture energy and maximum crack width
Figure 11 shows the relationship between residual strain and fracture energy. Fracture
energy decreases with decreases in residual strain. Figure 12 shows the relationship between
residual strain and maximum crack width. Maximum crack width correlates poorly with
residual strain. Daily freeze-thaw cycle and rate of temperature change may affect crack
propagation.
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3.2.4

CONCLUSION
The mechanical characteristics of mortar under freeze-thaw cycles of different
temperature histories were evaluated in this study. The following conclusions were drawn:
(1) The temperature history of freeze-thaw cycles greatly affects the residual strain. Daily
freeze-thaw cycle and rate of temperature change particularly affect the progress of frost
damage.
(2) Tensile strength, elastic modulus and fracture energy correlate closely with residual strain
after freeze-thaw cycles.
(3) No clear relationship was observed between residual strain and maximum crack width.
For further study, it is necessary to develop a tension-softening equation [9] that
considers the influence of frost damage and temperature history.
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3.3

Wet Monitoring on Surface of Concrete

ABSTRACT
Freezing under wet condition is the essential condition for frost damage of concrete. The
purpose of this study is to develop the method of wet monitoring on the surface of existing
concrete. New electrode was made from conductive paint and it was coated on the surface of
existing concrete. Wet monitoring was carried out by measuring electric resistance of concrete
surface. An electric device to measure electric resistance was developed. Temperature and
Electric resistance were measured and recorded in winter periodically. Measurements were
carried out in Sapporo and Asahikawa. As a result number of freezing and thawing cycles
under wet condition were less than number of freezing and thawing cycles calculated by
concrete temperature. It was suggested that the actual frost condition may not be so severe.
Keywords: Frost damage, Wet surface, Electric resistance, Freezing and thawing cycle
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3.3.1
INTRODUCTION
In this final report the method to estimate wet situation of surface of concrete is proposed.
Freezing of pore water in concrete is the origin of frost damage of concrete. It is well known
that frost damage of concrete must not be caused under dry condition. Continuous monitoring
of wetting on concrete surface is important to know how severe the frost condition is. In
Japan resistance to frost damage of concrete is tested following JIS A1148 “Method of test for
resistance of concrete to freezing and thawing” which is almost same with ASTM C 666.
Result of this test does not represent durability to frost damage of concrete in actual site. It is
caused by our lack of knowledge on water condition in concrete. Concrete in site is repeated
wetting and drying. Subsequently water condition in concrete varies constantly. Actual water
condition of concrete is in the range between dry and wet condition.
The length change of concretes under freezing and thawing test was measured used TMA
(Thermal Mechanical Analyser) by Katsura et.al. The concrete specimens in which the
equilibrium relative humidity was varied were prepared. The results showed that very little
length change was measured in slightly dry concrete. It was thought that decrease of frozen
water and unsaturated pore which behaves like air voids caused this result [1]. Water
condition of concrete must be estimated by measuring relative humidity in concrete directly.
But water is supplied to existing concrete as rain or snow. The method to measure and record
wetting of surface electrically was developed instead of measuring relative humidity.
Measurement was carried out in Sapporo and Asahikawa in winter. Probability of freezing and
thawing under actual wet condition is evaluated.
3.3.2
EXPERIMENT
3.3.2.1
Location of measurement and specimen
Measurement was carried out in Sapporo and Asahikawa. The mean temperature of Sapporo
in a winter is -2.9 . The mean temperature of Asahikawa in a winter is -6.4 . An existing
concrete of retaining wall was selected for the measurement in Sapporo. Mix proportion of
concrete was unknown. Air temperature and concrete temperature were measured. Electric
resistance on concrete surface facing south were measured periodically and digitally.
In Asahikawa a concrete cube (80x80x80 cm) was prepared. Pool type and drain type of
horizontal planes were prepared. South facing vertical plane below each horizontal planes was
prepared too. Situation of cubic specimen is shown in fig. 1.

Wall 1

800

Drain type slab

Pool type slab

Wall 2

Wall facing south

Sensor

800

Fig. 1 Cubic specimen
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3.3.2.2
Equipment
Electrode was made from conductive paint coated on the surface of existing concrete. Fig. 2
shows an electrode on the surface of concrete in Sapporo. The electrode was formed on the
coarse surface and wires were connected by conductive adhesive.

Fig. 2 Conductive paint electrode on surface of concrete
Alternating current was used to measure electric resistance of concrete. Applied voltage
between electrodes was 9 volt. Frequency was 50 Hz. Voltage of rectified direct current was
measured and recorded digitally every ten minutes. The circuit diagram of electric resistance
equipment is shown in fig. 3.

Electrode

R1
Output
DC volt

AC 100V
50Hz

R2

Fig. 3 Circuit diagram of electric resistance equipment
Air temperature and temperature on concrete surface were measured and recorded digitally
every ten minutes too.
3.3.2.3
Electric resistance on the surface of concrete and judgement of the wet
It is well known that electric resistance of concrete depends on the temperature and water
content of concrete. The calibration on concretes which are equilibrium with some relative
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humidity is necessary to know accurate electric resistance [2]. But calibration for existing
concrete structure is impossible because control of temperature and relative humidity of
existing concrete is very difficult.
In this study the result of visual observation of wet condition and the electric resistance are
compared. One of the results of electric resistance and temperature is shown in Fig.4. Result
of visual observation is shown in Fig.5. Then threshold of electric resistance of wet condition
was decided. Consequently wet condition could be monitored periodically.

1,000,000

Wet

-15
0
0:00 3:00 6:00 9:00 12:00 15:00 18:00 21:00 0:00
Time

Fig. 4 Electric resistance and temperature
at wet condition

Fig. 5 Visual observation of wet condition
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Fig. 6 Result of temperature and electric resistance in Sapporo
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3.3.3
RESULT AND DISCUSSION
The result of temperature and electric resistance in Sapporo is shown in fig. 6. Measurement
term in Sapporo was from December 25 to May 13. Almost every day freezing and thawing
was repeated. The threshold of electric resistance for wet condition was determined as 500 k
ohm. Almost all electric resistance was higher than this threshold due to drying.
The relation between minimum temperature of a freezing and thawing cycle and electric
resistance at the start of freezing (0 ) is shown in fig. 7. The area of half tone in fig. 7
represents the range of freezing under wet condition. Number of freezing and thawing cycle
calculated from concrete temperature in a winter was 79 times. On the other hand number of
freezing and thawing cycles under wet condition was 16 times as shown in fig. 7. It was
shown that the rate of severe frost condition was just 20% in a winter.
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Fig. 7 Number of freezing under wet condition
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Fig. 8 Result of temperature and electric resistance in Asahikawa (Drain type slab)
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The result of temperature and electric resistance in Asahikawa is shown in fig. 8 to 11.
Measurement term in Asahikawa was from October 13 to May 13. The result of wall 1 was
measured at the wall below drain type slab and one of wall 2 was measured at the wall below
pool type slab in fig. 1.
As shown in fig. 8 and Fig. 9, due to snow cover the temperature of horizontal surface of
concrete was lower than 0 degree Celsius from December to January. Number of Freezing and
thawing cycles calculated from concrete temperature of slab was 72 times. On the other hand
105 freezing and thawing cycles were repeated at walls. This difference may be caused by
solar radiation.
The thresholds of electric resistance at wet condition were determined from comparison with
results of visual observation (165 k ohm for drain type slab, 135 k ohm for pool type slab, 100
k ohm for wall 1, and 120 k ohm for wall 2).
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Fig. 9 Result of temperature and electric resistance in Asahikawa (Pool type slab)
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Fig. 10 Result of temperature and electric resistance in Asahikawa (Wall below drain type
slab)
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Fig. 11 Result of temperature and electric resistance in Asahikawa (Wall below drain type
slab)
The relation between minimum temperature in a freezing and thawing cycle and electric
resistance at the start of freezing is shown in fig. 12 to 15 respectively. The horizontal axis
represents the minimum temperature in a freezing and thawing cycle. The vertical axis
represents electric resistance at the start of freezing (0 ). The area of half tone in fig. 12 to 15
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represents the range of freezing under wet condition. Number of freezing on slab 1 under wet
condition was just 4 times in a winter. One on slab 2 was 13 times. 2 and 1 freezing and
thawing cycles were repeated under wet condition on wall 1 and on wall 2 respectively. Each
rate of severe frost condition was 5.6% on drain type slab, 18.1% on pool type slab, 1.9% on
wall 1 and 1.0% on wall 2 in a winter.
These results show that frost condition in Asahikawa is not so severe. These results are
different from the result in Sapporo described above. As shown in fig. 10 to 11 electric
resistance was below the threshold and wet condition was observed many times. As shown in
Fig. 16 air temperature in Asahikawa was below 0 and relative humidity was low too. On
the other hand concrete temperature of wall was relatively high due to solar radiation. It is
thought that melting water on the surface of concrete was dried before freezing. Consequently
there was less number of freezing under wet condition.
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Fig. 16 An example of drying on surface of a wall
3.3.4
CONCLUSION
In this report the electrode made from conductive paint and conductive adhesive was
developed. The electric resistance on the surface of concrete was measured and recorded
periodically. Electric resistance and the results of visual observation were compared. Then the
threshold of electric resistance at wet condition was decided. Consequently the method to
estimate wet condition was proposed.
Measurements were carried out in Sapporo and Asahikawa. As a result number of freezing
and thawing cycle under wet condition were less than number of freezing and thawing cycle
calculated by concrete temperature. When wet condition in concrete was considered the actual
frost condition may not be so severe.
Wet condition must be considered in durable design and must be investigated furthermore.
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3.4 Frost Damage Model to Predict Structural Performance

ABSTRACT
This paper presents the experimental method to obtain the deformational behavior of
mortar in meso scale under arbitrary moisture and temperature history, including freeze thaw
cycles (FTC), and the deformational behavior under FTC with the experimental parameters of
moisture content in the mortar. The experimental data indicated that the presented method is
reliable. The remaining expansion or tensile strain, as evidence of frost damage, steadily
increased with FTC and was approximately a half of the maximum expansion during freezing.
The remaining expansion was not observed for the cases of moisture content less than around
90%.
Based on the experimentally obtained deformation in this study, the meso-scale deformational
model for mortar is presented, which consists of expansive and contraction components. A
trial simulation of a model mortar specimen shows reasonable results on the ice contents and
deformational behavior. The way to predict structural performance of concrete members
with frost damage is explained using the meso-scale deformational model. At the end the
future tasks are presented.
Keywords: Frost damage mechanism, freeze thaw cycles, mortar deformation model, meso
scale, deteriorated structural performance
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3.4
INTRODUCTION
Deterioration of concrete due to frost damage is the unavoidable problem in cold regions.
Frost damage occurs when moisture in concrete shows expansion and contraction under
freeze thaw cycles (FTC) and causes the degradation of material properties such as
mechanical and durability-related properties and appearance. Although the application of
air-entrained agent and aggregate of good quality is taken as the measure in practical cases,
scaling and cracking due to frost damage are observed in many structures.
Presently durability of concrete against FTC is examined by test results of the standard freeze
thaw test, which is similar to ASTM C 666, in Japan. The standard test results can evaluate
the property under only the limited condition (namely laboratory condition) but actual site
condition in which moisture and temperature varies arbitrarily. In order to evaluate the
resistance against frost damage under actual exposure condition, it is necessary to clarify frost
damage mechanism which is affected by various factors.
The study by Katsura et al [1] presented frost damage mechanism, which is the deformational
behavior of concrete under freeze and thaw, with consideration of depression of melting point
as well as supercooling phenomena. The deformational behavior of mortar can be evaluated
using the freezing point, air bubble characteristics, pore structure and tensile strength of
mortar. However, various factors, such as effect of FTC, water supplied externally and
coarse aggregate, were not considered. The deformational behavior measured by the thermo
mechanical analysis (TMA) was limited to that of small size specimen ( 8  20 mm) due to
the equipment characteristics. The results were not compared with that of concrete.
Oiwa et al [2] developed the analytical method in meso scale, which combines mechanical
analysis with heat-moisture transfer analysis, to simulate the deformational behavior of mortar
under FTC. In this method the following equation representing the expansion deformation
under freezing, which is proportion to ice content, is assumed:
 i   i i

where εi is expansion strain under freezing, Ψi is ice content [m3/m3], and αi is the constant.
The method does not consider the effects of pore structure on freezing condition of water,
abrupt freezing of supercooled water nor shrinkage due to flow of unfrozen water. The
reliability of the constant in Eq. (1) was not confirmed by experiment due to the fact that the
test method to measure it has not been developed.
This study was conducted as a part of the series of studies with the aim to present the
material models (both mechanical and durability-related models) of concrete with frost
damage, which are necessary to predict structural performance of members deteriorated under
FTC. The study by Oiwa et al, which was the first stage of the study series, presented the
method to simulate only the deformation tendency without good accuracy. In order to
improve this method, we need to collect data of the deformational behavior under various
temperature and moisture conditions. The objective of this study is to develop a new test
method to observe the deformational behavior of mortar and concrete in meso scale under
arbitrary temperature and moisture condition, to collect some test data of the deformational
behavior of mortar under FTC, and to develop the deformational model in meso scale to
improve the Oiwa’s study.
3.4.1
STUDY PHASE 1
3.4.1.1 Outline of Experiment
TMA is an available method to measure the deformation of mortar, however the size of
specimen for TMA is limited. Concrete containing coarse aggregate cannot be tested due to
the required maximum size for testing. In this study a new method to measure deformations
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of specimen with size of mm order to 10 cm order was developed. The accuracy of the
developed method was examined through experimentation.
In order to verify the reliability of the developed test method and to collect the test date
for the deformational model in meso scale, mortar specimens with 2 mm thickness was
applied. There were two options to measure the deformation; optical deflection meter and
strain gage. Because of the accuracy currently obtained the strain gages were used. For the
case of specimen with a bigger size, the optical deflection meter would be a better option, thus
the optical method should be improved.
As the test parameter, number of FTC and moisture content in the mortar were chosen
to see their effects on the mortar deformation behavior.
3.4.1.2 Specimen
The specimen was made of mortar because the deformation model to simulate concrete
with frost damage will be developed in meso scale, in which concrete is modeled as a material
consisting of coarse aggregate, mortar and their interface. Cement was ordinary Portland
cement with density of 3.14 g/cm3. Fine aggregate was sand from Mukawa River with
density of 2.67 g /cm3 under saturated surface-dry condition. Air-entraining agent was not
used to make sure that frost damage would take place. The maximum size of fine aggregate
was 1.2 mm considering the specimen size. Table 1 gives the mix proportion.
Each specimen with the size of 40  40  2 mm was cut out from a prism mortar with the
size of 40  40  160 mm (see Fig. 1). It is believed that the specimen with this size would
represent the deformation of mortar in the meso scale under any given temperature and
moisture condition. The prism mortar was cured in water for more than two months before
the specimen was prepared. The strain gage was attached on the specimen surface of 40  40
mm after the surface got dry in ambient air. After attaching the strain gage each specimen
was cured in water until the mass became constant. And then the specimen was placed in a
desiccator with a constant relative humidity (RH) until the mass became constant. The
target RH in the desiccator was created by putting the supersaturated slat solution (see Table
2) in the desiccator.
The specimens were sealed by aluminum foil and waterproof plastic tape before setting
them in the testing chamber (see Fig. 2). The specimen in the RH of 100% was set in the
testing chamber after removing quickly water on the surface of the specimen taken out from
the water container. The specimen for measuring the linear expansion coefficient was
prepared by drying it completely in an oven with 110°C for 24 hours.
Table 1 Mix proportion of mortar specimen

Water to cement ratio Water Cement Fine aggregate
(%)
(kg/m3) (kg/m3)
(kg/m3)
50
244.6
489.2
147.6
Table 2 Salt solution for target relative humidity (RH)

Relative humidity
Moisture content
Salt solution type
(%)
(g/cm3)
100
–
0.204
95
KNO3
0.166
88
KCl
0.146
75
NaCl
0.128
0
–
0
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Strain

Fig. 1 Mortar specimen and strain gage (in mm)

Fig. 2 Mortar specimen after sealing

3.4.1.3 Testing condition
The test in this study was conducted in the testing system as shown in Fig. 3. The
specimens were set in the environmental chamber in which humidity and temperature can be
controlled (see the top left photo in Fig. 3). The temperature control was done based on the
temperature which the thermo sensor in the chamber indicated. The temperature shown in
the test results in this paper is also this temperature. The specimen was put on the stage in
the chamber (see the top right photo in Fig. 3). Number of specimens for each testing
condition was three.
The testing temperature was changed at the rate of 0.5˚C /min within the range from
10 to -28˚C. The maximum and minimum temperature was kept for 2 hours. This
temperature cycle was repeated five times for all the humidity conditions. The measured
strain by strain gage includes the strain of gage itself, which is induced by temperature change.
In order to estimate the temperature-induced strain, the strain of quartz whose linear
expansion coefficient is small (0.4  10-6/˚C) was measured. Since the linear expansion
coefficient of gage showed big scatter under lower temperature, the linear expansion
coefficient under 10˚C to 0˚C was used.
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Fig. 3 Testing system
3.4.2
RESULTS AND DISCUSSION
3.4.2.1 Effects of temperature
The linear expansion coefficient of mortar for each moisture condition was obtained from the
apparent strain of mortar under 10˚C to 0˚C subtracting the apparent strain of quartz with the
least square method. The mortar strain i during freezing and thawing was obtained from
Eq. (2) using which is the measured strain modified by removing the effect of temperature
on strain gage.

(2)

i    T (T  T0 )

where T is temperature, T0 is the maximum temperature, and αT is the linear expansion of
coefficient of mortar.
The relationships between strain and temperature at the 1st cycle of the specimens with the
partially saturated conditions (95, 88 and 75% of RH as shown in Table 2) are shown in Fig. 4.
No specimens show expansion during freezing but shrinkage. The strain–temperature
relationship does not change even though the number of FTC increases. These phenomena
can be explained by stating that there were air voids large enough to accommodate the
increase in the volume of frozen water in the specimen. It is considered that the shrinkage
during freezing process was caused by negative pressure induced by unfrozen water flow
towards ice. This flow takes place due the chemical potential difference between unfrozen
and frozen water [3]. On the other hand the shrinkage when the minimum temperature was
kept was caused by the lowering temperature in the specimen due to the possible difference in
the temperature between in and out of the specimen. The observed shrinkage around -15˚C
might be due to experimental error.
The results at the 1st cycle of the saturated specimens are shown in Fig. 5. Specimen A
shows expansion during freezing as observed in the mortar specimen in the previous study [1].
The expansion did not start immediately after the temperature got below the freezing point.
Instead a sudden expansion took place at -5˚C. This was due to supercooled water in the
mortar suddenly got frozen causing the sudden increase in pressure acting the surrounding
255

Chapter 3 Performance prediction considering pore structural change by drying

mortar [1]. The expansion continuously occurred as the temperature got lower because of
the further freezing. Specimen B shows the similar relationship to the partially saturated
specimens. This is probably because unexpected drying took place before and during
sealing the specimen.
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Fig. 4 Relationship between temperature and strain of partially saturated mortar
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Fig. 5 Relationship between temperature and strain of fully saturated mortar

3.4.2.2 Effects of freezing thawing cycles
The variation in strain with the freeze thaw cycles (FTC) is shown in Fig. 6. Specimens A
and B are saturated, while for specimen C the surface was dried before sealing. Table 3
shows the moisture contents and remaining strains at end of each FTC.
Specimen C subjected to drying does not show change in shrinking behavior during freezing
process. On the other hand specimen A shows large expansion even at the 1st cycle which
increases with FTC. Specimen B does not show expansion at the 1st cycle, but does show it
at the 2nd cycle and the following cycles. The remaining strains, which are tensile strains,
increase with FTC in specimens A and B. The strain in specimen A is much larger than in
specimen B. The linear relationship was observed between the maximum tensile strain
during each cycle and the remaining tensile strain after the same cycle as shown in Fig. 7.
The remaining tensile strains are slightly more than 50% of the maximum tensile strains.
In specimens A and B with high moisture content the expansion increases with FTC although
there is no water supply externally. This fact may be explained as follows. The pore
structure is damaged by the expansion during freezing, resulting in the increase in number of
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pores in which water can get frozen. This means that the more water can get frozen causing
the more frost damage. The above phenomenon occurs repeatedly at each FTC.
Table 3 Moisture contents and remaining tensile strain

Moisture
Remaining tensile strain (
)
content
Specimen
2nd
3rd
4th
5th
1st
(g/cm3)
FTC FTC FTC FTC FTC
A
0.203
242 495 672 827 931
B
0.211
22 149 241 310 356
C
0.187
20
32
36
60
72
1cycle
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Fig. 6 Mortar strain increase with freeze thaw cycles
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Fig. 7 Relationship between maximum expansive strain and residual strain

3.4.3
MESO-SCALE FROST DAMAGE MODEL AND STRUCTURAL
PERFORMANCE PREDICTION
3.4.3.1 Prediction of structural performance of member with frost damage
Previous studies [4][5] disclose that material properties, such as mechanical and
durability-related properties, of frost-damaged concrete can be simulated by meso scale
modeling. However, no study has ever presented the numerical model to predict how much
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frost damage would occur under arbitrary environmental condition (temperature and moisture
condition). Only after predicting the frost damage and the material properties of the
corresponding frost-damaged concrete [6] for given environmental condition, the structural
performance of concrete member with frost damage can be predicted (see Fig. 8). The
deformational model in meso scale under temperature and moisture variation can simulate the
frost-damage, such as cracks and plastic deformation, in mortar under freeze thaw cycles
(FTC) [2]. Thus, we need to develop the general deformational model of mortar in meso
scale under any variation of temperature and moisture. Besides we need to develop the
model of mortar-aggregate interface model in meso scale under temperature and moisture
variation for simulation of properties of frost-damaged concrete.

Fig. 8 Prediction of structural performance of member with frost damage

3.4.3.2 Meso-scale deformation model of mortar
The deformational behavior of mortar depends on moisture content (or ice content) and
temperature. Oiwa et al presented the model to calculate the moisture content of free water,
ice content and temperature at any location of mortar by solving the coupled transfer
equations of moisture and heat in mortar considering three phases of water (gas, liquid and
solid) [2]. The deformation model presented in this study is to predict the deformation of
mortar for given moisture and temperature history. The test results indicate that expansion
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and shrinking behavior under freezing process changes according to the moisture condition.
Therefore, the apparent mortar strain is assumed to consist of three strain components as
seen in Eq. (3):
  i   s  t
(3)
where εi is the expansion strain under freezing, εs is the shrinkage strain under freezing, and εt
is thermal strain. The equation for the expansion strain εi is a function of ice content Ψi and
is assumed as Eq. (4) considering the fact that there would be no expansion for the water
contents less than a certain value:
 i   i  i - ic 
(4)
where αi is the material constant depending on mortar stiffness and Ψic is the ice content when
the deformation starts to depend on the ice content. Since the shrinkage under freezing is
caused by unfrozen water movement [3], it is assumed that the deformation depends on the
unfrozen water content as seen in Eq. (5):
 s   s   - i    s  w
(5)
where αs is the constant representing the contribution of unfrozen water content to the
shrinkage, which depends on the mortar stiffness, ψ is the water (moisture) content, and ψw is
the unfrozen water (moisture) content. The thermal strain is obtained from Eq. (6) using the
linear expansion coefficient αt:
 t   t  T
(6)
is the temperature variation.
where
The ice content Ψi in the coupled transfer equations presented by Oiwa et al [2] need to be
calculated considering the effects of difference in pore structure due to difference in water to
cement ratio and change in pore structure due to frost damage. The constants in Eqs. (4) and
(5) can be determined based on the test results of deformational behavior of mortar in meso
scale. In this study the test results show some scatter due to unexpected experimental error.
The further experimentation is being conducted for more reliable test data [7].
3.4.4
CONCLUSIONS FOR STUDY PHASE 1
Study Phase 1 examines experimentally the new testing method on the deformation behaviour
of mortar in meso scale under freeze thaw cycles (FTC) and the tested deformation. The
following conclusions were obtained:
 The testing system developed in this study to measure deformation of mortar in meso
scale under FTC is feasible like the thermo mechanical analysis (TMA) used often
in other studies.
 Specimens dried partially under RH of 75 to 95% did not show expansion or
remaining deformation under FTC.
 Specimens with full saturation under RH of 100% show clearly expansion and
remaining deformation under FTC. Both the expansion during freezing and
remaining deformation at end of each FTC increase with FTC. The remaining
strain at the end of a certain FTC is slightly more than a half of the maximum
expansive strain during the same FTC.
 Even under the condition in which no water is supplied externally, the expansion
increases with FTC. This might be due to the damage in mortar causing the
change in the pore structure, which makes possible more water to be frozen.
 Based on the test results in this study, the deformation model in meso scale, which
consists of expansion and contraction components, is presented.
After improving the test method to eliminate experimental errors due to the small size of
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specimen, more test data will be collected to develop the general deformation model of mortar
in meso scale under various parameters.
3.4.5
STUDY PHASE 2
Study Phase 2 is a continuation of Phase 1 with the main objectives of collecting more data on
the deformational behavior of mortar in meso scale with a better accuracy and to develop a
model based on the concept shown in clause 2.3.2 using the tested data obtained in Phase 2.
3.4.5.1

Outline of Experiment

Specimens
Mortar specimens were used in this experimental program. The materials used were ordinary
Portland cement with density of 3.14 g/cm3, fine aggregate which is 1.2mm or less in size
with density of 2.67 g/cm3 at 1467.6 kg/m3 of concrete without air entraining agent to promote
damage. Mix proportion for specimens is 1:2:6 (water: cement: fine aggregate). After all
materials were properly mixed, it was cast into 40mm  40mm  160mm form and cured
for 24 hours prior to removing the form. Once demolded, specimens were cured under water
for 60 days at the temperature of 20 to 23˚C. After curing, specimens were cut into 40mm 
40mm  2mm size (Fig. 9a); thickness is in meso-scale. The order of millimeter is the
meso-scale. This size is small enough to get the information for the model in meso-scale.
After cutting, specimens were oven dried at 105˚C for 24 hours or until all the water was
removed. The purpose of drying the specimens was to obtain the dried weight which will be
used to acquire the desired moisture content. Once specimens were dried, attaching of strain
gauges was done. Strain gauges used were self-temperature compensation gauges having base
size of 4  2.7 mm, gauge length of 1 mm and gauge resistance of 120Ω, lead wires were
3-wire cable, and adhesive was made of polyurethane, all were designed for low temperature
strain measurement. Specimens were submerged underwater until mass was constant to attain
full saturation. Moisture condition was then adjusted to different set of specimens by
subjecting them in desiccators with supersaturated salt solutions; Table 4 shows moisture
content of specimens. Absolutely dry specimens were used to measure the coefficient of
expansion of mortar. When the desired moisture contents were obtained specimens were
sealed with vinyl tape to prevent water uptake or loss. Then the deformation of the specimens
under temperature variation can be measured with the constant moisture condition in the
specimens.
b)

Strain Gauges
40 mm

a)

40 mm

c)

d)
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Fig. 9 Preparation of specimens (a) cut specimens; b) attachment of strain gauges;
c) adjustment of moisture; d) sealed specimens)
Table 4 Water content of specimens

3.4.5.2

Degree of
Saturation

Medium for
saturation

Moisture Condition
(g/cc)

Specimens
per condition

Absolutely dry
Fully saturated
Partially saturated

H2O
NaCl

0.228
0.152

3
3
3

Outline of Experiment

Experimental setup
The experiment set-up is illustrated in Fig 10. Specimens were placed inside an environmental
chamber to undergo FTC. The chamber is capable of controlling the temperature. One
temperature history shown in Fig. 11 is used in this study. This FTC was repeated 5 times for
all specimens. This temperature range of 10˚C to -28˚C was adopted in this test based on
Study Phase 1 involving the early development of experimental methods using meso-scale
Sealed
specimens

Temperature
sensor

Environmental
Chamber

PC

Data logger

size specimens subjected to FTC.
Fig. 10 Specimen setup

Fig. 11 One cycle of FTC

3.4.6
RESULTS AND DISCUSSION
Strains obtained from specimens include strains due to temperature change and moisture
content, to observe the effect of moisture during FTC; thermal strains as shown in Fig. 12
which was obtained from absolutely dry specimens was directly excluded from the obtained
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strains of saturated specimens. Figures 13 and 14 shows saturated specimen’s strain caused by
moisture behavior, the thermal strains were removed.

Fig. 12 Dry specimen’s strains

Fig. 13 Fully saturated (100%) specimen’s strains

Fig. 14 Partially saturated (68.4%) specimen’s strains

3.4.6.1 Dry specimen’s strains
Figure 12 shows strains for absolutely dry specimens, it can be observed that during the whole
freezing and thawing cycle the behavior of the strains for every cycle remains the same
though the number of cycle increases. This unchanging behavior is due to the absence of
water in the specimens and only deformation caused by the effect of linear expansion of the
material is observed which depends on the temperature change. Using the relationship of
strain and temperature change in Fig. 12 the average calculated coefficient of linear expansion
of the material is 10.04  10-6/˚C, wherein according to many researches the linear
expansion of mortar or concrete is 8 – 12  10-6/˚C.
3.4.6.2 Fully saturated (100%) specimen’s strains
For fully saturated specimen’s strains shown in Fig. 13, immediate large expansions at every
FTC as illustrated by the arrows can be observed during the freezing process at a temperature
range of approximately -5˚C to -8˚C. These expansions are caused by rapid ice formation due
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to freezing of supercooled water as illustrated in Fig. 15. In accordance to the hydraulic
pressure theory a temporary hydraulic pressure is generated which caused the abrupt
expansion during freezing of supercooled water. Supercooling in concrete happens when the
water is in contact with the surface of a solid matter or contains dissolved solids. The degree
of the lowering of the freezing point depends upon the kind and the quantity of the dissolved
matter, the interaction between liquid and the surface of the solid matter and the diameter of
the pores [8]. After the voluminous expansion of supercooled water, a continued gradual
expansion dominates, since there are no available pore spaces for the expelled water to flow
to, assuming all pores are filled with water as shown in Fig. 15, the continued expansion of
the material occurs. As the number of cycles increases, it can be noticed that the maximum
strain reached at the lowest temperature for every cycle increases even with a constant
moisture content. It also follows with the increase in maximum strain the residual strain at the
end of every FTC also increases. During FTC the expansion of frozen water causes tensile
stresses in the surrounding matrix. This stresses causes micro-cracks which increase the pore
volume of the mortar structure as the FTC progresses. Due to chemical potential difference,
unfrozen water from fine pores flows to these larger pores which results in increase of water
that can be frozen. The greater is the amount of water that can be frozen the greater will be the
expansion that can cause frost damage. This phenomenon occurs repeatedly at every FTC
which is the reason for the increase in maximum strain and residual strain at the end of every
cycle even with constant moisture content.
In summary of the above discussed, the mechanism which describes the expansions strains
during freezing is pointed as a product of ice formation in pores (see Fig. 15). When ice is
formed the volume of water expands which causes tensile stresses in the surrounding matrix.
Ice formation which
causes expansion

Water filled
pores

Water filled
pores

Fig. 15 Representation of interconnected pores inside mortar: Ice formation
causing large expansion and water filled pores

3.4.6.3 Partially saturated (68.4%) specimen strains
For specimens having saturation condition of 68.4% in Fig. 14, during the entire FTC
contraction is observed at the lowest temperature. This differs from Fig 13 (100% saturated
specimens) which exhibited expansion during FTC. The strain behavior also does not change
even though the number of FTC increases. These phenomena can be explained by stating
that there were air voids large enough and not filled with water; this accommodates the
increase in the volume of frozen water in the specimen [2] relieving the pressure (see Fig. 16).
The contraction may be due to the insufficient water content present in the specimen which is
not enough to cause expansion. In literatures [9][10], there are various mechanisms of
contraction during freezing. In this paper it is assumed that the contraction is a product of
chemical potential difference between unfrozen water and ice. During freezing ice is formed
first in larger pores while water in smaller pores remains unfrozen because their freezing
temperature has not yet been reached. Ice formation in concrete pores is related to their sizes.
The thermodynamic equilibrium in pore solution is disturbed by the ice formation. At freezing
temperature, ice has a lower chemical potential than unfrozen water. Particles tend to move
from areas of higher chemical potential to areas of lower chemical potential. Thus because of
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chemical potential difference, unfrozen water tends to move or flow towards ice in order to
bring the pore solution into a thermodynamic balance which results in the contraction [10].
This occurrence is described in Fig. 16.
Ice formation causing
thermodynamic imbalance

Remaining
pore space

Unfrozen water
flowing toward ice front

Fig. 16 Representation of interconnected pores inside mortar: Ice formation in
partially filled pores causing thermodynamic imbalance

Relationship between maximum and residual strain
The relationship between the maximum strain during freezing and the residual strain at the
end of each FTC (both partially and fully saturated) were obtained, and interestingly results
show that the residual strain obtained at the end of every FTC is almost 50% of the maximum
strain during freezing as presented in Fig. 17. Similar relationship was also observed by a
study presented by Arai and Ueda [2].

Fig. 17 Relationship between maximum and residual strain

3.4.7
DEVELOPMENT OF THE MESO-SCALE DEFORMATION MODEL OF
MORTAR
3.4.7.1 Oiwa et al’s study
In Oiwa et al’s study the model proposed by Matsumoto was applied to calculate the moisture
content of free water, ice content and temperature at any location of mortar by solving the
coupled transfer equations of moisture and heat in mortar considering three phases of water
(gas, liquid and solid) [2]. The developed analytical method in meso scale, combines
mechanical analysis with heat-moisture transfer analysis, to simulate the deformational
behavior of mortar under FTC. The equations shown below are heat and moisture equations
for three phases. These were derived from balance of heat and moisture [2].
 
 μ
´
μ   ´T T   i i

   μ
t
μ t
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T
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μ  H li log e 
 T0 

(9)
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where  is chemical potential of moisture,  is density for each phase, T is absolute
temperature, C is specific heat, t is time,  is moisture content,  is thermal conductivity,
'μ is moisture transfer ratio in gas and liquid phase caused by chemical potential gradient,
'μg is moisture transfer ratio in gas phase caused by chemical potential gradient, 'T is
'
moisture transfer ratio in gas and liquid phase caused by temperature gradient,  Tg is
moisture transfer ratio in gas phase caused by temperature gradient, R is evaporation heat, T0
is freezing temperature of free water (0℃) , i is ice content, H li is melting heat. In the heat
and moisture transfer analysis for three phases Oiwa et al calculated the ice content and
applied it in the following equation representing the expansion deformation under freezing,
which is proportion to ice content, is assumed as:
 i   i i
(1)
where εi is expansion strain under freezing and αi is the constant. The method does not
consider the effects of pore structure on freezing condition of water, abrupt freezing of
supercooled water nor shrinkage due to flow of unfrozen water [8]. The reliability of the
constant in Eq. (1) was not confirmed by experiment due to the fact that the test method to
measure it has not been developed when the model was proposed.
3.4.7.2 Developed meso-scale deformation model of mortar
Based on the measured deformational behavior, the material constants in the model developed
in this study (see clause 2.3.2) were obtained. The calculation of αs was obtained from the
experimental data for partially saturated specimen’s strain of 68.4%. The behavior of the
mortar was contraction due to insufficient moisture content and caused by the flow of
unfrozen water towards the ice front. The shrinkage constant was calculated using Eq. (3)
excluding thermal strains. The freezing expansion εi was ignored considering the constant
strain behavior which is contraction during the whole FTC. It is explained that there were
air voids large enough and not filled (or partially filled) with water that accommodates the
increase in the volume of frozen water in the specimen [2] which relieves any expansion of
the matrix. Based on calculated values of unfrozen water with relation to experimental strains,
it was found out that αs is a function of the unfrozen water content Ψw as expressed in Eq. (10).
Moisture content Ψ and ice content Ψi values were calculated using Eqs. (7), (8) and (9) from
heat and moisture balance for three phases. Figure 10 shows relationship between calculated
ice content and experimental strains. The increase in contraction which is due to unfrozen
water movement is caused by the increasing difference between the chemical potential of ice
and unfrozen water as the temperature continues to drop.
f w   589 .32  ln w  1272
(10)
The calculation of the material constant αi was obtained from the experimental data for fully
saturated specimen’s strain. The behavior of the mortar was expansion due to sufficient
moisture content and caused by the ice formation in pores. The expansion constant was
calculated using the equation (5) excluding thermal strains. The shrinkage strain εs was
considered in the calculation. Unfrozen water Ψw and ice content Ψi were calculated values
using Eqs. (7), (8) and (9) from heat and moisture balance for three phases. The value for Ψic
is assumed as equal to 0.038 based on observation that during this water content the strain
behavior displays significant increase. The calculated value for the material constant αi is
equal to 3410  10-6. Figure 18b shows calculated ice content in relation to experimental
strains.
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a) Partially saturated specimens

b) Fully saturated specimens
Fig. 18 Relationship between maximum and residual strain

3.4.8
ANALYSIS OF DEFORMATIONAL BEHAVIOR OF MORTAR
Calculation flow of the proposed model is illustrated in Fig. 19. As of the moment the model
is capable of calculating the total strain of specimens caused by freezing expansion, shrinkage
contraction and thermal deformation. The method does not consider the effects of pore
structure on freezing condition of water and abrupt freezing of supercooled water. In future
studies these will be considered.

Calculation of temperature, moisture and ice content
by heat and moisture balance for three phases
Equations (7), (8) and (9)

Calculation of strains by the proposed model
Equations (4), (5) and (6)

Fig. 19 Flow of calculation

3.4.8.1

Partially saturated mortar with moisture supply

Outline of analysis
Figure 20 shows mortar model used in the analysis. Size of the mortar is 100 mm 
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100 mm. The number of elements is about 100. The temperature history is shown in Fig. 21;
this was applied on top side of the specimen for 3 cycles. On the other hand, the other three
faces were insulated with heat and moisture (water) supply as illustrated in the dashed lines.
The initial moisture condition inside of the specimen is 85% relative humidity while there is a
constant moisture (water) supply on top face of the specimen. Since the boundary conditions
used in the analysis (e.g. size, sealing of sides, and supply of water) differ in the test specimen,
there is no relevance in using the same temperature history as with the test. In the future
studies to verify the model’s preciseness, actual experiment will be performed and will be
compared with the analysis. As of this moment the analysis was done to observe the effect of
moisture in the behavior of mortar subjected to FTC using the formulated model.
Temperature change and moisture supply

Location of
analysis

Fig. 20 Mortal model

Fig. 21 Temperature history applied on top side

Results of analysis
Location of analysis is 60 mm from the top face in the longitudinal direction of the
specimen. Figure 22 shows moisture and ice content of the specimen at the specified location.
It can observe from Fig. 22 that the moisture content of the specimen remains constant until
around the 42nd hour. This constant moisture content is because of the initial relative
humidity condition of the specimen which is 85%. The moisture content of the specimen
begins to increase from the 42nd hour; this is because the moisture supply from the top face
of the specimen has reached this point of the specimen and adds to the amount of moisture.
However the increase in moisture content decreased from the 52nd hour. This is probably at
this time ice formation takes place and blocks the flow of water and disrupting the increase in
moisture content. The increase in moisture content continued when the ice formation begun to
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decrease or when there is no more ice formed blocking the water flow. Meanwhile, there is no
ice formation from the start of the cycle until the 52nd hour because of the insufficient
moisture content and only begun to take place when there is already a sufficient amount of
moisture. The ice formation also took place when the temperature decreased. The ice content
continued to increase as the temperature decreased more and subsided when the temperature
increases.

Fig. 22 Ice content and moisture content with time

From Fig. 23a and 23b it can be observed that the deformation of the mortar is mainly
influenced by the coefficient of expansion/contraction of the material which is caused by
temperature difference. From Fig. 235b observing strains caused by moisture behavior alone,
there were no deformations at the first and 2nd cycle since during these stages there were no
ice formation due to insufficient moisture content. When enough moisture is present coming
from the top face of the specimen and the temperature decreased at the 3rd cycle, ice
formation takes place which influences the deformation of the mortar. With higher ice content
the strain is also high.

a) Deformation with thermal strains

b) Deformation without thermal strains
Fig. 23 Deformation with and without thermal strains
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3.4.9
CONCLUSIONS IN STUDY PHASE 2
Study Phase 2 observes more reliably the deformation behaviour of mortar in meso scale
under freeze thaw cycles (FTC) and proposes the deformational model. The following
conclusions were obtained:
 Based on the experimental findings and mechanisms of frost damage in concrete, a
deformational behavior model of mortar in meso-scale is presented. The model is
based on the observed deformation of mortar which is influenced by the formation
of ice, movement of unfrozen water and thermal variation.
 The presented method is combined with heat and moisture transfer equations for
three phases (solid, liquid, and vapor) which calculates the moisture, temperature,
and ice content in a specified location of a specimen. Combined with the presented
model, the method was able to predict the strain behavior of a specimen under
ambient temperature and moisture history.
 At present, the method does not consider the effects of pore structure on freezing
condition of water and abrupt freezing of supercooled water which influences the
increase in strain during FTC. In future studies these will be considered.
3.4.10
CONCRUDING REMARKS AND FUTURE STUDY
The deformational behaviour of mortar under freeze and thaw cycles (FTC) depends on
not only temperature and moisture condition in the mortar but also the mix proportion (water
to cement ratio, aggregate contents, etc). Presently the additional experimentation is going
on with the parameters of water to cement ratio and aggregate contents. The experimental
results indicate that the mix proportion affects the deformational behaviour. More
interestingly it has been found that the thermal expansion coefficient changes drastically after
being subject to frost damage. Those experimental facts will be used to improve the
deformation model.
It is considered that the pore size and volume in mortar affects the deformational
behaviour.
At present Mercury Intrusion Porosimetry (MIP) and Micro-focus X-ray
Computed Tomography are applied to examine the pore structure characteristics of the mortar
specimens under FTC. The information obtained will be used for refinement of the
proposed deformation model.
One of the governing equations for heat and moisture transport, Eq. (9) for the ice
formation criteria is currently examined carefully to refine the present simulation model [2].
The results of the on-going studies will be presented in the near future.
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CHAPTER 4 MECHANISM OF DETERIORATION UNDER
COMBINED EFFECTS AND PERFORMANCE PREDICTION

和文概要
本章では以下の 6 項目について検討した．すなわち，(4.1) 力学作用および環境作用の複合的影
響，(4.2) クラックとスケーリングの影響，(4.3) 劣化の進行に及ぼす温湿度の影響，(4.4) 凍結
融解と塩化物によるスケーリングの進行性の予測, (4.5) 塩化物イオンを含む溶液に浸漬させた
モルタルの引張特性のモデル化，(4.6) 凍結融解作用を受けるセメント硬化体中の凍結防止剤由
来塩分の固定化特性の把握，のそれぞれについて本研究課題により得られた新たな知見を以下に
示す．

4.1) 複合劣化の各種カテゴリー分類に関して、既往の研究に基づき、概説を加えるとともに、主
に凍害と塩害が複合して生じるケースに重点をおいて記載している。
4.2) 凍害と塩害の複合劣化に関して、塩分供給環境下の凍害劣化形態としてコンクリートに多く
生じるクラックとスケーリングがコンクリートの耐久性能等に及ぼす影響やその劣化予測の
現状について解説を行っている。その後、凍害と塩害の複合劣化を予測するにあたって、実
環境下における凍害単独の定量的劣化予測も確立されていないことから、先ずは、凍害劣化
単独の劣化予測に関しての検討結果を記載している。スケーリングの進行性の定式化を目的
に、ASTM C 672 に準じた室内実験および実構造物での調査を行った。その結果、水セメント
比の影響が特に大きいこと、また、スケーリングの進行性は水セメント比とサイクルを無次
元化させた変数を用いることで予測・評価が行えることが明らかとなった。そして、スケー
リングの進行性を簡易に評価できる式を提案した。また、北海道内の橋梁を事例に、現地デ
ータから道路橋の地覆コンクリートにおけるスケーリングの進行性についても評価を行った。
4.3) ひび割れ等に起因するコンクリート組織の緩み評価する指標の一つとして、一般的に多く利
用されている室内試験による凍結融解サイクル数の増加に伴った相対動弾性係数の低下が、
同じコンクリートを現地に使用した場合、試験での凍結融解サイクル数が実環境下における
構造物のコンクリートが受ける凍結融解の何年分に相当するかの予測手法について記載して
いる。なお、本研究では、劣化予測のため ASTM 相当サイクル数による手法を用い、その精
度向上のために必要な水分と温度の影響に関して検討を加えている。はじめに、コンクリー
ト構造物の凍害に及ぼす各部位の温度および含水状態を把握するため、小型の温湿度センサ
ーを用いたコンクリートの温度および湿度の測定を行った。また、得られたデータを既往の
劣化予測手法に適用し、水分等の影響について調べた。その結果、コンクリートの温度およ
び湿度は積雪等の環境条件や部位によって異なることがわかったまた、室内促進試験と実構
造物では凍害の進行性に差が生じ、ASTM 相当サイクルの劣化速度は実際の劣化速度よりも
速い傾向にあることが確認され、最深積雪を考慮した部位毎の水分条件補正係数の適用によ
って凍害の進行性を精度よく推定することが可能となることがわかった。
4.4) 凍害と塩害の複合劣化に関して、4 章 4 節 1 項「室内実験に基づく劣化予測手法の基礎的検討」
、
4 章 4 節 2 項「構造物での実証的研究（防波堤上部天端面）」において現地で顕著に表れるス
ケーリング劣化進行を予測するために調査、研究を行っており、4 章 4 節 3 項「スケーリング
進行予測式の簡便化の研究」でその成果である予測式を記載している。4 章 4 節 4 項「構造物
での実証的研究（道路橋地覆）」及び 4 章 4 節 5 項「スケーリングの進行予測式の求め方の
手順の提案」では予測値と実測値の比較とそれに基づく提案を行っている。
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4.5) 凍結融解作用下における凍結防止剤由来塩分のコンクリート中における固定化特性に関する
知見を得ることを目的とした。測定した全塩分量および可溶性塩分量に加え、既往の塩分分
類モデルに着目して固定塩分量について検討した。その結果、凍結融解作用下では、AFm 相
の転移および分解に伴いエトリンガイトが生成するとともに、凍結融解作用、凍結防止剤種
類および AE 剤添加により、塩分の固定化の進行は促進および遅延されることを示した。また、
凍結防止剤散布を想定した凍結融解作用下における可溶性塩分量に基づく固定化特性をモデ
ル化できると考えられた。
4.6) NaCl 溶液および CaCl2 溶液を用いたモルタルの薄片供試体による最大 6 ヶ月間の浸漬実験を
行った．その目的は，浸漬後に曲げ試験を行い，荷重変位曲線を測定し，得られた荷重変位
曲線から逆解析によって水和物量の異なる薄片供試体の引張特性を同定することにある．さ
らに，供試体中の水和物量を定量分析することで，モルタルの化学的性質と引張特性とを関
連付けた．最終的に，弾性係数および引張強度は，セメント水和物（CH および C-S-H）の減
少に伴って低下した．さらに，水和物量を考慮できるモルタルの弾性係数，引張強度，破壊
エネルギー，引張軟化曲線のモデル式を構築した。
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CHPATER SUMMARY
All together the following six reports have been submitted by members of the JST
working group on “life cycle prediction and management of concrete structures”, and
they have been grouped together in chapter 4, “Mechanism of Deterioration under
Combined Effects and Performance Prediction”.
4.1. Synergetic effects of combined mechanical and environmental loads
4.2. Effects of cracking and scaling.
4.3. Influence of moisture/temperature on progress of deterioration
4.4. The Prediction of Scaling Progress due to Freeze-Thaw and Chloride
By TAGUCHI Fumio, HAYASHIDA Hiroshi and ENDO Hirotake, Civil Engineering Research
Institute for Cold Region, Public Works Research Institute, Japan
4.5. Chloride Ion Binding Behavior of Deicing Chlorides under Freeze-Thaw
Environment
By HASHIMOTO Katsufumi, Hokkaido University, Japan
4.6. Modeling of tensile behavior of mortar immersed in solutions including chloride
ions
By SATO Yasuhiko and MIURA Taito, Hokkaido University, Japan
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Concrete structures play an important role in supporting the lives and safety of those who use
them. To extend the service life of such structures, it is necessary to develop a rational
maintenance and management plan that considers life cycle cost reduction. Accordingly, it is
important to be able to predict concrete deterioration in an appropriate way. Against this
background, in this chapter, the examinations about the mechanism of combined deterioration
and performance prediction were conducted
In the first contribution of this chapter (4.1), it was summarized the categories of combined
deterioration based on past studies, and discusses combined deterioration with focus on
combined frost and salt damage.
In the second contribution of this chapter (4.2), to clarify the form of deterioration
resulting from the combined action due to frost and salt damage, the effects of crack and
scaling (the type of frost damage in saline environments) on concrete durability are
explained, and the state of deterioration prediction are described. As no technique for
quantitative prediction of deterioration caused solely by frost damage in actual environments
has yet been established, the results of a study on such prediction are presented. This is
followed by a discussion on the prediction of deterioration resulting from combined action
due to frost and salt damage. To evaluate concrete deterioration caused by solely frost damage,
the freeze-thaw tests of concrete are performed generally, and the durability for control of
frost damage is determined based on the loosening of the concrete microstructure with the
crack due to repetition of freeze-thaw.
The laboratory experiments and surveys on deterioration in actual structures were
conducted in this study in accordance with ASTM C 672. As a result, the influence of the
water-cement ratio was significant. It was found that scaling progression can be predicted and
evaluated using variables found by non-dimensionalizing the water-cement ratio and
freeze-thaw cycle through division by the average of the values obtained from the
experiments. The simplification formula to prediction the scaling progress due to freeze-thaw
and chloride were suggested. And, the progress of scaling in the wheel guards of road bridges
in Hokkaido were evaluated from site data.
In the third contribution of this chapter (4.3), as an indicator to evaluate such durability,
the relationship between the number of freeze-thaw cycles and the relative dynamic modulus
of elasticity (i.e., the ratio of post- and pre-damage comparison of the modulus) is generally
referenced to determine the number of freeze-thaw cycles when the relative dynamic modulus
of elasticity was less than the value decided by a performance design. However, in
freeze-thaw tests, the freezing and thawing temperatures, the supply environment of water and
other conditions are fixed. This means that they differ from the conditions of actual
environments, in which freezing/thawing temperatures and moisture environments vary. For
this reason, it is important to correctly predict the relations number of freeze-thaw cycles (in
terms of the number of years) and actual environmental conditions (e.g., local
freezing/thawing temperatures and moisture conditions).
Firstly, temperature and humidity in the concrete of an actual structure were measured using a
small temperature and humidity sensor to monitor the moisture state of each section affecting
the frost deterioration of concrete structures. The temperature and humidity data obtained
were also applied to an existing deterioration prediction method to study the influence of
moisture and other matters. As a result, it found that the temperature and humidity of concrete
in actual structures varied with environmental conditions such as snow and location due to
differences between moisture supply conditions.
The degree of damage caused by freeze-thaw action in indoor accelerated tests was different
from that of actual structures, and the deterioration rate for the ASTM-equivalent cycle was
higher than the actual rate. It was found that deterioration due to frost damage could be
estimated accurately using a moisture correction factor for each part in consideration of the
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maximum snow cover to correct deterioration rate differences
The fourth contribution of this chapter (4.4) examined the effects of moisture and
temperature on prediction with a view to improving prediction accuracy using the
ASTM-equivalent cycle. Also presented here are the results of surveying and research
conducted on combined frost and salt damage and for prediction of the progress of scaling
deterioration clearly seen on site as a result of such damage (4.4.1 Fundamental study on
methods for predicting scaling progress based on laboratory testing and 4.4.2 Empirical study
using structures (breakwater upper surfaces)). The prediction equation consequently
obtained is presented in 4.4.3 Study on the simplification of equations for predicting scaling
progress. In 4.4.4 Empirical study using structures (wheel guards of bridges) and 4.4.5
Proposal of a procedure for the development of a scaling prediction equation, the predicted
and measured values are compared, and a proposal based on the comparison is presented.
The fifth contribution of this chapter (4.5) outlines how chlorides of deicing agents
accelerate the deterioration due to frost damage under freeze-thaw environment. It is generally
known that phase changes of hydration products, such as formation of Friedel’s salt and
ettringite, occur due to penetration of chloride ion into cement hardened matrix. Ettringite
formation leads volume expansion and cracks. Monosulfate has much higher binding capacity
of chloride ion than ettringite. By contrast, chloride ion penetration causes corrosion of
reinforcing bars. In the previous researches, chloride ion movement and binding capacity in
hardened concrete have been reported. However, there are few reports on chloride ion from
deicing agents, phase change of hydration products and binding capacity under freeze-thaw
environment. The purpose of this research is to clarify the chloride ion binding under
freeze-thaw environment with classifying the chlorides according to total, soluble and fixed
chloride.
In the sixth contribution of this chapter (4.6), meso-scale mortar specimens were immerged
in NaCl and CaCl2 solutions for 180 days and then three-point bending tests of the specimens
and chemical analyses were conducted so as to determine tensile softening curves from
load-displacement curves using a back analysis and to clarify how the amount of hydrate
affects tensile characteristics. Consequently, it was found that the elastic modulus and the
tensile strength decreased as the amount of hydrates CH and C-S-H decreased. Besides, based
on the experimental results, the model formula of elastic modulus, tensile strength, fracture
energy and tensile softening curve that can consider the amount of hydrate change were
proposed.
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4.1

Synergetic Effects of Combined Mechanical and Environmental
Loads
&
4.2

Effects of Cracking and Scaling
&

4.3

Influence of Moisture/temperature on Progress of Deterioration
&

4.4

The Prediction of Scaling Progress due to Freeze-Thaw and
Chloride

ABSTRACT
Concrete structures play an important role in supporting the lives and safety of those who
use them. To extend the service life of such structures, it is necessary to develop a rational
maintenance and management plan that considers life cycle cost reduction. Accordingly, it is
important to be able to predict concrete deterioration in an appropriate way. Against this
background, in this chapter, the examinations about the mechanism of combined deterioration
and performance prediction with a focus on combined frost and salt damage were conducted.
Firstly, temperature and humidity in the concrete of an actual structure were measured
using a small temperature and humidity sensor to monitor the moisture state of each section
affecting the frost deterioration of concrete structures. The temperature and humidity data
obtained were also applied to an existing deterioration prediction method to study the
influence of moisture and other matters. As a result, it found that the temperature and
humidity of concrete in actual structures varied with environmental conditions such as snow
and location due to differences between moisture supply conditions. The degree of damage
caused by freeze-thaw action in indoor accelerated tests was different from that of actual
structures, and the deterioration rate for the ASTM-equivalent cycle was higher than the
actual rate. It was found that deterioration due to frost damage could be estimated accurately
using a moisture correction factor for each part in consideration of the maximum snow cover
to correct deterioration rate differences.
Then, in order to the model of scaling progress is summarized, the laboratory experiments
and surveys on deterioration in actual structures were conducted in this study in accordance
with ASTM C 672. As a result, the influence of the water-cement ratio was significant. It was
found that scaling progression can be predicted and evaluated using variables found by
non-dimensionalizing the water-cement ratio and freeze-thaw cycle through division by the
average of the values obtained from the experiments. The simplification formula to prediction
the scaling progress due to freeze-thaw and chloride were suggested. And, the progress of
scaling in the wheel guards of road bridges in Hokkaido were evaluated from site data.
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4.4.1

Introduction

This chapter discusses the mechanism of combined deterioration and performance
prediction with a focus on combined frost and salt damage. To clarify the form of
deterioration resulting from the combined action due to frost and salt damage, the effects of
crack and scaling (the type of frost damage in saline environments) on concrete durability
are explained, and the state of deterioration prediction are described. As no technique for
quantitative prediction of deterioration caused solely by frost damage in actual environments
has yet been established, the results of a study on such prediction are presented. This is
followed by a discussion on the prediction of deterioration resulting from combined action
due to frost and salt damage. To evaluate concrete deterioration caused by solely frost
damage, the freeze-thaw tests of concrete are performed generally, and the durability for
control of frost damage is determined based on the loosening of the concrete microstructure
with the crack due to repetition of freeze-thaw. As an indicator to evaluate such durability,
the relationship between the number of freeze-thaw cycles and the relative dynamic modulus
of elasticity (i.e., the ratio of post- and pre-damage comparison of the modulus) is generally
referenced to determine the number of freeze-thaw cycles when the relative dynamic modulus
of elasticity was less than the value decided by a performance design. However, in
freeze-thaw tests, the freezing and thawing temperatures, the supply environment of water
and other conditions are fixed. This means that they differ from the conditions of actual
environments, in which freezing/thawing temperatures and moisture environments vary. For
this reason, it is important to correctly predict the relations number of freeze-thaw cycles (in
terms of the number of years) and actual environmental conditions (e.g., local
freezing/thawing temperatures and moisture conditions). To establish a method for such
prediction, this study examined the effects of moisture and temperature on prediction with a
view to improving prediction accuracy using the ASTM-equivalent cycle. Also presented
here are the results of surveying and research conducted to support the prediction of scaling
deterioration clearly seen on site as a result of combined frost and salt damage.
4.4.2

SYNERGETIC EFFECTS
ENVIRONMENTAL LOADS

OF

COMBINED

MECHANICAL

AND

The combined deterioration can be divided into three categories: independent,
synergetic and causal [1]. In combined deterioration caused by synergetic effects, the
deterioration process (or the deterioration symptom development rate) is accelerated by the
synergetic influences of combined deterioration factors such as the action of natural
surroundings and loading, or by those resulting from the deterioration process (e.g., changes
in concrete or reinforced- concrete microstructures from the point at which deterioration
factors begin to produce signs of damage), in contrast to deterioration caused by a single
effect. This type of deterioration is considered to involve several deterioration symptoms
brought about by the interaction of multiple types of deterioration influence. For this reason,
deterioration resulting from combined synergetic effects generally tends to progress more
rapidly and exhibit severer symptoms. In addition to the complexity of the mechanism
behind combined deterioration, a difference of deterioration-mechanisms elucidation caused
by individual effects and the degree of advancement in the prediction of such deterioration
make it more difficult to determine future damage caused by combined effects. For example,
it is difficult to deterioration predict resulting from combined effects (including the type of
frost damage frequently seen in cold snowy regions) because no method of quantitative
deterioration prediction caused by frost damage has yet been established. Taking a typical
case of deterioration from combined frost and salt damage as an example, the effects of
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actions caused by combined mechanical and environmental loads are outlined below. Salt
damage influenced by freeze-thaw action is classified as combined deterioration resulting
from synergetic effects. This type of deterioration has been confirmed as an actual
phenomenon, and has a high risk of occurrence. Repeated freezing and thawing of water in
concrete may cause the movement of chloride ions from frozen to unfrozen areas, a
concentration of such ions may increase, and an accelerate of salt damage. Freeze-thaw
cycles also cause cracking, increased porosity, scaling and popout, and result in decreased
cover concrete thickness.
As a consequence, chloride ions, oxygen and other
corrosion-inducing factors can more easily penetrate, thereby accelerating salt damage.
Frost damage in saline environments is also classified as combined deterioration caused by
synergetic effects. This has been also confirmed as an actual phenomenon with a high risk
of occurrence. Freeze-thaw action in saline environments may result in increased water
saturation, the creation of osmotic pressure, thermal shock, a reduced freezing point and other
effects. Further, chloride ion penetration causes severe scaling and fine cracks, while
increase the water saturation due to moisture infiltration in a wet environment and accelerates
frost damage. Concrete expansion and shrinkage resulting from freeze-thaw cycles create an
effect of repeated loading similar to that of fatigue loading, and residual strain accumulates.
Although many concrete structures in cold snowy regions undergo combined deterioration
due to frost and salt damage, the state of deterioration prediction approaches mainly focus on
the forecasting of reductions in a single target quality, on the durability of individual concrete
structures damaged by a single effect, and on the verification of durability. There are
difference of deterioration-mechanism elucidation caused by single-factor effects and the
degree of development in prediction methods for such deterioration. At present, quantitative
evaluation is limited to the prediction of carbonation depth and chloride ion penetration based
on chloride ion diffusion. Frost damage is evaluated mostly in freeze-thaw tests, and
materials found to be durable are used to increase the service life of concrete structures.
However, as yet there is no established method for converting the number of freeze-thaw
cycles found in laboratory testing into an equivalent number of years in an actual setting.
Accordingly, test results are not currently utilized in deterioration prediction and durability
design.
4.4.3

EFFECTS OF CRACKING AND SCALING

Concrete structures subjected to frost damage develop cracks, increased porosity,
scaling and popout as result of freeze thaw action, which in turn reduces the thickness of the
cover concrete, when receive the freeze-thaw action. As a consequence, moisture, chloride
ions, oxygen and other corrosion-inducing agents can penetrate more easily, thereby
accelerating deterioration. In combined deterioration resulting from frost and salt damage in
particular, decrease of cover thickness caused by scaling is noticeable. At present, chloride
ion penetration is generally predicted using the Fick’s diffusion equation. This equation is
based on the concept that chloride ions diffuse equally toward steel. However, when
bending crack is generated on concrete cover, the distribution of chloride ion concentration
depends on the distance between crack and steel, in actual structures. When bending crack
width is very narrow, the variation of concentration of chloride ion may trend to be small. In
the case of well-compact concrete, the inconsistent distribution of chloride ion may occur due
to the influence of crack, but steel is well protected in uncracked parts against the corrosion.
From these reasons, the limit for the onset of steel corrosion can be estimated by averaging
the influence of crack based on the concept that chloride ions diffuse equally toward steel.
Therefore, when the bending crack width is narrower than allowable one, the diffusion
coefficient can be estimated using the concentration the influences concrete quality and
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crack( crack width and interval) [2]. A variety of factors still need to be clarified in order to
simplify the evaluation of concrete with wide cracks and variations in crack width, to enable
the prediction of deterioration progress, and to allow forecasting for the effects of aging on
material properties and crack spread. Simple methods for evaluating rebar corrosion and
predicting the progress of deterioration have yet to be established, and the relationship
between the degree of corrosion and the durability of concrete members is not fully
understood. As the effect of cover concrete on rebar corrosion is significant, the Standard
Specifications for Concrete Structures take concrete construction errors into account. In cold
snowy regions, the reduction of cover concrete cross sections due to scaling is often seen in
addition to cracking caused by the effects of frost damage in saline environments. However,
the prediction method of scaling quantity is still being studied. In regard to scaling caused
by fresh water, for example, an equation to support the prediction of progress in mass change
has been created. This is based on mass change in accordance with JIS A 1148 (Method A)
using the results of experiments conducted by Tabata et al. and Katsura et al., and was
adopted to verify a prediction method involving the number of ASTM-equivalent cycles
(source: Report of the Technical Committee on a Method of Evaluating Resistance to
Freezing and Thawing of Concrete (Hasegawa et al., August 2008, JCI-TC-065A)). As a
concept for evaluating scaling in saline environments, a method involving the multiplication
of scaling factor α (i.e., scaling under the effects of salinity in comparison to scaling without
salt) was also introduced.
4.4.4

INFLUENCE OF MOISTURE/TEMPERATURE
DETERIORATION

ON

PROGRESS

OF

As to this study, frost resistance of concrete is evaluated by freeze-thaw Tests, in the
case of general concrete. However, the results of freeze-thaw tests are useful only in
evaluating the durability of concrete materials. And this test results cannot be applied to
deterioration prediction for concrete of actual structure and for Life Cycle Cost, because the
relations of laboratory test cycles and number of in-service years are not clear. Therefore, the
evaluation for the ASTM-equivalent cycle was developed by Hama. Furthermore, we tried
to improve the precision of this method by using moisture factor, in this study. The use of the
proposed correction equations enables accurate prediction of deterioration on temporal axes.
For example, a laboratory-accelerated test to confirm the freeze-thaw durability of concrete
makes it possible to predict approximately how many years the material is likely to maintain
its freeze-thaw resistance in exposed on-site environments. As the reduction of frost
resistance in actual environments can be evaluated and the term of service life can be roughly
calculated, the equations are expected to be very useful in predicting the service life of
individual concrete structures of Life Cycle Management.
4.4.4.1 Investigation of concrete structure temperature and humidity
(1) Investigation overview
River sluiceways in seven regions of Hokkaido were selected as target structures in
consideration of annual maximum snow cover. Horizontal parts on which snow or snowmelt
tended to accumulate were selected as platforms, and vertical parts onto which only rainwater
fell were selected as retaining walls. Temperature/humidity sensors were buried in the
surfaces at a depth of approximately 1 cm.
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(2) Investigation results
The lowest temperature during a freeze-thaw cycle and humidity at the beginning of freezing
were plotted using sensor data on the temperature and relative humidity of concrete. The plots
are shown in Figures 1 and 2.

1) Concrete temperature and number of freeze-thaw cycles
The minimum temperature of the platform shown in Figure 1 reached -25°C at some points
because the material was relatively thin and the temperature varied significantly, but the
minimum temperature of the retaining wall shown in Figure 2 was approximately -10°C or
higher at most points.
Regarding the numbers of freeze-thaw cycles (legend: N) in each of the areas shown in
Figures 1 and 2, those of freeze-thaw cycles for platforms were higher than those for retaining
walls in all parts.
2) Concrete humidity
The humidity of the platforms shown in Figure 1 was approximately 95% or higher at most
points, which was relatively high. On the other hand, the humidity of the retaining walls
shown in Figure 2 varied widely; it was below 95% and many freeze-thaw cycles occurred in
some parts. Since humidity in winter was considered to be significantly affected by snowfall,
the maximum snow cover was compared with the average humidity at the beginning of
freezing during periods of freeze-thaw action. The results showed that as the maximum snow
cover value increased, the average humidity also tended to increase, as shown in Figure 3.

4.4.4.2 Consideration of deterioration prediction
(1) Frost damage to actual structures
Core samples were collected from parts of the concrete structures being investigated. The
ultrasonic wave propagation speed in the diameter direction was measured and converted to a
relative dynamic modulus of elasticity using an experimental equation [3].
(2) Comparison and consideration of actual structure data and prediction results
Actual structure data and prediction results were considered using the ASTM-equivalent cycle
[4] method (an approach that includes consideration for a variety of external environmental
factors as parameters) from among the deterioration prediction methods already proposed.
T
h
e
A
S
T
M
M (N=125)
C (N=124)
S (N=145)
O (N=121)
E (N=125)
B (N=75)
K (N=138)

Fig. 1 Minimum temperature and humidity during freeze-thaw cycles (platforms)
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M (N=93)
C (N=40)
S (N=73)
O (N=64)
E (N=77)
B (N=12)

Fig. 2 Minimum temperature and humidity during freeze-thaw cycles (walls)
M
C
S
O
E
B
K

Platform
Wall

Fig. 3 Maximum snow cover and average humidity
equivalent cycle is a method by which the value of freeze-thaw action on concrete for one
year under certain regional weather conditions is calculated as an ASTM-equivalent cycle
number based on a minimum freezing temperature of -18ºC (a standard condition in the
ASTM C-666 A method) using equation [3], and enables prediction of the service life of
concrete in environments where structures are actually located.
Cy ASTM-sp = C × F × Rsp
= C × F × s × p × Ra 90

(1)

Where,
year)

Cy ASTM-sp: number of freeze-thaw cycles corresponding to ASTM (per
C: coefficient for curing conditions
F: coefficient for freeze-thaw conditions
Rsp: Σ(–ts/18)β
ts: minimum freezing temperature (°C)
β: constant
s: coefficient for sunshine conditions
p: deterioration process coefficient
Ra 90: number of freeze-thaw cycles corresponding to ASTM based on
atmospheric temperature

The relationship between the predicted number of years for which the relative dynamic
modulus of elasticity determined in (1) was seen (as calculated by this method) and the actual
number of years in service is shown in Figure 4.
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Table 1 Coefficients for the equation to calculate the number of cycles corresponding to
ASTM
Process of frost damage
Equation for calculating the number of
cycles corresponding to ASTM:
Signs of frost
Obvious frost
Cy ASTM-sp = C × F × Rsp
damage
damage
Deterioration process coefficient: p
1.00
1.64

Member factors

Sunshine
conditions: s

North face
Horizontal/south
f
In water

Curing/drying In air
conditions: C Drying at 20°C

Drying at 30°C
Freezing and
thawing in water
Freeze-thaw
conditions: F Freezing in air
and thawing in
*RDM: relative dynamic elastic modulus

1.00

1.00

1.45

1.45

1.00

1.00

0.66

1.41

0.26

0.80

0.14

0.45

1.00

1.00

0.21

0.23

The results showed that the predicted number of years was lower than the actual number
of years in service for all data. In particular, the prediction for data on platforms was much
lower. This indicated that the predicted deterioration rate was overestimated by the estimation
method involving the ASTM-equivalent cycle in comparison with the actual deterioration
rate.
Figure 5 shows the relationship between the number of ASTM-equivalent cycles in service
and differences between the predicted number of years and the actual number of years. The
inclination of the regression line indicates the difference between the predicted number of
years and the actual number of years per ASTM-equivalent cycle, or the difference between
damage in indoor tests and that in actual environments. There was a difference between the
degrees of damage because the deterioration prediction method based on the
ASTM-equivalent cycle determines coefficients according to the results of ASTM C 666
indoor accelerated tests, but freeze-thaw action occurred under water in line with the moisture
conditions in indoor tests, thereby causing outcomes that were significantly different from
actual on-site conditions.
The inclination of the regression line for platforms is different from that for retaining walls, as
shown in Figure 5. This is due to humidity differences between platforms and retaining walls,
and it was also found that the degree of damage at each part in indoor tests was different from
those in actual environments, as shown in the conceptual diagram for degrees of damage in
the lower part of Figure 5.

(3) Consideration of correction methods for the effects of moisture
Since the differences between deterioration prediction results obtained using the
ASTM-equivalent cycle and the deterioration of actual structures were considered to be
caused by differences between degrees of damage due to varying moisture conditions as
described previously, a moisture correction factor (referred to here simply as the correction
factor) was assumed as shown in equation (2), and the correction factors for platforms and
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retaining walls were examined.

Calculated number of years

60
M

50

C
S
O
E
B

40
30
20

K

10
0

0

10

20

30

40

50

60

Platform
Wall

Actual number of years in service

Actual - predicted number
Damag of years (year)

Fig. 4 Number of years in service and calculated number of years by deterioration
prediction

40
30
20
Platforms

10
0

0

Walls

500
1000
1500
2000
Total number of cycles in the service period

laboratory
test

Actual structure

Actual structure

(control platform)

(retaining wall)

2500

Fig. 5 Total number of cycles and differences between the predicted number of years and
the
actual number of years
ΔRDM ACT = α × ΔRDM ASTM
(2)
Where, ΔRDM ACT is the reduction of the relative dynamic modulus of elasticity per year for
actual structures, ΔRDM ASTM is the corresponding value calculated using the
ASTM-equivalent cycle, and α is the moisture correction factor.
1) Consideration of the moisture correction factor for retaining walls
The correction factor was determined from ΔRDM ACT and ΔRDM ASTM data using regression
analysis, and the results in Figure 6 demonstrate that the correction factor for the wall was
indicated by the slope of the regression equation shown in the figure.
2) Consideration of the moisture correction factor for platforms
The results of regression analysis using ΔRDM ACT and ΔRDM ASTM data in the same way as
for retaining walls showed data that varied widely, and the correlation coefficient was low.
The cause of this may be as outlined below.
Platforms are horizontal members, and may have been affected significantly by moisture from
snowmelt accumulating on them. To set an appropriate correction factor for platforms, it was
considered necessary to introduce a parameter that represents moisture supply.
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In consideration of the nature of platforms, the maximum snow cover, which bears some
correlation to the humidity of concrete on site, was used as a parameter as shown in equation
(3) so that structural managers could predict deterioration easily.
ΔRDM

ACT

/ ΔRDM

ASTM

= α = f(H)

(3)

Where, H is the maximum snow cover. The results of the regression analysis are given in
Figure 7, and indicate that the correction factor for platforms is represented by the regression
equation shown in the figure.
The correction factor for retaining walls differed from that for platforms because water was
supplied to walls only by rain falling directly onto them rather than from snow accumulating
on them, and the walls were primarily affected by minimum temperatures and the number of
freeze-thaw cycles rather than by snowfall.

M
C
S
O
E
90%≧RDM
RDM＞90%

Fig. 6 ΔRDM ACT and ΔRDM ASTM (retaining walls)

M
C
S
E
B
K

90% ≧ RDM
RDM ＞ 90%

Fig. 7 Maximum snow cover and ΔRDM ACT /ΔRDM
4.4.5

THE PREDICTION OF SCALING PROGRESS DUE TO FREEZE-THAW
AND CHLORIDE

As to this study, the progress prediction equation of scaling was formulated by data of
laboratory tests and structure investigations. An equation for quantitative prediction of on-site
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concrete scaling caused by combined frost and salt damage has not yet been established. Tests
in laboratory and field were performed, and clarified that scaling increased exponentially with
the number of years in service. And if measurements of same concrete material with
difference ages could be taken at more than one point on site, it is possible to estimate by
simple prediction for progress of scaling deterioration based on the exponential regression
equation .Thus, it became possible to roughly predict scaling under actual environmental
conditions on temporal axes, which is necessary to consider Life Cycle Cost. This is expected
to be very useful in predicting the service life of individual concrete structures of Life Cycle
Management .
4.4.5.1 Fundamental study on methods for predicting scaling progress based on laboratory
tests
Scaling tests were first performed in accordance with ASTM C 672 as part of a
fundamental study on the development of a function expression to clarify how the
water-cement ratio and the number of years of freeze-thaw cycles affects the progress of
scaling. This subsection and 4.4.2 below discuss the examination of breakwater upper
surfaces subjected to the combined influences of seawater and freeze-thaw cycles in cold
regions.
(1) Experiment overview
Table 2 shows the concrete mix proportions. In the experiment, type-B blast furnace
slag cement (commonly used for breakwaters in Hokkaido) was used with water-cement
ratios of 35%, 45%, 55% and 65% and an air content of 4.5%. Desalinated sea sand
(density: 2.70 g/cm3) from Nishikioka in Tomakomai was used as fine aggregate, and crushed
stone (density: 2.67 g/cm3; maximum grain size: 25 mm) from Miharashi in Otaru was used
as coarse aggregate. Figure 8 shows a test specimen measuring 220 mm × 220 mm × 100
mm around which a bank (25 mm wide and 20 mm high) was built to retain water on the test
surface. As concrete is poured from above, freeze-thaw testing was conducted on the
concrete casting surface. The five sides other than the test surface were coated with epoxy
resin, and the test specimens were wet-cured for three days and left to stand in a constant
temperature/humidity room (20˚C/60%) until 28 days of age before being tested. The bank
was installed using silicone and epoxy resin at the age of 21 days. Figure 9 shows the
physical properties of the test specimens at the age of 28 days, and indicates compressive
strength values of 20 – 55 N/mm2. The volume of pores with a diameter of 75 nm or more
(a volume identified as being closely related to the progress of scaling on concrete casting
surfaces in a previous report3)) was 0.1 – 0.4 ml/g in a layer at a depth of 0 – 5 mm, and the
pull-off strength of

Table 2 Concrete mix proportions
W/C(%)

Unit amount (kg/m3)

W

C

S

G

A (C × %)

B35

35

143

409

753

1072

0.6

B45

45

144

320

823

1078

2.5

B55

55

145

264

882

1065

2.5
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B65

65

145

223

939

1047

2.5

Remarks : W/C: water-cement ratio; W: water; C: cement; S: fine aggregate; G: coarse
aggregate; A: admixture
the casting surface was 1.0 – 2.5 N/mm2. It was confirmed that the volume of pores tended
to increase proportionally with higher water-cement ratios, whereas compressive strength and
pull-off strength tended to decrease. In the freeze-thaw testing, which was conducted in
accordance with ASTM C 672, commercially available artificial seawater was pooled on the
test surface up to a depth of 6 mm, a daily freeze-thaw cycle of 16 hours at -18˚C and 8 hours
at 23˚C was repeated up to approximately 500 cycles, and the scaling quantity was then
measured. Three test specimens were used for each concrete mix, and the average
measurement of the three was taken as the measurement value for each mix.
(2) Experiment results and discussion
The scaling test results (Fig. 10) indicate that scaling occurred more frequently on test
specimens made with a larger water-cement ratio – a trend that continued over the long period
of approximately 500 cycles. For ratios of 55% and 65%, scaling tended to progress rapidly
between 0 and approximately 50 freeze-thaw cycles. It is presumed that thin layers on the
concrete casting surfaces became extremely fragile due to bleeding and other influences, and
that they detached all at once soon after the start of the test.
The results shown in Fig. 10 were organized to clarify the relationship linking the
water-cement ratio, the number of cycles and the scaling quantity. In this paper, the
water-cement ratio is expressed as W/C (%), the number of cycles as cyc, and the scaling
quantity as SC (g/cm2), and each parameter was divided by a measure of central tendency to
make it dimensionless for analysis. As the extent of variance from the average (central data)
is generally clarified to evaluate data distribution characteristics, it was decided to divide
these values by the averages of the test data in the study (dimensionless values: W/C / 50, cyc
/ 237 and SC / 0.27).
Figure 11 shows the relationship between the dimensionless values for the water-cement ratio
(W/C / 50) and the scaling quantity (SC / 0.27). In this study, data for the period up to 100
cycles (during which scaling progressed very rapidly) were excluded from the analysis, and
those for the
25mm Test Surface

bank
20mm

Epoxy coating (for surfaces
other than the test surface)

100mm
220mm

220mm

Fig. 8 Freeze-thaw test specimen
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Compressive strength
Pore volume(diameter is 75nm or more)
Pull-off strength

50

y=0.0082x-0.155
(R2=0.9524)

40
y= -0.0495x+4.2875
(R2=0.9119)

30
y= -1.037x+89.475
(R2=0.9857)

20

35

65
45
55
Water cement ratio(%)

Fig. 9 Test specimen physical properties
period between 100 and 500 cycles were used to assess scaling progress over a longer
duration. The figure shows data obtained after 100, 200, 300, 400 and 500 cycles. The
linear functional relationship SC / 0.27 = a ・ (W/C / 50) + b was seen for each cycle,
corresponding to the results shown in Fig. 9 (i.e., deterioration of concrete quality with higher
water-cement ratios).
Next, temporal changes in slope a and intercept b of the linear function expression were
examined. Figure 12 shows the relationships between nondimensionalized cycles (the
dimensionless values for 100, 200, 300, 400 and 500 cycles were 0.42, 0.85, 1.27, 1.69 and
2.11, respectively) and slope a as well as intercept b. An increment in a indicates a change
in the water-cement ratio’s influence on scaling progress over time. The figure shows that a
increased as the cycle progressed, and that differences in the scaling quantity for each test
specimen stemming from varying water-cement ratios increased at an almost constant rate.
This showed that the water-cement ratio was highly correlated not only with differences in
scaling severity but also with the rate of scaling progress for between 100 and 500
freeze-thaw cycles. It was also seen that b varied proportionally with changes in a.
Accordingly, Eq. (4), in which SC / 0.27 is represented as γw, was obtained as an
expression of the effects of the water-cement ratio and freeze-thaw cycles (100 – 500) on the
progress of scaling for concrete casting surfaces:

 W / C 
 cyc 
 cyc 
 w  1.09 
 1.11
  0.57
  0.57
(4)

 237 
 237 

 50 
Figure 13 shows the relationship between calculated γw values and measured scaling
values. For data distribution assessment, logarithmic transformation can be used to stabilize
fluctuations in distribution, thereby helping to clarify the relationships involved. In this
study, the results were therefore organized by taking the common logarithm of γw. An
approximated curve was found using regression analysis, and Eq. (5) was obtained as a result.
The correlation function was as high as 0.96, from which a close correlation was confirmed.
SC  0.26e 2.42 log  w
(5)
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100cycle：
200cycle：
300cycle：
400cycle：
500cycle：

W/C=35%
W/C=45%
W/C=55%
W/C=65%

0.8
0.6

2.5

0.2

0

100

200

300

400

500

2.0
0.27

0.4

0

y = 1.7491x - 0.9583 (R2=0.9976)
y = 1.8494x - 0.8448 (R2=0.9671)
y = 2.4306x - 1.2202 (R2=0.9857)
y = 2.8154x - 1.4515 (R2=0.9843)
y = 3.6044x - 1.9561 (R2=0.9437)

3.0

Scaling quantity(g/cm2)

Scaling quantity (g/cm2)

1.0

1.5
1.0

600

0.5
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0
0.6

Fig. 10 Scaling test results
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1.0
W/C(%)

1.2

1.4
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Fig. 11 Relationship between the watercement ratio and the scaling
quantity
(in terms of dimensionless values)
a： y = 1.0921x + 1.1102 (R2=0.9687)
b： y = - 0.5733x - 0.5742 (R2=0.8943)
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Slope (a)
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-1.5
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1.5
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Fig. 12 Temporal changes in slope a and
intercept b
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Fig. 13 Relationship between log γw and
measured scaling values
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10 years or so after con
Approx. 40 years after c

Port A
Port B
Port C
Port E

Port D

Port F

Fig. 14

Survey site locations

4.4.5.2 Empirical study using structures (breakwater upper surfaces)
Breakwater upper surfaces subjected to scaling damage were surveyed to determine the
validity of the equations obtained in the laboratory experiment.
(1) Survey overview
Breakwater upper surfaces that had not been raised or repaired at ports A, B, C, D, E
and F in Hokkaido (Fig. 14) were surveyed. Extreme minimum temperatures from
December to March based on 2000 – 2004 AMeDAS data were between -8.2 and -10.4˚C at
ports A to E and -4.5˚C at Port F. The number of days when the minimum temperature was
-2˚C or below (the level at which concrete starts to freeze [5] and the maximum temperature
was -2˚C or above was taken as the number of freeze-thaw days, and the results ranged
between 57 and 89 days for these ports. These figures were the averages for a period of five
years.
Although the scaling quantity was measured for assessment in the laboratory
experiment, it is difficult to quantify scaling on actual structures. For this reason, the scaling
quantity on the upper surfaces of breakwaters was assessed based on the level of scaling
expressed by Eq. (6), as proposed by the Technical Committee on Concrete Durability
Improvement in Marine Environments.

Dm  D  AS
(6)
Where, Dm is the scaling degree (mm), D is the scaling depth (mm) and As is the
percentage area of scaling.
As shown in Fig. 15, a frame measuring 50 × 50 cm was placed on the surface to be
investigated. A depth gauge was used to measure scaling depth at ten spots, and the average
D (mm) value of the measurements was determined. The area of scaling S (cm2) within the
frame was then found and divided by the frame’s area (2,500 cm2) to calculate the percentage
area of scaling As. Finally, D was multiplied by As to determine the scaling degree Dm (mm).
As an example, a breakwater upper surface with a scaling degree of 31 mm is shown in Photo
1. In cases where scaling progressed severely and extensively over the surface, and the
original surface to be used as the reference was no longer present, the scaling depth was
measured with the highest aggregate top as the reference.
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As there was no record of the original concrete mix design data, the water-cement ratio
of concrete in the field was estimated. As shown in Fig. 16, three core samples were
collected from the upper surface of each breakwater, and test specimens were cut out from a
depth between 350 and 400 mm and subjected to analysis. For the concrete at ports A, B, C,
D and E, estimation was made in accordance with the F-18 method of the Japan Cement
Association. Since limestone was used as aggregate for the concrete at Port F, the estimation
method based on the silica content of hardened cement paste was used [6]. Compressive
strength was also measured using test specimens collected from the concrete at depths
between 50 and 350 mm.
(2) Survey results and discussion
Figure 17 shows the relationship between the water-cement ratio and the scaling degree.
The figures in the legend indicate the number of years in service. For the breakwaters at
p
o
r
t
s
B
t
o
E
2) 2
測定領域 area
50×50(cm
Measurement
50×50(cm
)

Frame
フレーム

2)2
剥離面積S(cm
Scaling area S(cm
)

平均剥離深さD(mm)
Average
scaling depth D(mm)

Fig. 15 Measurement of scaling degree

300

Compressive strength
(3 test specimens)

Estimation of
mix proportions

50

450

50

150

Scaling degree
measurement

Upper
surface

Photo 1 Upper surface with a scaling degree Fig. 16 Core samples used for concrete
quality
of
surveying
31 mm
that had been used for 10 years or so and the one at Port A that had been used for
approximately 40 years, it was found that scaling became severe with higher water-cement
ratios – a trend similar to that seen in the laboratory experiment. In contrast, the data for
Port F varied (see the points marked with ※), and no clear correlation was observed.
Figure 18 shows the relationship between the water-cement ratio and compressive strength.
The data distribution generally suggests that compressive strength decreased with higher
water-cement ratios, although no correlation coefficient as high as that seen in the laboratory
experiment (in which the same materials were used and the same casting and curing methods
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were employed) was observed. The data within in the ellipse in Fig. 18 correspond to those
marked with in Fig. 17, and deviate significantly from the regression line compared with
other data.
Figure 19 shows the relationship between compressive strength and the scaling degree.
Although the correlation coefficient was low, data distribution suggesting that the scaling
degree decreased with higher values of compressive strength was observed for all breakwaters.
It is presumed that scaling resistance deteriorated because sufficient quality and strength were
not ensured due to the formation of rock pockets and other defects during casting.
As shown in Fig. 17, a close correlation was seen between the water-cement ratio and the
scaling degree except for Port F, where the concrete quality was inferior to that of the other
sites. Accordingly, analysis was conducted on ports A to E, where the concrete quality was
relatively high. For analysis, calculations were performed by converting the scaling quantity
to a scaling degree value and the number of cycles to a number of years, as in the laboratory
experiment. First, the values for the scaling degree and the number of years for ports A to E
were divided by the averages of the measurement data (7.3 and 59.1, respectively) to produce
dimensionless values, and were expressed as a linear function Dm / 7.3 = a ・ (W/C / 59.1) + b
(Fig. 20).
Temporal changes in slope a and intercept b with the obtained linear function were found
using linear regression (Fig. 21). As the body of data is still small, further data collection is
necessary to improve accuracy. However, Eq. (7) was derived based on examination within
the scope of this study (Dm / 7.3 is expressed as γw).



 t 

 W / C 

 t 

 w  12.1
 4.48 
  11.3
  4.56
 23.4 
 23.4 

 59.1 
(7)

Regression analysis equation
12 - 16years : y = 0.3732x - 18.017 (R2=0.8750)
40years : y = 2.0512x - 109.24 (R2=0.9114)
41years:Excluded from regression analysis (not analyzed)

45

※
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Scaling degree(mm)

Compressive strength(N/mm2)
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41 years (F)

5
0
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y=-0.7506x+77.187 (Excluding data within the ellipse)
(R2=0.4389)
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marked with ※ in Fig. 17

y= -0.2472x+39.656
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5

In service for approx. 40 years (A & F)

0
45

50

55
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W/C(%)
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Fig. 17 Relationship between compressive Fig. 18 Relationship between water-cement
ratio and compressive strength
strength and scaling degree
As shown in Fig. 22, the relationship between γw and the measured scaling degree is
expressed by Eq. (8). The correlation coefficient was 0.8331, which was smaller than that
for the laboratory experiment, but the plotted data mostly followed the curve.
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Dm  6.66e 2.91 log  w
(8)

When values between 48 and 53% are input as W/C in Eq. (7), the result is γw > 0 for t =
12 – 16 years, from which log γw can be calculated. However, the value is γw < 0 for t = 40
years, from which log γw cannot be found. The regression line for t = 40 years in Fig. 17 is
expected to be positioned above that for t = 10 years or so throughout the entire W/C range, as
t = 40 years is older than t = 10 years or so. In this study, all measured values were plotted
in linear regression form without data correction, and as a result, the positional relationship
between the regression line for t = 10 years or so and that for t = 40 years is reversed in the
W / C
r a n g e
f r o m
4 8
t o
5 3 % .
T h i s
m e a n s
Regression analysis equation
12～16years：y = - 0.5068x + 16.647 (R2=0.2642)
40,41years：y = - 2.1572x + 83.888 (R2=0.7427)
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Fig. 21 Temporal changes in slope a and
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intercept b (breakwaters)
that the calculated scaling degree for W/C values between 48 and 53% decreases with age and
falls below 0 at t = 40 years. The applicability of Eq. (7) is therefore limited (W/C = 54% or
more), although the simple evaluation method applied in the laboratory experiment was
assessed as valid within the scope of this study.
4.4.5.3 Study on simplification of equations for predicting scaling progress
In 4.4.1 and 4.4.2, fundamental ideas based on the following equations to evaluate long-term
scaling progress were summarized:

 t 

 W / C 

t 

 w   a    b 
  c   d
A
B


  A



(9)

Dm  fe

g log  w

Here, γw is an index value representing scaling progress, t is the number of years in
service (which can be replaced by the number of cycles in laboratory experiments), W/C is the
water-cement ratio (%), Dm is the scaling degree (mm) (the product of scaling depth (mm) and
the ratio of the scaling area to the survey area (50 × 50 cm) (see 4.4.2 for details); can be
replaced by the scaling quantity (g/cm2) in laboratory experiments), and a, b, c, d, f, g, A and
B are constants determined by concrete quality and environmental conditions (A and B are
coefficients to make t and W/C dimensionless).
Where, γw can be rewritten as follows:

 W / C 

 t 

W /C 

 w   a 
  c  A   b B   d

  B 
  
When the water-cement ratio of a concrete member is input for W/C to predict the progress of
scaling on a concrete member, a(W/C / B) + c and b(W/C / B) + d will be constant values.
With these constants represented as m and n, respectively, the equation can be expressed as
follows:

t 
 A

 w  m   n
Where, the following equation can be obtained by moving the constant values m and n to the
left-hand side, organizing them and expressing them using γw’:

w  n
m

  w'

t
A

Where, γw’ is an adjusted value of the index representing scaling progress determined by m
and n.
The adjustment of γw automatically corrects f and g in Eq. (9). Assuming p as the
correction value for f, and q as the correction value for g, a significantly simplified equation
in comparison to Eq. (9) can be derived to predict scaling progress:
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Dm  pe

q log

t
A

(10)
The scaling degree Dm up to a certain year t can be easily predicted by graphing the
relationship between Dm obtained from measurements and log(t / A), and performing
exponential approximation to find p and q.
In this regard, experimental verification was performed to validate the applicability of Eq.
(10) for deterioration prediction. This subsection and 4.4.4 below outline a study on road
bridges susceptible to the combined effects of deicers and freeze-thaw cycles in cold regions.
Table 3 shows the concrete mix proportions. The water-cement ratio used was 45, 50,
55, and 65%. Two types of cement (ordinary Portland cement and type-B blast furnace slag
cement) were used in the experiment. The freeze-thaw testing was conducted by two
method ; Test-1 is daily freeze-thaw cycle of 16 hours at -18˚C and 8 hours at 23˚C was
repeated up to approximately 300 cycles (curing mats up to 7 days of age, freeze-thaw test
was started from 91days) ; Test-2 is about 4 hours freeze-thaw cycle of about 3 hours at -18˚C
and about 1 hours at 5˚C was repeated up to approximately 600 cycles (curing mats up to 7
days of age, freeze-thaw test was started from 28days). The freeze-thaw testing was
conducted on the concrete casting surface. The test water is 3% sodium chloride solution.
Based on the scaling measurements obtained in the freeze-thaw test, p and q in Eq. (10) were
determined. In this subsection, Dm corresponding to the scaling quantity is indicated as SC,
and t corresponding to the number of cycles is indicated as cyc, for the purpose of clarifying
differences in measurement items to be used in structural surveys as discussed in 4.4.4 below.
The coefficient A used to make cyc dimensionless were set to 150 (Test-1) and 300 (Test-2) as
the median value of the number of measurement cycles. Figure 23 shows the freeze thaw test
result and analyse result. The correlation coefficients of every case were as high value.
This finding closely agrees with the experiment results. It is therefore understood that the
equations enable prediction of these characteristic changes with a reasonable level of
accuracy.

Method of
Test

W/C
(%)

Test-1

50

Test-2

45
55
65

Table 3 Concrete mix proportions
Unit amount (kg/m3)
Using Cement
W
C
S
140
280
862
Ordinary Portland
140
280
859
145
322
808
Type-B blast furnace
147
267
865
slag cement
149
229
917

Remarks:
W/C: water-cement ratio; W: water; C: cement; S: fine aggregate; G: coarse aggregate
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Test-2

Test-1
2.5
Oridinary Portland
Blast furnace
slag cement

0.4
0.3

Scaling quantity(g/cm2)

Scaling quantity(g/cm2)

0.5

SC=0.32e1.11log(t/150)

0.2
0.1

2.0

W/C=65%
SC=1.37e3.08log(t/300)

1.5
1.0

W/C=55%
SC=1.05e3.01log(t/300)

0.5

W/C=45%
SC=0.72e3.16log(t/300)

SC=0.11e0.97log(t/150)

0

0.0
0

50

100

150

200

250

300

350

0

100

cycles

Fig. 23

200

300

400

500

600

Cycles

The Freeze and thaw test result and analyse result

4.4.5.4 Empirical study using structures (wheel guard of bridge)
(1) Survey overview
This subsection outlines the study of wheel-guard concrete on an eastern Hokkaido
highway bridge treated with chloride deicing agents in winter. Figure 24 shows the
dimensions of the concrete. The 73-m bridge is on a gentle curve, and has a cross slope of
4% inward. In this study, the concrete on the inner side of the curve where water is more
likely to accumulate on the road surface was investigated. Table 4 shows the concrete mix
ratio. The bridge was built in November 1962 and has been in service since then. The
wheel-guard was replaced in October 2004, meaning that the concrete was placed six years
before the study.
Table 5 shows the environmental conditions of the bridge area between December 2004
and March 2005. The climate is severe, with minimum temperatures falling below -20˚C.
The number of days when the minimum temperature is -2˚C or below [5] (the temperature at
which concrete starts to freeze) and the maximum temperature is -2˚C or above was taken as
the number of freeze-thaw days. The number of days when both the minimum and
maximum temperatures are -2˚C or below was taken as the number of freezing days. The
total number of freeze-thaw days was 63, and that of freezing days was 54. The number of
freeze-thaw days tended to decrease in January and February and increase in December and
March. This is because the number of days when the maximum temperature rises to -2˚C or
above is lower in January and February, when freezing conditions continue even during the
day.
(2) Survey results and discussion
Figure 25 shows a trace of scaling damage to the wheel-guard concrete (4 m in length)
near the center of the bridge five years after concrete placement. Compared to the extensive
scaling
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Upper surface

470

500

230

Vertical
surface

200

Fig. 24 Dimensions of wheel-guard concrete

Table 4 Wheel-guard concrete mix proportions
Unit amount (kg/m3)
Cement
W
C
Ex
S
Oridinary portland
145
252
30
713
Remarks: Ex is expansive agent

G
1144

Table 5 Field environments in winter (from Dec. 2004 to Mar. 2005)
Item
December
January
February
March
Min. temperature (˚C)
-22.1
-25.8
-24.9
-23.7
No. of freeze-thaw days
21
10
8
24
No. of freezing days
10
20
19
5
damage seen on the vertical surface, damage on the upper surface was relatively small.
Photo 2 shows the wheel-guard, and was taken in March five years after the concrete was
placed. It was confirmed that the shoulder of the pavement and the upper surface of the
wheel-guard concrete were covered with sand. Such sand is believed to act as a protective
layer, while the vertical surface was exposed to the ambient atmosphere and was susceptible
to the influences of dust and other particles generated by passing vehicles. This resulted in
scaling damage concentrated on the vertical surface. The severity of scaling on the
wheel-guard concrete was assessed in terms of scaling degree as described in 4.4.2.
However, the members and dimensions of the wheel-guard concrete made it impossible to
install a frame measuring 50 × 50 cm on the vertical and upper surfaces. For this reason, the
area of the colored portions of the trace shown in Fig. 25 was computed and divided by the
dimensions of each survey area (vertical surface: 400 cm × 23 cm; upper surface: 400 cm ×
47 cm) to determine the values of As. The field survey was conducted over a period of three
years, i.e., at four, five and six years after the placement of the wheel-guard concrete.
Table 6 shows the scaling degree measurement results for the vertical surface, where
scaling damage was severe. Figure 26 shows the relationship between the logarithmic value
of the dimensionless number of years and the scaling degree, which was organized to find p
and q. The median value of 4, 5 and 6 years (i.e., 5) was taken as the coefficient A to make
the number of years dimensionless. As a result of exponential approximation of the graph
data in Fig. 26, values of p = 1.95 and q = 1.7 were found. The following equation was
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obtained as an expression to predict scaling progress on the vertical surface of the
wheel-guard concrete:
1.7 log

Dm  1.95e

t
5

(11)
Bridge railing post
Upper
surface
Vertical
surface
4000

Fig. 25 Example of wheel guard scaling damage five years after concrete placement
(black portions indicate scaling damage)

Photo 2

Wheel guard five years after concrete placement (taken in March)

Table 6 Scaling degree measurement results (vertical surface)
Years elapsed t
4
5
6
Scaling degree Dm (mm)
1.7
1.8
2.3
Figure 27 compares the scaling degree for the vertical surface of the wheel-guard concrete
between the measured and predicted values based on Eq. (11). It can be seen that the values
corresponded well. Within the scope of this study, the scaling degree for the vertical surface
of the wheel guard 10 years after concrete placement was 3.3 mm, and that after 20 years was
5.4 mm. Based on this, it can be predicted that cover concrete to an average depth of
approximately 5 mm will be lost over a period of 20 years.
The upper surface was analyzed in the same manner, and Table 7 shows the scaling degree
measurement results. The values are extremely low compared with those for the vertical
surface, and the change in scaling degree up to six years after concrete placement and at the
start of operation was small. Based on analysis of the data obtained to date, the following
equation was obtained:

Dm  0.02e

5.44 log

t
5

(12)

Figure 28 compares the scaling degree for the upper surface between the measured
values and predicted values based on Eq. (12). Until this point, measured and predicted
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values have shown close agreement. In contrast to the case with the vertical surface, the
e q u a t i o n
w a s
f o u n d
b a s e d
o n
5

5
1.7log(t/5)
y=1.95e1.7036x
y=1.9517e
(R2=0.9328)

4
Scaling degree(mm)

(Scaling degree(mm)

4
3
2

Predicted line

3
2
1

1

プロット：実測値
実線：予測

0
0

0
-0.2

0

-0.1

0.1

6

8

10

Fig. 27 Comparison of predicted and measured
changes in scaling degree
(vertical surface)

Fig. 26 Analytical results for p and q
(vertical surface)

Years elapsed t
Scaling degree Dm (mm)

4
Years

0.2

log(t/5)

Table 7

2

Scaling degree measurement results (upper surface)
4
5
1.7
1.8

6
2.3

5

Scaling degree(mm)

4
3
2
1
0
0

2

4

6

8

10

Years

Fig. 28 Comparison of predicted and measured changes in scaling degree (upper surface)
several data for a low scaling degree with little fluctuation in the six-year period from the start
of operation. In this regard, it is preferable to collect/accumulate and analyze data
continuously and correct the equation as necessary to further improve its accuracy.
(3) The Additional Investigation
Furthermore, in this study, the additional investigation was conducted at 5th bridges in
order to confirm validity of simple-formula. Figure 29 shows the all investigation result.
The measured value almost accorded with the calculated value. It can evaluate other bridge
using simple-formula too.
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Fig. 29 The result of additional investigation
4.4.5.5 Proposal of a procedure for the development of a scaling prediction equation
A procedure for the development of an equation to predict scaling progress based on the
results of this study is shown in Fig. 30. As Eq. (10) contains two coefficients, p and q,
surveying for at least two winters is needed to obtain two or more sets of data. It is therefore
advisable to collect as much data on Dm as possible during routine inspections in preparation
for analysis. The total number of years elapsed t as of the time of the survey needs to be
determined, and should be made dimensionless using the average number of years A. Then,
the relationship between the logarithm of this value log(t / A) and Dm needs to be illustrated in
graph form. Using an exponential approximation of the graph, p and q can be found. Thus,
a scaling progress prediction equation can be developed easily.
This subsection describes the examination of concrete on which scaling has already developed
and progressed. When data taken while scaling is visible are used for analysis, a relatively
accurate prediction expression can be easily obtained, as outlined in Fig. 31. Prediction
expressions were developed based on the data obtained in several previous surveys. It is
therefore desirable to correct them as needed if it is expected that accuracy will be improved
by adding data obtained from future inspections.
Although scaling-related cover concrete depth reduction has a significant impact on the rate of
rebar corrosion, this effect over time is not taken into account in the verification of chloride
ion percolation based on Fick’s diffusion equation. Combining the scaling progress
prediction equation developed in this study with Fick’s equation is expected to improve the
accuracy of technology to verify concrete durability in cold regions. This is a challenge for
our future work.
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START
Survey of scaling level Dm for the
member to be assessed (Data for at
least two winters are needed)
Determination
of A

A=

Σt
n

t ：Number of years elapsed as of the survey date
n ：Number of data
Expression of the relationship between the
scaling level and log(t /A) in graph form
Exponential
approximation
Determination
of p and q

Development of a scaling
progress prediction equation

Dm = peqlog(t/A)

Routine/regular inspections
of structures (confirmation of
consistency with prediction)

Yes

Requirement for
prediction
equation
correction

No

Fig. 30 Procedure for developing a scaling progress prediction equation
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Fig. 31 Data suitable for prediction equation calculation
CONCLUSION
Practical prediction equations expected to contribute to the assessment of scaling progress
were proposed in this section, and a laboratory experiment and structural surveys performed
to verify the applicability of the equations were described. The findings of the study are
summarized below.
(1) The effects of the water-cement ratio on the progress of scaling on concrete casting
surfaces can be explained using a linear function, and the relationship is maintained over
long periods of time.
(2) It is unrealistic to expect a predetermined level of scaling resistance from concrete if
sufficient quality and strength cannot be ensured due to the formation of rock pockets and
other defects during concrete placement even with an appropriate water-cement ratio.
(3) The results of the proposed simplified equations for the prediction of scaling progress
corresponded well with measurements taken both in the laboratory experiment and in
structural surveys, thereby confirming the validity of the equations.
(4) The results obtained were summarized to support the organization and proposal of a
procedure for the development of a scaling progress prediction equation that will facilitate
durability design.
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4.5

Chloride Ion Binding Behavior of Deicing Chlorides under
Freeze-Thaw Environment

ABSTRACT
This study outlines how chlorides of deicing agents accelerate the deterioration due to frost
damage under freeze-thaw environment. It is generally known that phase changes of hydration
products, such as formation of Friedel’s salt and ettringite, occur due to penetration of
chloride ion into cement hardened matrix. Ettringite formation leads volume expansion and
cracks. Monosulfate has much higher binding capacity of chloride ion than ettringite. By
contrast, chloride ion penetration causes corrosion of reinforcing bars. In the previous
researches, chloride ion movement and binding capacity in hardened concrete have been
reported. However, there are few reports on chloride ion from deicing agents, phase change of
hydration products and binding capacity under freeze-thaw environment. The purpose of this
research is to clarify the chloride ion binding under freeze-thaw environment with classifying
the chlorides according to total, soluble and fixed chloride.
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4.5.1

INTRODUCTION

Concrete structures and members deteriorate and performance degradation occurs
through the service life. Especially frost damage due to freeze-thaw cycles causes
deterioration of concrete structures in cold regions. It is generally known that repetition of
freezing and thawing of water in concrete leads damages such as scaling, pop-out of concrete
surface and initiates micro cracks.
On the other hand, application dose of deicing agents containing chlorides has been
increasing since use of spike tire had been restricted in Japan, 1993. Chlorides of deicing
agents which penetrates into concrete accelerate the deterioration due to frost damage under
freeze-thaw environment. Consequently, corrosion of reinforcing bars occurs in concrete
members.
It is generally known that phase change of hydration products, such as resolution of
monosulfate and formation of Friedel’s salt, Kuzel’s salt and ettringite, occur due to
penetration of chloride ion [7][8][9]. Ettringite formation leads volume expansion and cracks.
Monosulfate has much higher binding capacity of chloride ion than ettringite.
As for the chloride ions movement in cement matrix, chlorides are classified in bound
chloride which is chemically taken in Fridel’s salt, Kuzel’s salt and others, adsorbed chloride
which is physically fixed on pore surface and free chlorides in pore solution[10]. Free
chloride affects corrosion of steel bars in concrete.
Therefore, behavior of chloride ion penetration and binding was quantitatively
evaluated and modeled. Ishida, et al. proposed and formulated the relationship between free
chlorides and dissolved chloride s in water of 50 C in the case that free chlorides is less than
2.5 mass% of cement as shown in the following equation[11]. The correlation factor is 0.983.
Csol=2.07×Cfree0.55

(13)

Csol：suluble chloride，Cfree：free chloride (mass% of cement)
However, as for chloride penetration from deicing agents, the combined effect under
freeze-thaw environment should be considered, and the chloride ion binding is not clear. The
purpose of this study is to investigate chloride ion binding behavior of deicing chlorides under
freeze-thaw environment in cement hardened matrix.
4.5.2

EXPERIMENTAL PROCEDURES

4.5.2.1 Specimens
Ordinary Portland cement (density: 3.16g/cm3, specific surface: 3320cm2/g) was used
for casting cement paste prisms. The mix proportion of the cement paste was W/C of 0.5
with/out air-entraining (AE) agent. AE agent based on a natural resinate was added 0.04
mass% of cement. Cement paste prism, the dimensions of which were 40mm×40mm×160mm
was casted according to JIS R 5201 and was demolded after 24 hours from casting and water
cured in 20 C until age of 28 days. Test specimens, of which sizes are 30mm×70mm×5mm,
were cut out of the central parts of cement paste prisms to eliminate influence of segregation.
4.5.2.2 Freeze-thaw cycles
Temperature history of freeze-thaw cycles (FTC) as shown in Fig.32 was applied until
100 cycles. The test pieces with FTC (abbreviated as FT) were prepared with absorbing
treatment that deionized water, 3 mass% NaCl or CaCl2 solution (abbreviated as D, N or C)
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was fully absorbed into the test specimen in vacuum before starting FTC and at every 5 cycles.
The test pieces without FTC (abbreviated as nFT) were also prepared with the same absorbing
treatment at every 1 week for reference. The temperature of the specimen was monitored on
its opposite surfaces with thermocouples. Strain of the specimen was measured during FTC
on the top and bottom surfaces by strain gauges with temperature compensation where strain
of a Quartz sample was measured simultaneously.
4.5.2.3 Measurement items
Hydration was stopped after curing and at specific times in the freeze-thaw cycles by
quenching the samples in acetone for 1 day followed by drying under vacuum. Samples were
ground to less than 105µm and submitted to analysis.
Total chloride (Ctotal) and dissolved chloride (Csol) were measured according to JIS A
1154, method of test for chloride ion content in hardend concrete. Unit of chloride content in
this repot is indicated in kg/m3. Margin between Ctotal and Csol was defined as fixed chloride
Cfixed.
The samples were crushed into fine powder less than 105µm. Thermogravimetric
analysis of the samples was performed at 10°C/min under nitrogen from 40°C to 1000°C. In
this analysis, Portlandite (Ca(OH)2) contents were determined by weight loss between 405 to
515 °C.
The XRD peaks of ettringite, monosulfate, Kuzel’s salt and Friedel’s salt were observed.
Measurement condition of XRD is scanning speed of 2°/min, step width is 0.02°, especially
the peak of 9.1° for ettringite, 9.9° for monosulfate, 10.4° for Kuzel’s salt and 11.3° for
Friedel’s salt were observed respectively.
Temp.
20℃
-10℃/h
-20℃

4h
1hour

+10℃/h

4h
5h

4h
9h

13h
Time

Fig. 32: Temperature history of freeze-thaw cycles.

4.5.3

RESULTS AND DISCUSSION

The relationship between freeze-thaw cycles and chloride content in test pieces with/out
AE agent is shown in Fig. 33. The influences of freeze-thaw cycles, deicing agents and
addition of AE agent are investigated.
4.5.3.1 Influence of freeze-thaw cycles
Influence of freeze-thaw cycles on chloride binding behavior is shown in Fig. 33 and 34
with comparison between FT and nFT. In the case of FT, dissolved chloride (Csol) was
increased and Cfixed, margin between total chloride (Ctotal) and Csol, was not increased after
50cycles, which is indicating a trend that freezing of pore solution prevented the movement of
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chloride ion. Since the prevention of chloride ion movement tended not to occur in the case of
nFT due to no freezing period of pore solution, Csol was not inceased and Cfixed was increased.
XRD peaks are shown in Fig. 35 and 36 (E: Ettringite, F: Friedel’s salt, K: Kuzel’s salt).
Friedel’s salt and Kuzel’s salt had tendency to coexist at 50cycles in FT. Kuzel’s salt is shown
in chemical formula of 3CaO･Al2O3･1/2CaSO4･1/2CaCl2･10H2O and Friedel’s salt is shown
in chemical formula of 3CaO･Al2O3･CaCl2･10H2O; that is, the contribution to fixind chloride
of Friedel’s salt is larger than Kuzel’s salt. Therefore, the stagnation of chloride binding
occured in FT. Additionally, Ettringite formation was found at 50 cycles in FT. The
stagnation of chloride binding in freeze-thaw environment can be also explained by
thermodynamics stability of ettringite and the transition of monosulfate phase.
However, it should be investigated that ratio of hydration products contributing to
binding chloride depends on chloride concentration in pore solution and chloride
concentration changes due to freezeing of pore solution.
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Fig. 33: The relationship between freeze-thaw cycles and chloride content without AE.
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Fig. 34: The relationship between freeze-thaw cycles and chloride content with AE.
4.5.3.2 Influence of types of deicing agents
Influence of different deicing agents on chloride binding behavior is shown in Fig. 33
and 34 with comparison between N (NaCl) and C (CaCl2). Cfixed was increased and stagnation
of chloride binding did not occur after 50 cycles in the cases of using CaCl2 or nFT. Though
increase of Ctotal and Csol are faster in the case of using CaCl2 than NaCl, chloride binding was
retarded in the case of using CaCl2 compared to using NaCl, which also means that using
NaCl as a deicing agent accelerates the chloride ion bindings. NaCl of deicing agents might
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react with and consume Ca(OH)2 to form CaCl2. CaCl2 from this reaction and possibly react
with C3A in un-reacted cement to fix the chlorides in the early stage of freeze-thaw cycles.
Residual strain at the end of 5, 10 and 20 cycles is shown in Fig. 37 as crack initiation
disturbed the measurement of strain during FTC after 20 cycles. Though deicing agents (N
and C) reduced strain and could inhibit crack initiation until 10 cycles, strain of N was great at
20 cycles. Frost damage acceleration by NaCl is reported on cracks and scaling of concrete
surface. Crack initiation increases specific surface, which could lead to larger capacity of
chloride adsorption and accelerate the chloride binding.
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Fig. 35: XRD peaks of with/out AE.
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Fig. 36: XRD peaks of with/out AE.
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Fig. 37: Residual strain during freeze-thaw cycles.
4.5.3.3 Influence of addition of AE agent
Influence of addition of AE agent on chloride binding behavior under freeze-thaw
environment is shown in comparison between Fig. 34 and 35. Ctotal and Csol were reduced in
the case with AE agent in the case of using NaCl as shown in a) and b). Conversely, Ctotal and
Csol were not reduced in the case of using CaCl2 as shown in c) and d). Chloride binding
behavior has been changed due to entraining finer voids by effect of addition of AE agent
against frost damage, i.e., retardation of freezing pore solution, increase of specific surface
and absorbed water containing chlorides affected increase of fixed chlorides. On the other
hand, reduction of crack initiation by result of deicing effect by adding AE agent possibly
delays binding chlorides. Influence of addition of AE agent has physicochemical combined
effect on chloride binding behavior.
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4.5.3.4 Chloride ion binding behaviour under freeze-thaw environment
As mentioned above, binding chloride is accelerated or retarded by freeze-thaw cycles,
types of deicing agent and addition of AE agent. Here, relationships between dissolved
chloride and fixed or total chloride were considered for investigating chloride binding
capacity under freeze-thaw environment. Fig. 38 shows relationships between dissolved
chloride and fixed or total chloride obtained above. The following equations were obtained
and formulated by power approximation.
Chloride binding capacity could be modeled by dissolved chloride, which should be
investigated on free chloride with high pressure extraction under freeze-thaw environment.
Variation in results of chloride ion content analysis with increasing of freeze-thaw cycles and
crack initiation needs to be clarified for further investigation of chloride binding behavior
under freeze-thaw environment.
Fixed and Total chloride (kg/m3)
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Total chloride

2.5
2.0
1.5
1.0
0.5
0.0
0.0

0.5
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Fig. 38: Relationship between dissolved chloride and fixed or total chloride.
Cfixed=0.597×Csol0.804

(14)

Ctotal=1.640×Csol0.890

(15)

4.5.4

CONCLUSION

The following conclusions were drawn:
(1) Chloride binding was retarded under freeze-thaw environment. Hydraion products and
transition of monosulfate phase were affected with/out freezing priod.
(2) Chloride binding was retarded in the case of using CaCl2 compared to using NaCl, which
also means that NaCl of deicing agents accelerated binding chlorides than CaCl2
(3) Chloride binding behavior could be changed by effect of addition of AE agent that is
entraining finer air voids agent against frost damage.
(4) Relationship between soluble, fixed and total chlorides under freeze-thaw environment,
which is important issue on combined deterioration of chloride attack and frost damage,
were obtained.
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4.6

Modeling of Tensile Behavior of Mortar Immersed in Solutions
Including Chloride Ions

ABSTRACT
In this study, meso-scale mortar specimens were immerged in NaCl and CaCl2
solutions for 180 days and then three-point bending tests of the specimens and chemical
analyses were conducted so as to determine tensile softening curves from load-displacement
curves using a back analysis and to clarify how the amount of hydrate affects tensile
characteristics. Consequently, it was found that the elastic modulus and the tensile strength
decreased as the amount of hydrates CH and C-S-H decreased. Besides, based on the
experimental results, the model formula of elastic modulus, tensile strength, fracture energy
and tensile softening curve that can consider the amount of hydrate change were proposed.
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4.6.1

INTRODUCTION

In concrete structures exposed to freshwater, Calcium leaching would cause reduction
of the hardness of hydrated cement [1, 2]. Leaching is a relatively slow phenomenon that may
reduce the durability of marine structures and radioactive waste treatment plants [3, 4]. In
snowy cold region, de-icing agents containing NaCl and CaCl2 would accelerate the
deterioration caused by leaching [5]. In particular, CaCl2 would damage concrete through
expansion failure, following the formation of a double salt layer [6-9]. In addition, chloride
ions accelerate freezing and thawing deterioration [6, 7, 9], and as a result mass transfer
resistance and the mechanical characteristics of concrete are changed. Therefore, the
mechanisms of leaching and of freezing and thawing deterioration in the presence of chloride
ions should be clarified.
In this study, using meso-scale specimens with the height of 5mm [10], the
relationships between chemical composite and tensile behavior, such as elastic modulus,
tensile strength, fracture energy and tensile softening curve, are clarified. Besides, the model
formulas of tensile characteristics which can consider that hydrates change with time are
proposed.
4.6.2

EXPERIMENTAL OVERVIEW

In this study, the concentration of CH and C-S-H in the specimens was reduced
continuously so as to evaluate the relationships between the amount of hydrate and the tensile
characteristics with time. Soaking periods of 0, 30, 60, 90 and 180 days were applied, and ten
specimens were tested in each soaking period in order to improve the reliability of the results.
4.6.2.1 Specimens conditions
The specimens were made from ordinary Portland cement. Fine aggregates whose
maximum size was 1.7 mm were used. Water-to-cement ratio was set to 50%. The ratio of
water, cement, and fine aggregates was 1: 2: 6.
Firstly, in this experiment, mortar prisms with a height of 40 mm, a width of 40 mm and a
length of 160 mm had been casted and cured in water for 60 days. After curing, meso-scale
specimens with 5 mm height, 30 mm width, and 70 mm length were cut from the mortar
prisms. Actual size of specimens was within the range of ±0.5 mm of the target one.
4.6.2.2 Experimental conditions
Immersion solutions made from powdery NaCl or CaCl2 and ion-exchanged water so
as to be solution with a chloride ion concentration of 20g/l. Ten specimens were hanged with
corrosive-resistant strings were placed in a 15l poly container filled with the solution, as
shown in Photo 1. The containers with the specimens were maintained at 20oC in a
temperature-controlled room. The immersion solution in each container was replaced with
fresh solution every 30 days.
4.6.2.3 Bending test
After the immersion test, the specimens were dried in a desiccator for 24 hours, and
then bending tests were conducted. The LVDT sensors were located at the center of the span
and at the supporting points of the specimens, as shown in Photo 2. The loading speed was set
to 1 μm/sec.
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Photo 1: Immersion condition
Bending test condition

Photo 1:

4.6.2.4 Chemical analysis
The amount of CH was determined by the thermo gravimetric and differential thermal
analysis (TG-DTA), and the amount of C-S-H was determined according to an analysis using
heavy liquid and salicylic acid/methanol. The amount of CH and C-S-H in the specimens was
measured during each soaking period. In addition, 4 specimens were randomly selected
among ten specimen tested and pulverized in a ball mill to powder with the grain diameter of
0.04 mm.
4.6.2.5 Determination of tension softening curves
With JCI-S-001-2003 [11], a multilinear approximation technique was used to
transform the load displacement curves into tension softening curves. In the back analysis, the
tensile strength was also determined, and the fracture energy was calculated from the area
enclosed by the tension-softening curve and the x-axis.
4.6.3

RESULTS AND DISCUSSIONS

4.6.3.1 Chemical composition change
The relationships between the change of CH and C-S-H in specimens immersed in
NaCl and CaCl2 solutions and the duration of the soaking periods are shown in Figs. 1 and
2.The weight percentage of CH decreases incrementally as the duration of the soaking period
and the weight percentage of CH becomes almost zero after 90 days. In the case of specimens
immersed in NaCl solution, the weight percentage of C-S-H does not change for the first 30
days. After that, it is gradually decreased and then, after 180 days, the C-S-H concentration
becomes approximately 37% of the initial one. On the other hand, in the case of mortar
immersed in CaCl2 solution, the weight percentage of C-S-H does not change remarkably in
this experimental condition.
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Figure 1: The change of CH and C-S-H in
specimen immersed in NaCl solution

Figure 2: The change of CH and C-S-H in
specimen immersed in CaCl2 solution

4.6.3.2 Stress displacement curve and elastic modulus
The average of flexural stress and displacement curves of the specimens immersed in
NaCl and CaCl2 solutions with time are shown in Figs. 3 and 4, respectively. The flexural
stress was calculated as follows;



3PL
2bh 2

(1)

where P is the applied load (N), L is the span length (50 mm), b is the width (30±0.5
mm) and h is the height (5±0.5 mm)
Figure 5 shows the relationships between elastic modulus and the duration of the
soaking periods. As shown in Figs. 3 and 5, in the case of mortar immersed in NaCl solution,
flexural strength and elastic modulus decrease as soaking period becomes longer. After 180
days, the average value of elastic modulus becomes approximately 38% of the initial one. In
the case of specimens immersed in CaCl2 solutions, flexural strength and elastic modulus
tended to decrease until 60 days as the case of NaCl. At 90 days, the flexural strength and
elastic modulus slightly increase and, at 180 days, decreases again. When taking particular
note of softening zone of stress and displacement curves shown in Figs. 3 and 4, in the case of
mortar immersed in NaCl solution, the softening gradient just after the peak stress does not
change despite soaking periods while, in the case of specimens immersed in CaCl2 solution,
the gradient becomes more gentle with time.

Figure 3: The change of
stress and displacement
curves of mortar immersed
in NaCl solution with time

Figure 4: The change of
stress and displacement
curves of mortar immersed
in CaCl2 solution with time
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Figure 5: The change of
elastic modulus of mortar
immersed in each solution
with time
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4.6.3.3 Tensile characteristics
Figures 6 and 7 show the change of the average of tensile softening curves, while Figs.
8 and 9 show the relationships between the change of tensile strength and the soaking period
and the fracture energy and the the soaking periods, respectively. The fracture energy was
calculated from the area enclosed by the tension-softening curve and the x-axis.
As shown in Fig. 6, it can be found in the case of specimens submerged in NaCl
solution that tensile stress when crack width is greater than 0.03 mm is almost the same for
different periods. However, in the case of mortar immersed in CaCl2 solution shown in Fig. 7,
it can be clearly confirmed that the tensile stress becomes greater with time. As shown in Fig.
8, tensile strength tended to decrease along with time and converged with a certain value in
the case of mortar immersed in each solution. As shown in Fig. 9, it appears there is no
relationship between the fracture energy and the soaking period in each case.

Figure 6: The change of tensile softening
curves of mortar immersed in NaCl solution
with time

Figure 8: The change of fracture
energy of mortar immersed in NaCl
solution with time

Figure 7: The change of tensile softening
curves of mortar immersed in CaCl2
solution with time

Figure 9: The change of fracture
energy of mortar immersed in CaCl2
solution with time

4.6.3.4 Tensile characteristics and amount of hydrate change
Figures 10 and 11 show the relationships between the tensile characteristics, tensile
strength, Elastic modulus, and fracture energy normalized by initial one and reduction rate of
hydrate to initial amount of hydrate. In the case of the specimens immersed in NaCl solution,
elastic modulus and tensile strength decreased along with the reduction of the amount of CH
and C-S-H, as shown in Figs.10(a), 10(b), 11(a) and , 11(b). As shown in Figs.10(c) and 11(c),
fracture energy does not show strong connectivity with the reduction of CH and C-S-H.
In the case of the mortar specimens submerged in CaCl2 solution shown in Figs.10(a),
10(b), 11(a) and 11(b), it can be said that elastic modulus and tensile strength decreased along
with the reduction of the amount of CH and C-S-H as the case of NaCl solution. However, as
shown in Fig.10(c), fracture energy tended to increase as the reduction of CH increased. There
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is a remarkable variation for a given reduction rate of C-S-H shown in Fig.11(c).
4.6.4

MODELING

In the experiment, the change of tensile behavior influenced by the chloride ion was
determined. Then, the model formulas of elastic modulus, tensile strength and fracture energy
which can take into consideration the amount of hydrates are proposed based on the
experimental results.
It is well-known that strength decreases along with increasing of porosity size.
Therefore elastic modulus and fracture energy can be also related to its strength. In this paper,
elastic modulus, tensile strength and fracture energy are approximated by the following
equations because the reduction rate of hydrate might be related strongly to the porosity
change.
With

(a) Elastic modulus

(b) Tensile strength

(c) Fracture energy

Figure 10: The relationships between the reduction of CH and tensile behavior

(a) Elastic modulus

(b) Tensile strength

(c) Fracture energy

Figure 11: The relationships between the reduction of C-S-H and tensile behavior

this understanding, the coefficient values α, β and γ were determined from regression analyses
with experimental results. Specifically, according to previous studies [7], products generated
in a specimen immersed in NaCl solution do not affect mechanical behavior while products
generated in CaCl2 solution might affect. In this modeling, therefore, α and β were firstly
determined from experimental results of the specimens immersed in NaCl solution. And then
γ, which considers the influence of products to mechanical characteristics, was determined
from experimental results of the specimens immersed in CaCl2 solution. In the regression
analysis for γ, the determined α and β values were adapted.
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where E, E0 are elastic modulus and initial one, ft, ft0 are tensile strength and initial one,
Gf, Gf0 are fracture energy and initial one, ΔCH is the reduction of CH, CH0 is the amount of
CH before immersion, ΔCSH is the reduction of C-S-H, CSH0 is the amount of C-S-H before
immersion, αE, αft, and αGf are the coefficient factors of which ΔCH/CH0 influences each
tensile behavior, βE, βft, and βGf are the coefficient factors of which ΔCSH/CSH0 influences
each tensile behavior, γαE, γαft and γαGf are the coefficient factors of which product made of CH
influences tensile behavior, γβE, γβft and γβGf are the coefficient factors of which product made
of C-S-H influences tensile behavior, respectively.
Table 1 shows the coefficient value and determination coefficient |r2|. The coefficient
values α, β and γ of tensile characteristics differ from different solutions.
Table 1: Coefficient values

In this study, the prediction equation for softening curves proposed by Hordijk [12] is
used.
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ft

where ft is tensile strength, σ is tensile stress, wc is maximum crack width, w is crack width, c1,
c2 are constant values (c1=3, c2=6.93).
Figures 12 and 13 show the comparisons of experimental tensile softening curves and
the predicted one calculated by the equations (4) to (7). The proposed equations can predict
the tensile behavior appropriately.

(a) before immersion

(b) after 90 days

(c) after 180days

Figure 12: The verification of tensile softening curves calculated by model equation in case
of mortar immersed in NaCl solution
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(a) after 90 days

(b) after 180days

Figure.13: The verification of tensile softening curves calculated by model equation in case
of mortar immersed in CaCl2 solution

4.6.5






CONCLUSIONS

The changes of elastic modulus, tensile strength, fracture energy and tensile softening
curves along with the change of the amount of CH and C-S-H in meso-scale specimens
immersed in solutions including chloride ions were clarified. Elastic modulus and
tensile strength tended to decrease linearly along with the reduction of hydrate.
The model formulas of elastic modulus, tensile strength and fracture energy which can
consider the change of the amount of hydrate were proposed.
With the model formula of tensile strength and fracture energy, tensile softening
behaviour of the deteriorated mortar immersed in solutions including chloride ions was
predicted with reasonable accuracy.
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CHAPTER 5 DURABILITY DESIGN CONSIDERING
DETERIORATION UNDER COMBINED EFFECTS

和文概要
本章では以下の 5 項目について検討した．すなわち，(5.1)複合劣化によるコンクリート中の塩分
浸透，(5.2)複合劣化作用を考慮した鉄筋コンクリート構造物の耐久性，(5.3)鋼材腐食に対する複
数イオン移動モデルによる耐久性設計，(5.4)劣化したコンクリートの力学特性およびひび割れ性
状, (5.5)気象作用を受けるコンクリートの水分状態の評価および中性化の予測，のそれぞれについ
て本研究課題により得られた新たな知見を以下に示す．

5.1 コンクリート構造物の寿命予測に関して，構築すべき塩分浸透モデルは物理化学的な相互作
用を伴うことから非常に複雑である．複数の現象を考慮した塩分浸透モデルの構築が必要で
ある．しかしながら，実用上は塩分の拡散現象のみが考慮されている場合が多い．これは，
実際に供用されるコンクリート構造物が海洋環境に浸漬されるような一定の環境作用に暴露
されていると考えられるからである．これに対して，Fick の第二法則が適用されている場合
が多い．Fick の第二法則を用いて寿命予測を行う場合，見掛けの拡散係数を算出することに
なるが，この拡散係数は定数ではなく，時間および塩分固定化特性に依存することが現在知
られている．また，構造物にひび割れが存在する場合，塩分浸透に及ぼす影響は非常に大き
い．以上の背景より，コンクリートへの塩分浸透に関して，ひび割れの存在が及ぼす影響を
定量的に考慮した塩分浸透モデルを構築し，より正確な寿命予測を可能にすることを目的と
した．その結果，外力条件およびひび割れ性状を考慮した見掛けの拡散係数の算定式を提案
することができた．
5.2 コンクリートおよび鉄筋コンクリートの耐久性試験においては一般的に単一の要因(例えば，
中性化，塩化物イオンの浸透，硫酸あるいは凍害劣化)に着目した検討がなされている．しか
しながら，実際にはこれらの劣化現象が複合的に影響を及ぼすことになる．これまでに，実
際の現象を忠実に理解するために，種々のあらゆる環境作用の条件下で検討を行ってきた．
ここで，予め凍害劣化を発生させた後に中性化および塩分浸透実験を行い，さらに，載荷と
環境作用の複合作用にについて検討した．これにより，温度作用は新たに微細ひび割れを形
成し，劣化要因物質の浸透(中性化および塩分浸透速度)の促進要因となることを明らかとした．
載荷条件も微細ひび割れを新たに形成し，中性化および塩分浸透速度を加速させる可能性を
示した．一方で，比較的緩やかな圧縮載荷条件下では，微細ひび割れは閉塞し，上記の劣化
速度は低減することがわかった．しかしながら，ある一定以上の圧縮載荷条件下では，同様
に中性化および塩分浸透速度は増加した．このことから，複数の外力あるいは環境作用の影
響を考慮して寿命を予測することが必要であると言える．
5.3 セメント硬化体における数値解析的イオン移動モデル(SiTraM)を構築した．SiTraM は 3 つの
モデルから構成されている．すなわち，塩分浸透モデル，固相のカルシウム残存モデル，お
よびアルカリイオンの溶出モデルである．この時，硬化体が暴露される環境により想定され
る現象を考慮することに成功している．特に， Cl-, Ca2+, OH-, SO42-, K+, and Na+ の移動に
ついて考慮している．ここでは，腐食発生限界塩分濃度に対する[Cl-]/[OH-]に着目した．この
値は腐食の発生に対する耐久性設計の閾値となり得るとともに，種々の配合のコンクリート
への適用性を示すことができる．
5.4 実環境における複合劣化には様々な組み合わせがある。例えば凍結融解作用や疲労により，
力学特性が低下するとともに物質透過抵抗性も低下し，中性化や塩化物イオンが浸透しやす
くなり鉄筋の腐食が加速する。これらの劣化作用により，コンクリートには微細なひび割れ
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が発生しており，微細ひび割れは力学特性や物質透過抵抗性に大きく影響を与えていると考
えられる。ここでは，コンクリートに発生した微細ひび割れに着目し，コンクリートの劣化
程度を定量評価する観点から，凍結融解作用や繰り返し載荷を受けたコンクリートの力学特
性との関係について実験的検討を行った。
繰り返し載荷したコンクリートでは，載荷の繰り返しで，力学特性が低下し，水セメント比
にかかわらず，ひび割れ密度の増加に伴い初回載荷時を１とした静弾性係数比は低下し直線
関係を示した。凍結融解作用を受けたコンクリートでは，相対動弾性係数の低下に伴いひび
割れ密度が増加した。また，ひび割れ密度の増加に伴い，初回載荷時を１とした静弾性係数
比は低下し直線関係を示した。いずれの要因においても，微細ひび割れ密度と静弾性係数の
低下には直線関係が認められた。このことから，微細ひび割れの観察によりコンクリート構
造物の劣化程度を知ることできると考えられる。
しかしながら，凍結融解，繰り返し載荷と要因の異なる微細ひび割れとコンクリートの劣化
程度の関係を比較すると差異が認められた。微細ひび割れの観察は劣化程度を知るには有効
な手法と考えられるが，劣化要因にかかわらず劣化程度を知る手法として活用していくため
には，ひび割れの長さ，幅等に着目し検討を進めることが必要と考えられる。
5.5 コンクリートの劣化の進行には、水分状態が大きく影響する。フィールドでの実測結果から、
水平面と垂直面ではコンクリート内部の温湿度に違いがあることが明らかとなった。コンク
リートの温湿度推定には、対象とする部材の状態を考慮することが重要であるといえる。こ
れらの温湿度測定結果は、数値解析により大略再現された。
また、コンクリート内部の温湿度変動を考慮した中性化深さの計算も行われた。さらに、
既往の実験結果に基づいて、コンクリートの損傷レベルを考慮した中性化進行を予測する新
しい手法が提案された。
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CHAPTER SUMMARY
The following five reports have been submitted by members of the JST working group on
“life cycle prediction and management of concrete structures”, and they have been grouped together
in chapter 5, “Durability Design Considering Deterioration Under Combined Effects”.
5.1. Chloride Ion Ingression into Concrete Governed By Combined Mechanism
By STITMANNAITHUM Boonchai, Chulalongkorn University, Thailand
5.2. Durability of Reinforced Concrete Structures Exposed to Combined Actions
By WITTMANN Folker H., Qingdao Technological University, Qingdao, China
5.3. Durability Design with Simultaneous Ion Transport Model for Corrosion of Rebar in Concrete
By SUGIYAMA Takafumi, Hokkaido University, Japan
5.4. Mechanical Properties and Micro Crack Observation of Deteriorated Concrete
By TANIGUCHI Madoka, IBA Chiemi and Katsura Osamu, Hokkaido Northern Regional Building
Research Institute, Japan
5.5. Estimation of Humidity and Prediction of Carbonation Depth in Concrete under Climatic
Condition
By IBA Chiemi, TANIGUCHI Madoka, and Katsura Osamu, Hokkaido Northern Regional Building
Research Institute, Japan
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Durability of concrete and reinforced concrete is most often tested under one dominant deteriorating
mechanism such as carbonation, chloride penetration, sulphate resistance or frost resistance. In reality,
however, reinforced concrete structures are exposed to a wide variety of combined actions. By now it has
been shown that synergetic effects of individual actions aggravate damage and deterioration of the
composite material. As a consequence one major task of durability studies now is to identify most severe
load combinations. Service life prediction will only become realistic when load combinations are taken into
consideration.
In the first contribution of this chapter (5.1), to obtain an accurate service life prediction, the effects of
cracks was taken into account into consideration in modeling the ingress of chloride into concrete. Service
life prediction that involves modeling the rate of chloride ingress is very complicated due to a complex
interaction of physical and chemical process involved in the mechanism of penetration of chloride into
concrete. The ingress of chloride into concrete in fact might be governed by a combination of several
mechanisms. Nevertheless, for most practical cases, diffusion is usually assumed to be the governing
transport mechanism. This is particularly the case for concretes that are exposed to relatively constant
environmental loads, such as submerged zone. At present, the best model available for transport mechanism
of chloride by diffusion is derived from Fick’s second law of diffusion, which is influenced by the presence
of crack in concrete. For the determination of diffusion coefficient based on Fick’s second law, several
input parameters are required, these parameters are cover thickness, corrosion threshold level and surface
chloride concentration.
As a result, in order to increase the reliability of prediction, the models of service life prediction which are
being applied should be updated, specifically the chloride diffusion coefficient (D) following the equation
when the concrete structures obtained micro-cracks by loading or visible cracks. From the requirement of
the service life level, the load capacity can be predicted and be controlled to avoid over load or crack
threshold value.
In the second contribution of this chapter (5.2), a list of different actions, which may act alone or in
combination is shown and discussed. Most of the deteriorating processes can act alone or in combination
with one or several other processes. It is obvious that there exists a huge number of possible load
combinations. Here a selection of load combinations has been done on the basis of what is believed to be
most important and frequently observed in practice. Then results of test series to study durability under
selected load combinations are presented and discussed. Special emphasis is placed on the influence of
prior frost action on carbonation and chloride penetration. In addition combinations of mechanical load and
environmental actions will be considered.
Frost action just as any other thermal action creates new micro-cracks in the composite structure of
concrete. These micro-cracks serve as additional pathways for deteriorating compounds. It has been shown
that carbonation as well as chloride penetration is accelerated by prior frost action.
Mechanical load also creates micro-cracks in the composite structure of concrete. Under direct tension the
rate of carbonation and the rate of penetration of chloride into the pore space of concrete are accelerated
significantly. That means durability and service life are reduced. A moderate compressive load closes some
existing micro-cracks and as a consequence the rate of carbonation and the rate of penetration of chloride
are reduced. If, however, the compressive stress acting on a structural element is higher than half of the
ultimate stress bearing capacity formation of new micro-cracks over-compensates the closure of existing
micro-cracks. Hence the rate of carbonation and the rate of chloride penetration is increased. If results of
standard test methods are used for the prediction of service life, results may be misleading. The influence of
combined actions has to be taken into consideration instead.
From the results presented in this contribution it can be concluded that service life prediction as based on
individual actions is by no means conservative. The influence of some load combinations can be taken into
consideration right away; for other load combinations further research is needed.
The third contribution of this chapter (5.3) investigated the Simultaneous ions Transport Model
(SiTraM) for calculating the ions transport through the hydrated cement system. For the deterioration
phenomena of concrete structures, the transport of ions in the hydrated cement system has become a crucial
reason. However, the degradation of hydrated cement system is not limited only from the chloride ion
ingress. The leaching of calcium ion from the hydrated cement system is considered as a primary concern
for the degradation of the concrete structure in long term of service. This degradation is composed of the
loss of strength of material due to pore structure alteration and the liberation of particular ion or element
inside the structure. This issue has to be taken into consideration especially for the design of high-level
radioactive waste disposal facility.
The SiTraM composes of three separated part of model allowing, for example the calculation of chloride
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penetration, remaining of calcium in solid phase and the leaching amounts of alkali ions. The transport of
ions through hydrated cement system has been considered to be involved in several phenomena with
regards to the external environment in which the hydrated cement system is existed. In general, the ions
that mainly affect the performance of the hydrated cement system are Cl-, Ca2+, OH-, SO42-, K+, and Na+
(See Fig.1). Each ion may have an influence on the transport of another ion on an electrochemical basis.
In this contribution, Threshold chloride concentration was studied using the simultaneous ion transport
model (SiTraM). It appeared that the corrosion threshold criteria of [Cl-]/[OH-] was appropriately
calculated. This calculated corrosion threshold criteria can be applied to conduct durability design for the
corrosion of reinforcement in concrete due to chloride ingress. It is expected that varied types of mix
proportions of concrete will be covered to determine the initiation period of the concrete structure.
The Fourth contribution of this chapter (5.4) focused on the mechanical characters of concrete
deterioration by freeze and thaw or fatigue loading. It is well known that permeability of concrete is
increased by freeze-thaw or fatigue loading. Thereby, chloride ion and carbon dioxide permeate easily and
corrosion is accelerated. By freeze-thaw or fatigue loading, in concrete micro cracks have occurred. It is
thought that the micro cracks of concrete influence its permeability and mechanical properties. In this
section, the relation between the mechanical properties and micro cracks in concrete deteriorated by freezethaw or fatigue loading were investigated experimentally. And to evaluate the damage level, the relation
between a crack density and mechanical properties were obtained.
In each experiment, change of mechanical properties by loading or freeze-thaw, micro crack observation
and theirs relation were investigated. Crack density and ratio of modulus of elasticity had a linear relation,
irrespective of water to cement ratio. It is thought that crack density can express the change of mechanical
characteristics caused by either loading or freeze and thaw. However, the obtained relation between micro
cracks and mechanical properties by loading is different from freeze thaw. The result of the loading, the
ratio of modulus of elasticity decrease rapidly. Specimens which reached ultimate strength had wide cracks.
In this observation method we use, there are no information about crack wide and length.Therefore, we can
get the relation between the crack density and mechanical properties of concrete such as strength and
modulus of elasticity deteriorated by freeze thaw or loading. It was shown that it is possible to evaluate the
damage level by observation micro cracks in the concrete. However, the information on length and width of
micro cracks in the concrete is also effective in evaluation of the damage level of concrete in the various
situations. A future task is enabling it to take into consideration about these points.
The fifth contribution of this chapter (5.5) investigated the estimation method of humidity in concrete
under climatic conditions and to develop the prediction method of carbonation depth. It is well known that
moisture inside building materials significantly influences the durability of building structures and
envelopes. Also in concrete, moisture condition is an important factor to estimate progress of deteriorations
of concrete. High humidity accelerates ASR and salt attack. Frost damage of concrete is never observed
under dry condition. Carbonation of concrete is accelerated in the humidity range of 40 to 70%. Estimation
of humidity under climatic conditions is necessary to predict progress of deterioration, and it leads to
durable design of concrete structures and building envelopes.
In this contribution, temperature and humidity in concrete were measured in a field experiment and the
results were simulated by numerical analysis. The carbonation depth in concrete was calculated based on
both the meteorological data and the simulated data. Furthermore, the carbonation progress considering the
damage level was investigated based on the previous experimental results. Finally, the simulation method
was proposed about distribution of the temperature and relative humidity inside concrete. The prediction
technique of carbonation which considers the temperature and relative humidity condition inside concrete
and degradation level was proposed.
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5.1

Chloride Ion Ingression into Concrete Governed By Combined
Mechanism

ABSTRACT
Service life prediction that involves modelling the rate of chloride ingress is very complicated
due to a complex interaction of physical and chemical process involved in the mechanism of
penetration of chloride into concrete. The ingress of chloride into concrete in fact might be
governed by a combination of several mechanisms.
Nevertheless, for most practical cases, diffusion is usually assumed to be the governing
transport mechanism. This is particularly the case for concretes that are exposed to relatively
constant environmental loads, such as submerged zone. At present, the best model available
for transport mechanism of chloride by diffusion is derived from Fick’s second law of
diffusion.
The service life prediction based on Fick’s second law of diffusion involves a determination
of a chloride diffusion coefficient. Diffusion coefficient is not a constant value, recent studies
showed that this parameter is strongly time dependent, the chloride binding ability. This
investigation also showed that diffusion coefficient is influenced by the presence of crack in
concrete. It was reported that diffusion coefficient for the cracked part of a concrete was
always higher compared to that of the uncracked part.
To obtain an accurate service life prediction, all the aspects above, especially with effects of
cracks should be taken into account into consideration in modelling the ingress of chloride
into concrete. For the determination of diffusion coefficient based on Fick second law, several
input parameters are required, these parameters are cover thickness, corrosion threshold level
and surface chloride concentration.
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5.1.1

DEFINITION FOR SERVICE LIFE

Reinforcement corrosion in concrete is the predominant factor in the premature deterioration
of reinforced concrete structures, leading to ultimate structural failure. Failure does not
necessarily mean structural collapse, but also loss of serviceability characterized by concrete
cracking, spalling, and excessive deflection of structural members. The service life is defined
as the period between construction and the time to the first repair. This period may be
determined using a quantitative service life model to predict the time to cracking for a
particular element in a given environment. Many of these models adopt the corrosion of steel
in concrete has often been described simply as a two-stage process consisting of an initiation
period, ti, followed by a propagation period, tp, [1]. The design service life, td, is given by:

t d  ti  t p

(1)

Figure 59: Service life model proposed by Tuutti [1]

5.1.1.1 Initiation period
The initiation period, ti, defines the time it takes for chlorides to penetrate from the external
environment through the concrete cover and accumulate at the embedded steel in sufficient
quantity to destroy the protective passive layer on the steel, this stage is known as the
initiation period. The length of this period depends on the concrete quality, depth of cover, the
exposure conditions, and the threshold chloride concentration required to initiate corrosion.
5.1.1.2 Propagation Period
The second stage is started when steel is depassivated and continue to further development of
reinforcement corrosion which finally lead to concrete cover cracking and spalling which is
associated with severe corrosion damage; this stage is known as propagation period, tp. The
length of this period depends not only on the rate of the corrosion process, but also on the
definition of the maximum acceptable corrosion damage. This level of damage will vary
depending on the requirements of the owner and the nature of the structure. The corrosion rate
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will be influenced by a large number of factors including the nature of the embedded metal,
properties of the surrounding concrete and the composition of the pore solution within the
concrete, and the environmental conditions, exposed temperature and moisture.
Models have been developed to predict the corrosion rate and even the build of damage, but
few of these have been validated or calibrated with field data. In view of the complexity of the
corrosion process, a common approach has been to assign fixed values to the propagation
period based on empirical observations.
5.1.2

PROPER CONSIDERATION TO SERVICE LIFE DESIGN

Figure 60: Design of concrete structures to achieve performance for a planned service life
The required design factors to achieve performance for a planned service and the main
interactions are shown in Figure 60.
In general, the service life design should be an integral part of the structural design for the
given concrete structure. For a given environmental exposure, the durability analysis then
provides the basis for a proper combination of concrete quality and concrete cover. There are
several calculations for various combinations of possible concrete qualities and concrete
covers.
In the past, almost previous cases would be calculated for service life of concrete structure
with “the perfect concrete”, uncrack concrete, however, in the real the quality of the concrete
members has varied with time of the service life. Especially, the external service loads also
contribute to effects of concrete quality as well as service life of concrete structure. The
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results of unexpected loads are able to produce the cracks. Normally, these cracks have not yet
mentioned in the previous models of durability design. Almost all of previous model have
proposed the chloride causing corrosion, then producing cracking. However, a lack of these
models is the cracks ignored. These cracks create the free accesses for movement of chloride
ions into inner concrete. Because these cracks normally cross the reinforcement in the
concrete, therefore, an acceleration of chloride content at the depth of reinforcement takes
place. By the way, the chloride content at the surface of reinforcement easily reaches to the
chloride threshold value. That causes the reducing initiation period in service life of the
concrete structure, Figure 61.

Figure 61: The concepts of initiation and propagation periods in reinforced
concrete structure.

5.1.3

INPUT PARAMETERS FOR CALCULATING THE SERVICE LIFE

The diagram for calculating the service life of concrete can be shown below:
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Figure 62: The scheme of service life prediction

5.1.3.1 Model for chloride penetration
1D chloride diffusivity
Up to now, a simple approach to predicting the initiation period is to assume that ionic
diffusion is the sole mechanism of chloride transport and to solve Fick’s second law of
diffusion using an apparent chloride diffusion coefficient to characterize the concrete under
consideration. A further assumption made is that the concrete that is completely saturated.
Although there are relatively simple numerical solutions to Fick diffusion (for saturated
concrete), many workers have chosen to implement Fick’s law in a finite difference model to
better facilitate changes in concrete properties and exposure conditions in space and time.
The model predicts the initiation period assuming diffusion to be the dominant mechanism.
Fick’s second law is the governing differential equation:
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C
 2C
 D. 2
t
x

(46)

Where C = chloride content, D = apparent diffusion coefficient, x = depth (from the exposed
surface), and t = time.
An assuming that the concrete remains saturated and chloride ingress only occurs by ionic
diffusion is an oversimplification. Other models have been developed that account for
unsaturated conditions and the effects of convective transport [2; 3]. In tidal environment,
Mien et al [4] experienced and developed model for chloride ingress in concrete subjected to
wetting and drying cycles plenty oxygen supply. They suggested the governing equation
describing the chloride penetration in tidal environment following as:
Ct
 2Ct Ct
 2 h 1 Ct
h
 Da


w
D
wsat Dh
sat h
2
2
t
x
x  x
x


(47)

Where:
 is the chloride binding capacity of a cement
Dh  5 x1012 m / s 2
h: is the relative humidity (%)
wsat: represents liquid content (%).
2D Chloride diffusivity into cracked reinforced concrete
In modelling two-dimensional chloride diffusion, equation (2) will be modified to become a
given equation as follows:

  2 C  2C 
Ct
 Da  2  2 
t
y 
 x

(48)

The concept of the 2D chloride diffusivity into cracked reinforced concrete is plotted in
Figure 63. The initial and boundary conditions for the chloride penetration into cracked
reinforced concrete are applied as follow:
 Ct
  2C  2C 
D
x  0, t  0,



a 
2
 y 2 
 t
 x

L: crack depth
 C (0, 0  y  L , 0)  C s
 C ( x , y , 0)  0
x  0, y  0.
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0  Csy  Cs

Csy  Cs

Csx  Cs

Figure 63: The concept of the 2D surface content and diffusion coefficient of
chloride for cracked concrete

5.1.3.2 Diffusion coefficient
PC concrete:
The value of D28 is dependent on the water-cementitious material ratio (w/c) of the

concrete and a relationship between D28 and w/c was developed for the model using published
data (Figure 64), expressed by equation below:

Figure 64: Effects of W/C on Diffusion Coefficient
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D28  10( 12.06 2.4(W / C ))
(50)

Concrete using various cement types under loading (microcracks):
With using various cement types, Mien et al [5] were investigated the influence of D on
the load level, number of cyclic load under tidal environment. They suggested the equation
(7) describing the influence of that

Duncr  Di ,ref . f1 (T ). f 2 (t ). f 3 (h). f 4 ( SR) / 

(51)

Where:
U  1 1  
f1 (T )  exp     
 R  T0 T  

(52)

With T and To expressed in deg K (To = 296K), R is the gas constant [kJ/(mol.K)], and
U the activation energy of the diffusion process (KJ/mol).

 28 
f 2 (t )   
 t 

m

(53)

With t a time (days), “m” a constant that depends on the properties of the concrete
mixtures.
 (1  h) 4 
f3 (h)  1 
4 
 (1  hc ) 

1

(54)

With h is the relative humidity in the concrete, hc (hc=0.75 at 250C) is the humidity at
which the coefficient Di drops to halfway between the maximum and minimum values.
f 4 ( SR)  0.0985e7.71SR (Mien et al [4])

(55)

With SR is the load levels.
 is the chloride binding capacity of a cement [4].

  (1   )
  0.56  0.025C3 A

(56)
(57)

C3A is a hydration compound of the cement.
Cracked reinforced concrete
The chloride diffusion coefficient at crack location will be calculated by equation below:

Dacr  Dav 

Dcr  Dun eff

(58)

2

Where:
 Dcr (m 2 / s )  (2 x1011 ) w  4 x1010 , when 30 m  w  80 m

2
10
when w > 80 m
 Dcr (m / s )  14 x10 ,
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Dun eff  0.58L *1012  Duncr

(60)

5.1.3.3 Surface Concentration
The surface chloride concentration is the main driving force for chloride penetration. The
model selects the rate of chloride build up and the maximum surface concentration based on
the type of exposure (and structure) and the geographic location; the following exposure
conditions are included:
 Atmospheric zone
 Marine splash zone (defined as being in the tidal range or within 1 m of the high tide
level)
 Marine spray zone (defined as being more than 1 m above the high-tide level but
occasionally exposed to salt water spray)
 Submerged zone
5.1.3.4 Chloride threshold
There is a vast quantity of published data related to the chloride threshold in concrete. The
concept of having a single value below which no corrosion occurs and above which corrosion
is initiated is almost certainly not valid. However, the risk and rate of corrosion undoubtedly
increase as the chloride concentration in the pore solution in contact with the steel surface
increases. The actual relationship between corrosion and chloride content is likely to be
influenced by a whole range of parameters. They involve the type, composition and quantity
of Portland cement and other supplementary cementing materials, the moisture content and
temperature inside the concrete, the porosity and pore structure of the concrete, the nature
(composition) of the steel surface, and the presence of other species in the pore solution (e.g.
alkalis). At this time, there are no clearly defined relationships that can easily be incorporated
into a simple service life model.
The threshold levels for design purposes specified in various Codes are presented in Table
below.
Table 7 The chloride threshold level

Codes

Total Chloride Content (% wt. of cement)

BS 8110 (1985)

0.4

ACI 222 (1994)

0.2

AS 3600 (1994)

0.8 (kg/m3)

CEB-FIP

0.4

Values of 0.4 per cent to 1 per cent by weight of cement are most commonly used as
design values for service life prediction [6]. Moreover, the chloride threshold level will be
affected by the corrosion inhibitors and using the stainless steel.
5.1.3.5 Propagation period
The propagation period used is normally tp = 6 years. This value was selected based on the
studies of Weyers et al [7] who determined that the length of the period between corrosion
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initiation and cracking varied in the range from 3 to 7 years for bridge decks.
It is recognized that the rate of corrosion and, hence, the propagation period is a function of
many parameters such as temperature, moisture content and the quality of the concrete (e.g.
oxygen diffusivity and electrical resistively).
Furthermore, the use of epoxy-coated steel is a commonly used corrosion protection strategy.
Based on extrapolations from accelerated laboratory data, MacDonald et al. [8] predicted that
epoxy-coated top bars might be expected to extend the estimated time to corrosion from
between 12 to 19 years. Consequently, the propagation period is extended to tp  20 years
when epoxy-coated reinforcement.
5.1.3.6 Temperature
The model determines yearly temperature profiles based on the user’s input for
geographical location using a database compiled from meteorological data.
5.1.4

SOLUTION PROCEDURE

A computer program uses a finite difference implementation of Fick's Second Law, the
general advection-dispersion equation. Implicit in the model are the following assumptions:
 The material under consideration is homogeneous (e.g. no surface effects).
 The surface concentration is constant around the concrete member at any given
time.
 The properties of the elements are constant during each time step, calculated at the
start of each time step.
 The diffusion constant is uniform over the depth of the element.
5.1.5

CONCLUSION

As a result, in order to increase the reliability of prediction, recommend the models of
service life prediction, which are being applied, should be updated, specifically the chloride
diffusion coefficient (D), following the equation (7) or (14) when the concrete structures
obtained micro-cracks by loading or visible cracks.
From the requirement of the service life level, the load capacity can be predicted and be
controlled to avoid over load or crack threshold value.
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5.2

Durability of Reinforced Concrete Structures Exposed to Combined
Actions

ABSTRACT
Durability of concrete and reinforced concrete is most often tested under one dominant
deteriorating mechanism such as carbonation, chloride penetration, sulphate resistance or frost
resistance. In reality, however, reinforced concrete structures are exposed to a wide variety of
combined actions. By now it has been shown that synergetic effects of individual actions
aggravate damage and deterioration of the composite material. As a consequence one major
task of durability studies now is to identify most severe load combinations. Service life
prediction will only become realistic when load combinations are taken into consideration. In
this contribution first of all a list of different actions, which may act alone or in combination
is shown and discussed. Then results of test series to study durability under selected load
combinations are presented and discussed. Special emphasis is placed on the influence of
prior frost action on carbonation and chloride penetration. In addition combinations of
mechanical load and environmental actions will be considered. From the results presented in
this contribution it can be concluded that service life prediction as based on individual actions
is by no means conservative. The influence of some load combinations can be taken into
consideration right away; for other load combinations further research is needed.
Keywords: Durability; Reinforced concrete; Deteriorating mechanisms; Service life;
Combined actions.
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5.2.1

INTRODUCTION

By now a number of approaches to predict service life of reinforced concrete structures in
aggressive environment have been published (see for instance [1-6]). Methods for service life
design of reinforced concrete structures are applied in particular for important constructions
such as wide span bridges or tunnels in aggressive environment. In most approaches one
dominant deteriorating mechanism such as carbonation or chloride penetration has to be
chosen. This is obviously an important step into the direction of more durable construction.
Ha-Won Song has been probably the first to realize that service life may be considerably
shortened by coupled actions such as simultaneous carbonation and chloride penetration [7].
He also considered the role of cracks.
Khelidj et al. studied the coupling of mechanical damage, elevated temperature and
permeability of concrete both experimentally and numerically [8]. A fundamental study on
this subject can be found in the PhD thesis of M. Choinska [9]. X. Feng et al. have shown that
a sustained load, compressive or tensile, has a significant influence on chloride permeability
[10, 11]. Results of a comprehensive study on the interaction of frost damage, carbonation and
chloride penetration have been published by Wittmann et al. [12].
In this contribution recent results of test series to investigate durability under combined
actions will be presented. As this subject is comparatively new, more research will be needed
in order to really understand all details and to identify most critical load combinations. This
will be necessary in order to establish a solid basis for inclusion of combined loads into codes
and recommendations. It will also be necessary to elaborate and publish standard test methods
on durability under the influence of combined loads.
In Table 1 some deteriorating actions are listed. Most of the deteriorating processes can act
alone or in combination with one or several other processes. It is obvious that there exists a
huge number of possible load combinations. Here a selection of load combinations has been
done on the basis of what is believed to be most important and frequently observed in
practice.
Chloride may penetrate into concrete by convection and then migrate further by diffusion
until the reinforcement steel is reached. CO2 may enter the pore space by diffusion and then
react with hydration products of cement. The pore space and the pore size distribution are
modified by an external load. Therefore we must expect that the rate of carbonation just as the
rate of chloride penetration depend on the state of stress applied to a structural element. Frost
action creates micro-cracks in the composite structure. It opens new pathways for ingress of
chloride ions and CO2. Hence we must expect that frost action also accelerates the rate of
carbonation and the rate of chloride penetration. Some of these load combinations shall be
investigated in more detail in what follows.
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Table 1: Selection of some major deteriorating processes, which may reduce durability of
concrete alone or in combination.
Mechanical Migration
Load
Processes
Compression Ion migration,
convection and
diffusion
Tension
Electrophoresis

Chemical
Reactions
Carbonation

Thermal
Effects
Heat of hydration

Chloride

Thermal gradients Capillary
absorption
and thermal
stresses

Shear

Osmosis

Sulphate

Thermal
decomposition

Moisture diffusion

Torsion

Electroosmosis

Ammonium

Frost action

Shrinkage and
swelling

Hydrolysis

Freeze-thaw
cycles

Sustained
Cyclic

5.2.2

Leaching

Hygral
Effects
Drying

Alkali-aggregate
reaction
INFLUENCE OF FROST ACTION ON CARBONATION

As mentioned above micro-cracks are formed in the composite structure of concrete by frost
action. Four different types of rather conventional concrete have been produced and tested to
investigate the influence on damage induced by frost action on carbonation. Concrete A has a
water-cement ratio of 0.4, concrete B of 0.5 and concrete C of 0.6. Concrete D has also a
water cement ratio of 0.5 but in this case 30 % of the Portland cement have been replaced by
fly ash. After hardening for 28 days in the humid chamber, concrete cubes have been exposed
to the laboratory atmosphere and they were placed in a box with 75 % RH and 10 % CO2
concentration for one week of accelerated carbonation [12]. The resulting carbonate profiles
as measured in the undamaged concrete samples are shown in the upper part of Fig.1. It can
be seen that with increasing water-cement ratio the carbonation depth and the amount of
carbonate formed increase. In concrete type D produced with 30 % of fly ash slightly more
CaCO3 has been formed than in concrete B with the same water cement ratio. This is mainly
due to the fact that the pozzolanic reaction of fly ash is comparatively slow.
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Figure 1: Carbonation profiles as determined on four different types of concrete A, B, C and
D without frost damage (0F, upper diagram) and after 150 freeze-thaw cycles (150F, lower
diagram) applied prior to exposure to accelerated carbonation [12].
But after 150 freeze-thaw cycles the composite structure is obviously seriously
damaged. It should be noted that the strength decrease of concrete type A is marginal. The
carbonation depth and the amount of carbonate formed both increase significantly as shown in
the lower part of Fig. 1. We may conclude that the rate of carbonation is significantly
increased by a combination of frost action and CO2 attack.
5.2.3

INFLUENCE OF FROST ACTION ON CHLORIDE PENETRATION

The same four types of concrete on which the influence of frost action on rate of carbonation
has been determined have been used to investigate the influence of frost action on chloride
penetration. Typical results are shown in Fig. 2. The chloride profiles, which had developed
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after contact of the concrete surface with an aqueous salt solution for 24 hours in the concrete
cubes, are represented in the upper part of Fig. 2. Obviously the chloride content increases
with the water-cement ratio. But, if the concrete surface is put in contact with a salt solution
after 150 freeze-thaw cycles, the penetration depth and also the amount of chloride in the pore
space increase significantly. If a reinforced concrete structure is exposed to seawater the rate
of penetration will increase significantly if the structure is exposed to freeze-thaw cycles at
the same time. That means the service life will be reduced considerably by the combination of
chloride penetration and frost action. Results from standard laboratory tests will be rather
misleading.

Figure 2: Chloride profiles as measured in undamaged concrete (0F, upper diagram) and in
concrete, which had been exposed to 150 freeze-thaw cycles (150F, lower diagram).
5.2.4

INFLUENCE OF MECHANICAL LOAD ON CARBONATION

In order to be able to determine the influence of an applied mechanical load on the rate of
carbonation concrete beams have been loaded under four point bending and then exposed to
high CO2 concentration for accelerated carbonation for 30 days. Similar but unloaded
companion beams have been exposed for the same period to accelerated carbonation. Then
the carbonate profiles have been measured in the zone of applied tension as well as in the
zone of applied compression. In addition the carbonate profiles have been measured on the
unloaded companion beams [13, 14]. Typical results are shown in Fig. 3. It can be seen clearly
that in the tensile zone the rate of carbonation is increased (A-30-L) while in the compression
zone the rate of carbonation is decreased (A-30-Y) as compared to the rate of carbonation in
an unloaded specimen (A-0).
The pore space in concrete is slightly expanded by a tensile load and it is slightly diminished
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by a compressive load. This volume change of the pore space leads to a change of the rate of
carbonation. Service life of concrete elements under sustained tension will be significantly
shorter as compared with elements under compression.
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CaCO3 Content, %
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A-30-Y
A-30-L
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Figure 3: Carbonate profiles as measured in the compression zone (A-30-Y) and in the tension
zone (A-30-L) of a concrete beam under four point bending after 30 days of accelerated
carbonation. Results obtained on an unloaded companion specimen (A-O) are also plotted in
this figure [14].
If the compressive load reaches values higher than half of the compressive strength the
formation of new micro-cracks over-compensates the reduction of pore space and hence the
rate of carbonation also increases under compression. In a simplified way we can describe the
carbonation depth x(t) as function if time t in the following way:
(1)
In this equation C takes the composition and age of concrete into consideration and kσ stands
for a correction factor, which depends on the applied load. The correction factor kσ as
determined experimentally is shown in Fig. 4. It can be seen that the rate of carbonation
increases steadily with increasing tensile load, but in the case of compressive load the rate of
carbonation first decreases and after having reached a minimum at about 30 % of the ultimate
load also increases. Service life of a structural element obviously depends on the state of
stress.

344

Chapter 5 Durability Design Considering Deterioration under Combined Effects
2.8

curveof compressive

experimental data (compressive)
2.4

k

curve of tensile

experimental data (tensile)

2.0

1.6

1.2

0.8

0.0

0.2

0.4

0.6

0.8



Figure 4: Correction factor kσ as indicated in equation (1) as function of the related applied
load [13, 14].
5.2.5

INFLUENCE OF MECHANICAL LOAD ON CHLORIDE PENETRATION

A tensile stress of 65 %, 75 % and 85 % of the ultimate stress has been applied to concrete
specimens for 15 minutes. Then the porosity has been measured and the chloride diffusion has
been determined. Immediately when the surface of concrete is put in contact with seawater
capillary absorption is the dominant mechanism. In this way chloride is transported deep into
the pore space in a short time. When a diffusion coefficient is determined during this initial
period unreasonable high values are obtained. For this reason we determine the diffusion
coefficient for the transport of chloride after one month, when capillary action becomes
negligible. Values obtained are given in Table 2.
Table 2: Apparent diffusion coefficient of chloride as determined in undamaged concrete and
in concrete after application of a direct tensile stress of 65 %, 75 % and 85 % of the ultimate
stress for 15 minutes [15].
Diffusion
period,
months
One to three
months

One to six
months

Related
tensile
stress, %
0
65
75
85
0
65
75
85

App. Diff,
Coeff.
10-12 mm2/s
1.28
1.33
3.26
2.83
0.97
1.04
1.27
1.36

From Table 2 we learn that the diffusion coefficient of chloride migration increases
significantly after application of a tensile load. Obviously the micro-structure of concrete is
damaged by this treatment. New micro-cracks are formed in the composite material. The
damage induced can also be measured by an increase of pore space. The diffusion coefficient
gradually decreases as function of time. But again it is shown that service life of reinforced
concrete structures will be significantly reduced under the action of a tensile load.

345

Chapter 5 Durability Design Considering Deterioration under Combined Effects

5.2.6

CONCLUSIONS

It could be shown that durability decreases under the influence of combined actions. Frost
action and mechanical load have been selected. Frost action just as any other thermal action
creates new micro-cracks in the composite structure of concrete. These micro-cracks serve as
additional pathways for deteriorating compounds. It has been shown that carbonation as well
as chloride penetration is accelerated by prior frost action.
Mechanical load also creates micro-cracks in the composite structure of concrete. Under
direct tension the rate of carbonation and the rate of penetration of chloride into the pore
space of concrete are accelerated significantly. That means durability and service life are
reduced. A moderate compressive load closes some existing micro-cracks and as a
consequence the rate of carbonation and the rate of penetration of chloride are reduced. If,
however, the compressive stress acting on a structural element is higher than half of the
ultimate stress bearing capacity formation of new micro-cracks over-compensates the closure
of existing micro-cracks. Hence the rate of carbonation and the rate of chloride penetration is
increased. If results of standard test methods are used for the prediction of service life, results
may be misleading. The influence of combined actions has to be taken into consideration
instead.
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5.3

Durability Design with Simultaneous Ion Transport Model for
Corrosion of Rebar in Concrete

ABSTRACT
Simultaneous ion Transport Model (SiTraM) for calculating multiple ion transports in the
pore solution of concrete has been developed and enhanced recently. The SiTraM composes
of three separated part of model allowing the study of combined effects on the ion transport in
concrete. Using the enhanced model the corrosion initiation of reinforcement in concrete due
to chloride ingress is investigated. It provides the corrosion threshold criteria of [Cl-]/[OH-]
for durability design of concrete structures in chloride-laden environments.
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5.3.1

INTRODUCTION

For the deterioration phenomena of concrete structures, the transport of ions in the hydrated
cement system has become a crucial reason. There are many researches that were carried out
to clarify the behaviors and/or outcomes of ions transport through such a system. For instance,
the ingress of chloride ion has been well known so far that it is a primal factor resulting to the
corrosion of the reinforcing bar in a reinforced concrete structure. The sources of chloride
ions can be recognized from several places such as the chloride salts nearby marine
environment, de-icing salts used in cold climate country, the chloride ion which is initially
added in special kind of cement, etc. As a result, chloride ion diffusion has become a center of
attention for any research on the ion transport in concrete material.
However, the degradation of hydrated cement system is not limited only from the
chloride ion ingress. The leaching of calcium ion from the hydrated cement system is
considered as a primary concern for the degradation of the concrete structure in long term of
service [1]. This degradation is composed of the loss of strength of material due to pore
structure alteration and the liberation of particular ion or element inside the structure [2]. This
issue has to be taken into consideration especially for the design of high-level radioactive
waste disposal facility. In the period of several thousand years or even longer, the mechanical
or chemical resistant performance of concrete structure barrier has to be assured that it will
not liberate the harmful element into the external environment. Since the high level of
radioactive material waste cannot be entombed at the near-surface level. The assessment
involves characterizing both the existing condition of the concrete structure and the chemistry
of ground water in surrounding soil. There are also several researches on the modeling or
experimental investigation concerning with the durability of cement based system for such
facilities. These researches generally have primarily considered the leaching of calcium from
hydrated cement system as the factor for material degradation.
There is the necessity of the prediction for the transport behavior of ions through the hydrated
cement system. To achieve this goal the Simultaneous ions Transport Model (SiTraM) for
calculating the ions transport has been developed [3-6]. The SiTraM composes of three
separated part of model allowing, for example the calculation of chloride penetration,
remaining of calcium in solid phase and the leaching amounts of alkali ions. The transport of
ions through hydrated cement system has been considered to be involved in several
phenomena with regards to the external environment in which the hydrated cement system is
existed. In general, the ions that mainly affect the performance of the hydrated cement system
are Cl-, Ca2+, OH-, SO42-, K+, and Na+ (See Fig.1). Each ion may have an influence on the
transport of another ion on an electrochemical basis [7].
5.3.2

SIMULTANEOUS IONS TRANSPORT MODEL FOR THE PREDICTION OF
IONS TRANSPORT THROUGH THE HYDRATED CEMENT SYSTEM

The transport of ions may take a long period of service time of structure until the damage or
degradation can be detected. In the practical point of view or design purpose it is necessary to
evaluate or quantify of how much the material of hydrated cement system has been
deteriorated at a particular time. Therefore, the calculation models of ions transport through
the hydrated cement system have been developed by many researches. However, most of the
models are taken into consideration only one ion separated from the other existing ions in the
pores solution of hydrated cement system. These ions may have influenced on the transport
behavior as it has been pointed out [3].
The Simultaneous Ions Transport Model (SiTraM) has been developed [4-6]. The
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model has based on the thermodynamics law of
coexisting ions in the multicomponent
concentrated
solution.
Moreover,
the
characterization of pore structure and the
interactions of ions and the solid pore structure
of hydrated cement system are also included in
this model. The diagram of this ions transport
model is shown schematically in Figure 2 [4-6].
Therefore, three components of the model that
has been combined in SiTraM will be explained
in following paragraphs.
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5.3.2.1 Mutual Diffusion Coefficient Model
The mutual diffusion coefficient model allows
diffusion of several ions to be simulated
simultaneously. The concept for this model has
based on the thermodynamics law of ions
transport [8]. The influence of coexisting ions in
a multicomponent solution is quantitatively
evaluated by a resultant mutual diffusion
coefficient (MDC), i.e. Dij which stands for the
aqueous diffusion coefficient of species i that is
influenced by the concentration gradient of
species j [8]. MDC has been applied to ions
present in the pore solution in a hydrated cement
system and found to be appropriate to treat
diffusion of ions in a multicomponent
concentrated solution like the pore solution.
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where, ij is designated for the Kronecker delta
function which is equal to 1 if i = j, but equal to 0
Fig.2 Simultaneous ion transport model
if i
j, D0i = tracer diffusion coefficient of
species i in dilute solution (m2/s) [7], zi = valence number of species i, and i is the mean
activity coefficient of species i
5.3.2.2 Characterizing Pore Structure Model
In order to threat the ions transport in hydrated cement system, aqueous Dij needs to be
transformed to an intrinsic Dij. In this way, a pore structure coefficient of the hydrated cement
system has been introduced to the ions transport model. Then the intrinsic Dij, i.e. Dij,I is
given by the following equation.
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Dij , I  Dij 


2

(2)

where,
= pore structure coefficient of hydrated cement system regarding to the
relation of porosity ( ) and tortuosity ( )
The pore structure coefficient of concrete can be quantitatively evaluated by the
steady-state chloride migration test. In this way, the pore structure coefficient of concrete
under investigation can be quantified by the following equation (assuming for ions to diffuse
in one dimensional direction).

D

 e
2
Df


(3)

where, De = effective diffusion coefficient of ion from steady-state migration test (m2/s) [9],
Df = diffusion coefficient calculated for a migrating ion in a given aqueous solution (m2/s)
5.3.2.3 Ion-Solid Interactions Model
The final component of simultaneous ions transport model is the ion-solid interactions model
as shown in Figure 2. The interactions of ions with the solid pore structure of the hydrated
cement system that are implemented in this model will be explained briefly in the following
paragraphs.
(1) Dissolution of Ca(OH)2 and decalcification of C-S-H from the hydrated cement system
The chemical equilibriums according to the dissolution of Ca(OH)2 and
decalcification of C-S-H that are given elsewhere [10] have been included in the ions
transport model. The conceptual model is based on the previous researches of Buil et al. and
Berner [10, 11]. Instantaneous dissolution of Ca(OH)2 occurs to maintain the concentration of
Ca2+ (0.02 mol/L) which is decreased by the diffusion according to the concentration gradient.
Then, at any considering section, after the depletion of Ca(OH)2 the decalcification of C-S-H
will be followed.
Moreover, in this calculation model the reduction of solid calcium also results in the
alteration of pore structure coefficient.
(2) Chloride binding isotherm in the presence of chloride ion penetration
In the presence of chloride ion, the binding of chloride is the most important
mechanism. The chloride binding capacity directly has an influence on the depth and amount
of chloride that can penetrate into the concrete structure.
Penetrating chloride ions into the pore solution of concrete is bound by the C3A
phase in the form of the Friedel’s salt. In this way to account for this chloride binding, the
amount of the bound chloride is calculated in a function of the concentration of free chloride
ions. The detail of equations and the derivation of empirical parameters can be found in the
researches carried out by Tang and Nilsson [12]
(3) Selective ions diffusion due to near pore surface effect
Some experimental evidences reported in other researches have shown different
diffusion behaviors between cations and anions from diffusion cell tests of saturated pastes
[13, 14]. Therefore, it can be implied that the hydrated cement system may behave as an
ions-selective membrane.
The concept of this near pore surface phenomenon is considered to result from the
electrical double layer in which the cation is influenced due to the distribution of
negatively-charged pore surface. However, the anion is rarely effect by this layer. In this sense,
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the apparent specific distribution coefficients for the cations have been introduced, while it is
assumed to equal 1 for anions. The empirical parameters have been evaluated by the
migration tests for alkali ions (K+ and Na+), and leaching diffusion test for Ca2+.
5.3.3

EFFECT OF COUPLED TRANSPORT OF CHLORIDE AND HYDROXYDE
IONS ON CORROSION INITIATION OF REBAR

5.3.3.1 Significance of Cl-/OH- ratio on corrosion initiation
Corrosion of steel rebars in concrete is an important factor which controls the durability
and service life of concrete structures. It is well known that the rebars in concrete are
surrounded by highly alkaline environment. This passive protective layer prevents occurrence
of necessary electrochemical reactions for the initiation of corrosion. In a chloride-laden
environment the presence of moisture and oxygen causes the localized break in this protective
film and initiate corrosion when chloride concentration goes above a critical chloride
concentration (Chloride Threshold Level, CTL). To predict the long term performance of
concrete structures under chloride-laden environments it is necessary to clarify the threshold
chloride concentration for the initiation of corrosion of rebars in the concrete. A considerable
number of researches have been done in connection with chloride penetration in various
concrete compositions [15, 16]. Several researches reported chloride threshold concentration
for corrosion initiation of rebars in concrete.
Haussman was the first who attempted to measured CTL using a synthetic concrete
solution with a [Cl-]:[OH-] ratio of 0.6 using half cell potential as a tool for corrosion
detection [17]. Later another electrochemical tools were used for CTL measurement e.g.
polarization [18], macrocell current [19], AC impedance (20). CTL value was also reported
using mass loss method with application of external chloride to the test specimens [21] and
for chloride attack to existing real concrete structures [22]. The reported CTL values varied in
a wider range. This may be due to the variation in test procedure. Due to wider range of
reported values, most of the design codes are using conservative values to ensure safety and
serviceability
of
concrete
structures throughout the service
life.
5.3.3.2 Application of SiTraM
to determine Cl-/OHratio
The simultaneous ions
transport model (SiTraM) was
applied to calculate [Cl-]/[OH-]
for the initiation of corrosion of
rebar embedded in concrete. One
result is shown in Fig. 3 in
comparison
with
a
given
experimental result. With a
current technology it is difficult
to measure this ratio at the
immediate time of corrosion start
in concrete. Then the ratio is
provided in the form of the

Fig. 3 Calculated [Cl-]/[OH-] at the time
of corrosion start
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concentrations of chloride and hydroxide in the solid basis (kg/m3) but not solution basis
(mmol/l). The SiTraM can allow to calculate both the solid and solution basis.
In Fig.3 experimental data is given as N2PS5-S (213days). As explained above this
experimental ratio is not the [Cl-]/[OH-] at the time of corrosion start but the data was
extracted by measurements at 213 days that was 49 days after the corrosion start. In addition
this ratio is expressed on the basis of the solid. The calculated result by the SiTraM shows a
ratio of 1.14 on the basis of solution while it is 0.24 on the solid basis at the time of corrosion.
In this way the SiTraM will allow the calculation of the threshold defined by [Cl-]/[OH-] at the
time of corrosion start. In addition the time of corrosion start can be predicted by the SiTraM
with a given criteria for the corrosion.
5.3.4

CONCLUSION

Threshold chloride concentration was studied using the simultaneous ion transport
model (SiTraM). It appeared that the corrosion threshold criteria of [Cl-]/[OH-] was
appropriately calculated. This calculated corrosion threshold criteria can be applied to conduct
durability design for the corrosion of reinforcement in concrete due to chloride ingress. It is
expected that varied types of mix proportions of concrete will be covered to determine the
initiation period of the concrete structure.
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5.4

Mechanical Properties and Micro Crack Observation of
Deteriorated Concrete

ABSTRACT
In this study, to evaluate the damage level of concrete structures and to predict the combined
deteriorations, the effects of freeze-thaw and fatigue loading on mechanical properties of
concrete were investigated. The concretes deteriorated by rapid freeze-thaw or cyclic loading
until setting level were measured the compressive strength and modulus of elasticity, and
were observed micro cracks by microscope. As a result, we can get the relation between the
crack density and mechanical properties of concrete such as strength and modulus of
elasticity.
.
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5.4.1

INTRODUCTION

There are many patterns of combined deteriorations in the real field.
It is well known that permeability of concrete is increased by freeze-thaw or fatigue loading.
Thereby, chloride ion and carbon dioxide permeate easily and corrosion is accelerated [1.2].
Therefore, the mechanical characters of concrete deteriorate by freeze and thaw or fatigue
loading. By freeze-thaw or fatigue loading, in concrete micro cracks have occurred [3]. It is
thought that the micro cracks of concrete influence its permeability and mechanical
properties.
Matsumura et al proposed the method to evaluate degree of frost damage of concrete [4]. In
this research, experiments were carried out on the effect of frost damage to the mechanical
properties and the carbonation of concrete, and number of cracks was observed
microscopically. However, this investigation was only about freeze-thaw.
In this paper the relation between the mechanical properties and micro cracks in concrete
deteriorated by freeze- thaw or fatigue loading were investigated experimentally. And to
evaluate the damage level, the relation between a crack density and mechanical properties
were obtained.
5.4.2

EXPERIMENTAL

The experimental plan is shown in Table 1. The experiment consists of two parts. One part
(series 1) is an experiment about loading in one mix proportion (nominal strength 27,
W/C=0.48), another part (series 2) is it about cyclic loading and freeze-thaw in three mix
proportions (nominal strength 18, 24, 30, W/C=0.6, 0.52, 0.46). In each experiment, change of
mechanical properties by loading or freeze-thaw, micro crack observation and theirs relation
were investigated.
5.4.2.1 Materials
Ordinary Portland cement, the river sand from Pippu, the gravel from Pippu were used. In
series 1, air entraining -water reducing admixture were used. Maximum aggregate size was 25
mm. The Mix proportion and fresh properties of concrete are shown in table 2.
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Table 1 Experimental plan
damage level
Series

Nominal strength

1

27

W/C

Causes of damage

0.48

Loading

Loading
18
24
30

2

0.6
0.52
0.46

cycles

1
0.9
0.8
0.6
0.4
1
0.9
0.8
0.7

1
1,failure
1,10,20,failure
1,10
1,10

-

(ultimate strength
reached
stresslevel)

-

-

0.95
0.9
0.8
0.7
0.6

-

Freeze and Thaw

relative dynamic
modulus of
elasticity(RDM)

stress level

measurement
items
modulus of
elasticity
microcrack
observation
modulus of
elasticity
microcrack
observation
compressive
strength

Table 2 Mix proportion and fresh properties
Series

w/c

1

0.48
0.6
0.52
0.46

2

5.4.3

Cement
kg/m
356
283
328
377

3

Water

Sand

Gravel

3

3

3

kg/m
171
169
169
172

kg/m
743
813
772
728

kg/m
1002
997
1002
1000

Slamp

Air content

cm
20.5
12.0
10.7
16.2

%
4.5
1.9
1.7
2.0

Test Methods

5.4.3.1 Loading
Loading test method was in accordance to JIS A 1149 (ISO 6784) “Method of test for static
modulus of elasticity of concrete”. Load and length were measured and recorded periodically
by data logger.
In series 1, at first compressive strength test was carried out to determine a maximum load of
loading test. After that, specimens were loaded on setting levels and cycles.
In series 2, in 1cycle loading, max load level is ultimate strength of specimen. It was reached
the ultimate strength, immediately released loading for a little modification. This process was
repeated until ultimate strength of concrete was deteriorated to establish level 0.7, 0.8, and 0.9
of the maximum strength.
5.4.3.2 Freezing and Thawing
Rapid Freeze and thaw test methods was in accordance to JIS A 1148 procedure A (ASTM
C666 procedure A). Cylindrical specimens were used. Fundamental longitudinal frequency
was measured. Relative dynamic modulus of elasticity was calculated from its. The relative
dynamic modulus of elasticity was applied to judgment of a degradation level. The
degradation levels were set at 5 levels from 60% and 95%. After rapid freeze and thaw test,
the specimen was measured compressive strength and observed micro cracks.
5.4.3.3 Microscopic observation
After loading test, each specimen was sawed at the half of ones height. After rapid
freeze-thaw test, each specimen was sawed at the 15mm from top of surface. The sections for
microscopic observation were polished using an abrasive machine and abrasive sand (#320,
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#800). The section was given by a coat of acrylic acid emulsion fluorescent paint. After
hardening of paint, the section was polished using cleanser by hand. Equipment for

Figure 1 Microscope device

Figure 2 Image of micro cracks

microscopic observation was according to ASTM C 457 “Standard test method for
microscopical determination of parameters of the air void system in hardened concrete”.
Beam of ultra violet lamp were adjusted to demark micro cracks in which fluorescent paint
was. Number of micro cracks across a cross gage were counted. Crack density was calculated
as number of cracks in unit length. Photograph of a microscope device is shown in figure 1.
Observed image of micro cracks are shown in Figure 2.
5.4.4

RESULT AND DISCUSSION

5.4.4.1 Loading
In series 1, typical stress-strain curve is shown in fig. 3. The specimen failed at 33th repeated
loading of 0.8 of maximum strength.
The stress strain curve varies with the number of load repetitions. The curves changed from
concave towards the strain axis to straight line and finally became concave towards the stress
axis. The indication of fatigue failure is shown clearly.
One specimen repeated loaded of 0.8 until failure was failed at just 18 cycles. But another
specimen failed at 33 cycles. A high scatter in the fatigue test result is verified.
Relative number of cycles expressed as proportion of number of cycles to failure is calculated
from three failed specimen included 18 cycles of loading of 0.8.
5000
Maximum Strain 10-6

Stress (N/mm2)

50
40
30
20
10
0

0.9failure
0.8failure1
0.8failure2

4000
3000
2000
1000
0

0

1000

2000

3000

4000

0.0

0.2

0.4

0.6

0.8

1.0

Relative number of cycles

Strain (10-6)

Figure 3 Stress strain curve at 33 repeated
loading of 0.8

Figure 4 Relation between Strain and relative
number of cycles of loading

The relation between maximum strain and relative number of cycles is shown in fig. 4.
The typical result that maximum strain increases until failure in fatigue takes place is verified.
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The ratio of secant modulus of elasticity to one at first loading is calculated. The reduction in

Ratio of E/E0

1
0.8
0.6
0.4
0.2
0.4

0
0

2

0.6

0.8

0.9

4
6
8
Number of cycles

10

Figure 5 Relation between En/E0 and number of cycles of loading (Series 1)

the secant modulus of elasticity with an increase in the number of cycles is shown in fig. 5.
In figure 6, about the failed specimens according to repetition loading, the reduction in the
secant modulus of elasticity with an increase in the relative number of cycles is shown.
1.0
Ratio E/E0

0.8
0.6
0.4

0.9failure
0.8failure1
0.8failure2

0.2
0.0
0.0

0.2

0.4

0.6

0.8

1.0

Relative number of cycles

Figure 6 the reduction in the secant modulus of elasticity with an increase in the relative
number of cycles

Irrespective of the stress level, the relative number of cycles and the decrease of the En/Virgin
showed the same tendency. It is known that this relation is independent of the level of stress in
the fatigue test and is, therefore, of interest in assessing the remaining fatigue life of a given
concrete [3].
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4000

Figure 7 Stress strain curve (Ultimate compressive strength was 0.8)

In series 2, typical stress-strain curve is shown in figure 7. The specimen’s ultimate
compressive strength was reduced to 0.8.
The stress-strain curves changed from concave towards the strain axis to straight line and
finally became concave towards the stress axis.
The ratio of secant modulus of elasticity to one at first loading is calculated. The reduction in
the secant modulus of elasticity with an increase in the number of cycles is shown in figure 8.
The figure was shown according to nominal strength, respectively. Although there was
variation, the relation of reduction between a cycle and the ratio of secant modulus of
elasticity showed the similar tendency regardless of nominal strength.
1

Ratio of E/Evirgine

0.8
0.6
0.4
0.2
0

24‐0.7
24‐0.8
24‐0.9

0.8

Ratio of E/Evirgine

18‐0.7
18‐0.8
18‐0.9

0.6
0.4
0.2
0

1
0.8

30‐0.7
30‐0.8
30‐0.9

0.6
0.4
0.2
0

0
10
20
30
0
10
20
30
10
20
30
Number of cycles
Number of cycles
Number of cycles
Figure 8 the reduction in the secant modulus of elasticity with an increase in the number of
cycles
0

Relative dynamic modulus of
elasticity(%)

Ratio of E/Evirgine

1

100
80
60
40
20

18

24

30

0
0

25

50
75
Freeze‐thaw cycles

100

Figure 9 the change of dynamic modulus of elasticity
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5.4.4.2 Freezing and thawing
The change of the relative dynamic modulus of elasticity is shown in figure 9. All concretes
are non air entrained concrete. The relative dynamic modulus of elasticity fell at early
cycles comparatively.
The mechanical properties of deteriorated concrete are shown in figure 10. There, the results
of our past research were also shown. The ratio of compressive strength to one of
no-deteriorated concrete (F100) was calculated. The ratio of modulus of elasticity to one of
no-deteriorated concrete (E100) was calculated. The mechanical properties of the deteriorated
concrete decreased. The result of this research has similar tendency with previous result on
modulus of elasticity [4]. But on compressive strength, it is different from previous result.

Modulus of elasticity(kN/mm2)

35
30
25
20
15
10

no deteriorated
deteriodrated
ACI
NewRC

5
0
10

20

30

40

50

compressive strength(N/mm2)

Figure 11 the relation between compressive strength and modulus of elasticity

This reason is what is depended on the difference in an experimental condition.
The relation between compressive strength and modulus of elasticity is shown in figure 11.
There are the relation of ACI equation [5] and New RC equation of Architectural Institute of
Japan [6]. In deteriorated concrete, the relation between compressive strength and modulus of
elasticity is different from one of no-deteriorated concrete.
5.4.4.3 Micro cracks
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0.8
0.7
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2003 Matsumura

0.6
0.5
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0.6
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0

0.4
0.4

0.5

0.6

0.7

0.8

0.9

0

1

0.2

0.4

0.6

0.8

1

Relative dynamic modulus of elasticity

Relative dynamic modulus of elasticity

Figure 10 the mechanical properties of deteriorated concrete

Micro cracks were observed by microscope after deterioration. The crack density shown by
the following formulas was obtained from the result of crack observation.
Cn 

N cr
Ltotal

(2)

Where: Cn: Crack density (number/mm), Ncr: number of micro cracks, Ltotal: total length of

Crack dencity(number/mm)

0.4

0.3

0.2
18
0.1

24
30

0
0.4

0.6

0.8

1

Relative dynamic modulus of elasticity

Figure 12 the relation between relative dynamic modulus of elasticity and crack density

traverse (mm)
The relation between relative dynamic modulus of elasticity and crack density is shown in
figure 12. The crack density increases with a decrease in the relative dynamic modulus of
elasticity of the concrete.
Figure 13 is shown the relation crack density and change of mechanical characteristics (ratio
of compressive strength and modulus of elasticity) by freeze thaw. Results of previous
research were plotted together in this figure.
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Ratio of modulus of elasticity

Ratio of strength
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0.8
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y = ‐0.7512x + 1.0917
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0.2
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Crack Density

0.6

1.0
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0.8
0.6
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y = ‐1.5085x + 1.1526
R² = 0.5111

0.2
0.0
0.1

0.2

0.3 0.4 0.5
Crack Density

0.6

Figure 13 the relation crack density and change of mechanical characteristics (ratio of
compressive strength and modulus of elasticity) by freeze thaw.

The mechanical characteristics decrease with an increase in the crack density. The linear
relation was shown irrespective of nominal strength of concrete. It is thought that crack
density can express the change of mechanical characteristics caused by freeze and thaw.
Figure 14 is shown the relation crack density and change of ratio of compressive strength by
Loading. These are only the results of the series 2. There are the linear relation between crack
density and compressive strength.
Figure 15 is shown the relation crack density and ratio of modulus of elasticity by Loading.
Crack density and ratio of modulus of elasticity had a linear relation, irrespective of water to
cement ratio.
It is thought that crack density can express the change of mechanical characteristics caused by
loading.
Figure 16 is shown that relation between the crack density and the ratio of modulus of
elasticity by loading and freeze thaw. The relation obtained by loading is different from freeze
thaw.
The result of the loading, the ratio of modulus of elasticity decrease rapidly. Specimens which
reached ultimate strength had wide cracks. In this observation method we use, there are no
information about crack wide and length.
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Ratio of Strength

1.0
0.8
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Figure 14 the relation crack density and change of ratio of compressive strength by Loading

Ratio of modulus of
elasticity
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0.6
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Figure15 the relation crack density and ratio of modulus of elasticity by Loading

Ratio of modulus of
elasticity

1.0

Freeze Thaw
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Figure 16 the relation between the crack density and the ratio of modulus of elasticity by loading and
freeze thaw

5.4.5

CONCLUSION

From the result of this investigation, the following conclusions can be drawn:
1. The repetition of loading or freeze-thaw reduced mechanical properties of concrete such as
strength and modulus of elasticity.
2. There were many micro cracks in deteriorated concrete by loading or freeze-thaw. The
crack density had a good correlation with a decrease in mechanical properties.
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3. The observation of the micro cracks in concrete is useful index to evaluate the damage
level.
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5.5

Estimation of humidity and prediction of carbonation depth in
concrete under climatic condition

ABSTRACT
Moisture condition is an important factor to estimate progress of deteriorations of concrete.
From the results of the field experiment, it was clarified that there were differences in
temperature and humidity between the horizontal and the vertical surface. It seems to very
important that the condition of the target component is considered in estimation of
temperature and humidity in concrete. These experimental results were simulated using a
numerical calculation method. Temperature and moisture condition can be estimated roughly
by numerical analysis.
The carbonation depth in concrete was calculated considering the temperature and humidity
distributions and fluctuations. Furthermore, the new prediction method of carbonation
progress was proposed considering the damage level based on the previous experimental
results.

366

Chapter 5 Durability Design Considering Deterioration under Combined Effects

5.5.1

INTRODUCTION

It is well known that moisture inside building materials significantly influences the durability
of building structures and envelopes. Also in concrete, moisture condition is an important
factor to estimate progress of deteriorations of concrete. High humidity accelerates ASR and
salt attack. Frost damage of concrete is never observed under dry condition. Carbonation of
concrete is accelerated in the humidity range of 40 to 70%. Estimation of humidity under
climatic conditions is necessary to predict progress of deterioration, and it leads to durable
design of concrete structures and building envelopes.
The purpose of this section is to investigate the estimation method of humidity in concrete
under climatic conditions and to develop the prediction method of carbonation depth.
Temperature and humidity in concrete were measured in a field experiment and the results
were simulated by numerical analysis. The carbonation depth in concrete was calculated
based on both the meteorological data and the simulated data. Furthermore, the carbonation
progress considering the damage level was investigated based on the previous experimental
results.
5.5.2

FIELD EXPERIMENT

5.5.2.1 Methods
Figure 1 shows the test sample. It is 800 mm cube, column model. On the horizontal surface,
position A and B were provided, and both positions have gentle slopes. When there is
precipitation, the rain water accumulates on the position A, and it runs down on the position B.
The position C and D were set on the vertical surface facing south. The test sample was
placed outside of Northern Regional Building Research Institute in Asahikawa, where one of
the coldest city in Japan.

Figure 1: Test Sample
The temperature and humidity sensors were arranged near the outer surface at the position A,
B, C and D. The detail of the sensor and the sensor arrangement were shown in Figure 2. The
sensors were set at 3mm, 5mm, 8mm, 12mm, 25mm and 50mm distant from the outer surface
at each position. The sensor was provided also at the center of the model. Total number of
sensors is 25. These sensors were installed before casting concrete. Measurement period
started on November 25, 2009. The measurement was continued for about 2 years. The data
was logged every 30 minute.
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Figure 2: Temperature and Humidity Sensor and Measuring Point near the Outer Surface
5.5.2.2 Measured Results
Figures 3 and 4 show the temperature profiles in the first winter soon after casting concrete, at
the position B (horizontal surface) and C (vertical surface), respectively.
In winter, snow lies on the horizontal surface. Thus, the temperature at the position B kept
below 0 °C almost all the period. On the other hand, the daily fluctuation of the temperature at
the position C is large due to solar radiation heat. The temperature changed across 0 °C line
almost every day.

Figure 3: Temperature Profile in Winter at Position B; Horizontal Surface
(From 24-Nov.2009 to 10-May 2010)

Figure 4: Temperature Profile in Winter at Position C; Vertical Surface
(From 24-Nov.2009 to 10-May 2010)
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Figures 5 and 4 show the relative humidity profiles in the first winter, at the position B and C,
respectively. At the position B, high humidity condition was kept through the period, since
moisture near the outer surface was hard to evaporate due to the accumulated snow on the
horizontal surface. At the position C, moisture evaporated easily through the outer surface.
The relative humidity fluctuations were significant in the area near the outer surface (3mm
and 5mm). However, high humidity was kept in the inner area.

Figure 5: Relative Humidity Profile in Winter at Position B; Horizontal Surface
(From 24-Nov.2009 to 10-May 2010)

Figure 6: Relative Humidity Profile in Winter at Position C; Vertical Surface
(From 24-Nov.2009 to 10-May 2010)
Figures 7 and 8 show the temperature profiles in spring and summer, at the position B and C,
respectively. Temperature fluctuation at the position B was larger than that at the position C
due to solar heat gain and the heat loss by night-sky radiation. The average temperature inside
concrete was higher than that of outdoor air within this period.

Figure 7: Temperature Profile in Spring and Summer at Position B; Horizontal Surface
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(From 1-May.2010 to 31-July 2010)

Figure 8: Temperature Profile in Spring and Summer at Position C; Vertical Surface
(From 1-May.2010 to 31-July 2010)
Figures 9 and 10 show the relative humidity profiles in spring and summer, at the position B
and C, respectively. The timing of precipitation is shown together in these figures. When there
was precipitation, the humidity near the outer surface (3mm) rose rapidly up to about
100%RH (near saturation). The area near the outer surface dried faster at the position C than
at the position B, because rain water seemed to remain longer time on the horizontal surface.

Figure 9: Relative Humidity Profile in Spring and Summer at Position B; Horizontal Surface
(From 1-May.2010 to 31-July 2010)

Figure 10: Relative Humidity Profile in Spring and Summer at Position C; Vertical Surface
(From 1-May.2010 to 31-July 2010)
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From the measured results, it was clarified that there were differences in temperature and
humidity between the area near the horizontal surface and the area near the vertical surface. In
dry environment, moisture in the area near the outer surface can evaporate easily, and in wet
environment humidity increase rapidly. If the wet condition continues like the horizontal
surface with accumulated snow, high humidity is kept for a long time. It seems to very
important that the conditions such as the inclination or the direction of the target component
are considered in estimation of temperature and humidity in concrete.
5.5.3

NUMERICAL ANALYSIS

5.5.3.1 Methods
Measured temperature and moisture conditions in concrete are simulated by a numerical
calculation. In this calculation, meteorological data such as temperature, humidity, solar
radiation and precipitation, and hygrothermal material properties are inputted to the
calculation program. The program is based on the equations for simultaneous heat and
moisture transport [1], as shown in Eq. (1) and Eq. (2) below. And the data such as
temperature profile or humidity distribution are outputted.
<Moisture balance>

 ρl ψ  μ
 T   λ μg  λ μl μ


 λTg
 μ  t

(1)

<Energy balance>

c s ρ s ψ s  cl ρl ψ l  T
t

 T    λ μg μ 
  λT   H gl  λTg

(2)

Where
c specific heat [J/(kg•K)]
H
latent heat (J/kg)
t
time (s)
T
temperature (K)
λ
thermal conductivity [W/(m•K)]
λ’T
moisture conductivity by temperature difference [kg/(m•s•K)]
λ’μ
moisture conductivity by water chemical potential
{kg/[m•s•(J/kg)]}
μ:
water chemical potential (J/kg)
ρ
density (kg/m3)
ψ
water content (m3/m3)
subscript
s: solid, l: liquid water, g: vapour
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Figure 11 Calculation Model
Calculation model is shown in Figure 11. To simplify the simulation, 1-dimensional heat and
moisture transfer are calculated. Two calculation patterns are set. One is assumed to be near
the horizontal surface, corresponding with the position B in the measurement. Another is
assumed to be near the vertical surface facing south, corresponding with the position C. The
differences between two patterns are heat gain by solar radiation and heat loss by night-sky
radiation, and the duration of surface wetness (saturated) after rain. Measured weather data in
Asahikawa is used as the boundary condition. Here, the experiment in spring and summer is
simulated, and the calculation period is from May 1 to July 31, 2010.
Table 1 shows the material properties used in this calculation. Adsorption isotherm of
concrete which has the same composition used in the outdoor experiment was measured prior
to the calculation. Measured adsorption isotherm and its approximation curve are shown in
Figure 12.
Table 8 Material Properties [2]
Property
Thermal conductivity
Density
Specific Heat
Water vapour Permeability
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Value
1.16
2,180
940
6.3

Unit
W/(m·K)
Kg/m3
J/(kg·K)
ng/(m·s·Pa)

Water content volume by volume [m3/m3]
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Figure 12 Adsorption Isotherm of Concrete for Calculation
5.5.3.2 Comparison between the measured and calculated results (in spring and summer)
Figure 13 and 14 show a part of measured and calculated temperature profiles at the
horizontal surface and at the vertical surface respectively. They show the temperature at the
point of 3mm distant from outer surface and the center of the concrete model. Although the
maximum temperature in calculated results is slightly smaller than that in measured results,
similar daily temperature fluctuation to measured data is obtained by the calculation. The
difference of temperature amplitude between horizontal and vertical surface is clearly shown
also in calculation.

Figure 13: Temperature Profile at Horizontal Surface
(From 25-May.2010 to 12-June 2010)
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Figure 14: Temperature Profile at Vertical Surface
(From 25-May.2010 to 12-June 2010)
Figure 15 and 16 show a part of measured and calculated relative humidity profiles at the
horizontal surface and at the vertical surface respectively. At the point of 3mm in horizontal
surface, the calculated data tend to be lower than the measured data. However, rapid increase
with precipitation at the 3mm point is well simulated in calculation. In vertical surface,
although the daily amplitude of humidity obtained by the calculation is smaller than that by
the measurement, average relative humidity of calculation data is similar to that of measured
data.
These results show that temperature and relative humidity in concrete under climatic
conditions can be estimated roughly by numerical analysis. Further investigation might be
required to improve the calculation model.

Figure 15: Relative Humidity Profile at Horizontal Surface
(From 25-May.2010 to 12-June 2010)

Figure 16: Relative Humidity Profile at Vertical Surface
(From 25-May.2010 to 12-June 2010)
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5.5.4

PREDICTION METHOD OF CARBONATION

5.5.4.1 Methods
Carbonation rate model for the prediction of carbonation depth shown in Eq.(3) is well
known[3].
C  A t
(3)
Where, C: carbonation depth (mm), A: coefficient of carbonation, t: time (week)
In previous research, Izumi [4] proposed the following equation (4). Coefficients R1, R2, R3,
R4, R5, R6 and R7 in Eq.(4) are decided according to the respective condition as shown in
Figure 17. Coefficient of carbonation A is obtained by multiplication of all the coefficients
from R1 to R7.
C  R1 R 2  R3  R 4  R5  R6  R7  t
(4)
Where,
C: carbonation depth (mm),
t: time (week)
R1: coefficient by cement type, R1=exp(3.34X-2.004)
R2: coefficient by cement type, R2= 2.60M-0.175
R3: concentration of CO2, R3= (Con/5) 0.5
R4: coefficient by temperature, R4=0.017*θ+0.48
R5: coefficient by relative humidity, R5= Hu (100-Hu) (140-Hu)/192000
R6: coefficient concerning surface finish, R6=1(no finish)
R7: coefficient concerning outdoor/indoor, R7=1
X: W/C (-)(=0.5), M: maturity (Σ(θ+10)) (°C·day) (=840)
Con: concentration of CO2 (%)(=0.035)
θ: temperature (°C),
Hu: relative humidity (%)
R1, R2 and R3 are assumed to be constant according to conditions of concrete (mix
proportion, region).R4 and R5 change depend on the temperature and humidity, respectively.
Each coefficient is expressed as a ratio to the results in each standard condition.
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Figure 17: Coefficients R1, R2, R3, R4 and R5 in Izumi Equation
Figure 18 shows a concept of carbonation process. The coefficient of carbonation changes
with climatic condition in a certain time range. Assuming that temperature is kept at θ1 and
relative humidity is Hu1 until time t1, coefficient of carbonation is assumed to be A1 in the
range. In the next time range until t2, coefficient of carbonation A2 is calculated using the
temperature θ2 and the relative humidity Hu2. The rate of carbonation seems to change
depending on temperature and relative humidity fluctuations. Therefore, in order to predict
the depth of carbonation more appropriately, it is important that the temperature and relative
humidity fluctuations are considered.

Figure 18: Concept of Carbonation process
5.5.4.2 Influence of Temperature and Humidity on Carbonation Depth
Figure 19 shows the range of coefficient of carbonation A which is calculated using the results
of temperature and humidity in the above-mentioned simulation. When A is calculated using
the hourly data, the amplitude of coefficient of carbonation A is large especially in the area
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near the outer surface. When using the monthly mean data, the fluctuation range of A is much
smaller than that using the hourly data.

Figure 19: Coefficient of Carbonation Distribution (Hourly data vs. Monthly mean data)
The carbonation depth calculated in consideration of temperature and relative humidity
change is shown in Figure 20. These results are obtained by using the daily mean data. The
temperature and relative humidity data of the outdoor air, the outer surface and several inner
positions were used for the calculation. According to this calculation, the carbonation depth
obtained using the outer surface data increases by 35% compared with that using the outdoor
air. The difference cannot be negligible. When the carbonation depth is to be predicted, it
seems to be very important to use more suitable temperature and humidity data.

Figure 20: Calculated Carbonation Depth (Difference in the position used for calculation)
5.5.4.3 Carbonation Depth under Combined Effect
Carbonation of concrete is promoted by degradation. The relation between a degradation level
and the rate of carbonation coefficient to standard concrete (R8) is shown in figure 21. This
relation was gained in our previous research [5].
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Figure 21: The Relation between Degradation Level and Coefficient R8
The previous study (Eq.(4)) did not consider the change of damage level of concrete. From
the relation shown in figure 21, the Equation for the prediction of carbonation can be
expanded in consideration of a degradation level by applying the coefficient R8. The equation
becomes as follows.
C  R1 R 2  R3  R 4  R5  R6  R7  R8  t
R8: Coefficient concerning damage level (crack density)
From the results above, we will be able to predict the carbonation depth considering climate
condition and damage level. However, these simulation results were not sufficiently verified
for the real structures. It is necessary to verify whether these proposals can be applied to the
real structure under actual climatic conditions.
5.5.5

CONCLUSION

From the results of these investigations, the following conclusions can be drawn:
1. The temperature and humidity data for two years inside the concrete in actual climatic
conditions were obtained.
2. The simulation method was proposed about distribution of the temperature and relative
humidity inside concrete.
3. The prediction technique of carbonation which considers the temperature and relative
humidity condition inside concrete and degradation level was proposed.
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CHAPTER 6 PREVENTIVE MEASURES AND REHABILITATION
INTERVENTIONS

和文概要
本章では以下の 6 項目について検討した．すなわち，(6.1)曲げ載荷を受ける鉄筋コンクリート部
材の適切な補強設計，(6.2)シラン系表面改質剤を用いることによる塩分浸透抵抗性，(6.3)犠牲電
極を用いた電気化学的防食工法，(6.4)シリケート系表面改質剤の効果, (6.5) CFRP シート外部
補強 RC スラブの疲労挙動, (6.6) 鋼材腐食に対する技術,のそれぞれについて得られた新たな知
見を以下に示す

6.1) 鉄筋コンクリートの補強は鋼材腐食の進行および交通量などの活荷重の増加に対して必要と
なる場合が多い．ここでは，PCM による増厚補強がせん断応力の伝達に及ぼす影響について
検討した．その結果，単純引抜試験におけるせん断応力の伝達機構およびせん断はく離メカ
ニズムを解析的にモデル化することができた．このモデルに基づき，はく離基準を定量的に
示した．さらに，ここで提案した解析的モデルの妥当性を実験的検討により確認した．
6.2) シラン系表面改質剤を用いることにより，コンクリート表層部の塩分浸透量は無視できるほ
ど低減できることがわかった．塩分を含む水分はひび割れ部ならびに毛細管空隙を経由して
急速に内部まで浸透する．しかしながら，この現象は撥水処理により防ぐことができ，鋼材
腐食を伴う鉄筋コンクリートの寿命予測に対し，撥水処理の効果を考慮する必要がある．し
かしながら，予防保全的な対策効果を期待する上で，表面改質剤の含浸量を定量的に把握し
ておく必要がある．
6.3) 山口らは，犠牲電極を用いた防食工法について，亜鉛(Zn)を主とした金属を用いた検討を行
っている．その結果，予め単位体積当たりの塩分量が 12kg/m3 となるように配合したコンク
リート供試体を用いて，犠牲電極を用いた防食工法の効果を示した．また，電気化学的な腐
食メカニズムに基づいた電気防食工法を用いる場合，上記の犠牲電極の空間的位置を考慮し，
今後，経済性と環境性を関連付けて実施することが必要になると言える．
6.4) コンクリート表層部の品質を向上させるシリケート系表面改質剤の効果について，2 種類の
異なる濃度を有する材料を使用した結果，期待される効果を発揮するためには，塗布する母
材となるコンクリート表面の水分状態に依存する可能性が示された．これに関して，アルカ
リシリカ反応に対する抵抗性の向上に関する検討を行った．また，中性化速度の低減に対し
て，シリケート系表面改質剤の使用が有効であることがわかった．
6.5) 2 方向 CFRP 補強 RC スラブの耐疲労性能を実験的に検討した．押抜きせん断破壊モードと
なる補強比の閾値を 1.29%として設定した．その結果，押抜きせん断破壊耐力は標準の試験
体と比較して 40%増加した．しかしながら，橋梁床版は輪荷重による疲労作用を受けやすい
ため，疲労破壊に対して最も重要な要素と成り得ることから，合計で 5 つの試験体に対し，
輪荷重を組み合せて疲労破壊に至るまで試験を行った．その結果，補強筋および CFRP の歪
みが繰返し輪荷重により異なることがわかった．これにより，最適な CFRP 補強により疲労
にたいする長寿命を実現できる可能性を示す事が出来た．
6.6) 鋼材腐食の予防保全手法について，化学的手法，電気的手法およびコンクリート配合に着目
した．ここでは，高アルミナセメント(HAC)を用いた場合のコンクリート中の塩分移動およ
び腐食性状について検討した．その結果， HAC を用いた場合の塩分固定化特性が低下する
ために，固定塩分の量が減少する一方で，腐食発生限界塩分濃度は増加する事から，HAC コ
ンクリートを海洋環境などで用いた場合，腐食発生時期を遅らせる事が可能になる事が示唆
された．また，硝酸カルシウムを添加した場合，腐食発生限界塩分濃度は増加した．さらに，
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早期に電気的手法を適用する事で，ひび割れを含む空隙および鋼材とマトリクス間の境界に
おける水和生成物や未水和セメントの分布に変化が生じる事がわかった．
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CHAPTER SUMMARY
All together the following six reports have been submitted by members of the JST
working group on “life cycle prediction and management of concrete structures”, and
they have been grouped together in chapter 6, “Preventive Measures and Rehabilitation
Interventions”. The JST working group has been active in the period between 2009 and
2012. The final meeting took place in Qingdao, China, in March 2012.
6.1. General Design Models for Flexural Strengthening of RC Beams.
By ZHANG Dawei and Ueda Tamon, Hokkaido University, Sapporo, Japan
6.2. Water Repellent Treatment of Reinforced Concrete Structures, an Effective
Preventive Method.
By WITTMANN Folker H., Qingdao Technological University, Qingdao, China
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Durability and service life of numerous reinforced concrete structures do not meet
requirements of today. In many countries more money is spent for maintenance and repair
than for new constructions. This unfortunate fact obviously asks for more durable and more
sustainable constructions. But at the moment the infrastructure, which is necessary for
keeping the living standard of our civilization, cannot be maintained on a fully satisfying level.
In many countries part of the damaged bridges can be repaired only and other bridges have to
be closed at least temporarily. This leads to serious problems for the daily traffic and at the
same time it is a major source for pollution of the environment. It has been evaluated in
several countries, that the actual cost for maintenance and repair often is higher than a new
construction. But even more important is the fact that secondary expenditures due to traffic
jams amount for a multiple of the repair cost.
For a long time structural design and engineering was focused on new structures. Due
to the huge number of existing structures and because of the tremendous cost of maintenance
of the infrastructure it has become an urgent need to develop new methods to improve
durability and to strengthen existing structures, which are gradually aging under service. This
comparatively new task asks for revisions in teaching young engineering students at
universities and to provide practitioners with basic knowledge.
In the first contribution of Chapter 6 (6.1) a general design approach for
strengthening reinforced concrete beams under bending is presented. Strengthening of
reinforced concrete beams may become necessary because of ongoing corrosion, or because
of increased traffic load. Strengthening classically is achieved by applying a reinforced
overlay or by gluing steel plates or FRP laminates on the tensile zone. In all cases debonding
is the most important risk. The interface is usually the component, which fails first. Current
models are critically compared in the first contribution. Then an analytical model is described
in detail. This model is later verified by comparison with available experimental data. Models
for shear stress transfer have been studied in particular. In this context shear stress transfer in
a beam strengthened with a PCM overlay, the shear stress transfer in a simple pull-out test and
the shear stress induced debonding mechanism have been modeled analytically. Based on
these analytical models a quantitative debonding criterion could be formulated. Most
important, the analytical models have then be checked and verified by comparison with
experimental values.
In section 5 of the first contribution by Zhang Dawei the effective strengthening
capacity is considered. This part is of particular interest for practical applications. The
parameters, which affect the effective strengthening capacity, are all taken into consideration.
Finally a general design proposal is presented in detail. A publication of the most important
results is to be published soon. This project has a fundamental character and results will
certainly serve as a reliable basis for external strengthening of reinforced concrete structural
elements in the future.
It is well known that chloride penetration is among the most frequent origins for
early damage of reinforced concrete structures situated in marine environment or exposed to
de-icing salt during the winter period. Based on experimental results it can be stated that in
most cases the first and most powerful mechanism for chloride uptake of concrete is capillary
absorption. Often the surface is exposed to a drying atmosphere before it gets in contact with
seawater. Even if a structural element is submerged totally in seawater self-desiccation due to
cement hydration will activate capillary absorption. Once the chloride has penetrated the pore
space of concrete it may further progress towards the steel reinforcement by diffusion through
the pore solution.
The first process, i.e. capillary absorption, can be suppressed by water repellent
surface treatment. Traditionally natural products such as oils have been applied to make the
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surface near zone of concrete water repellent. Nowadays in many cases silane or silane-based
products are used. They are easier to handle on a construction site, the penetration depth is
bigger, and their service life is several decades at least.
In the second contribution (6.2) it is shown that if the surface of a concrete
structural element is treated with a water repellent agent such as silane, chloride ingress is
practically negligible. What is most important in this context, cracks absorb salt water quickly
and deep into a concrete element by capillary absorption. But capillary absorption of cracks
up to a critical crack width can also be inactivated by water repellent treatment. It has been
shown that service life of reinforced concrete structures in aggressive environment can be
extended significantly by water repellent treatment. It must be noted, however, that a rigorous
quality control of the surface impregnation is absolutely necessary to guarantee the success of
the protective measure.
Chloride penetration into concrete can be prevented or at least significantly slowed
down by water repellent surface impregnation. In practice, however, there exist many
structures in marine environment or in periodic contact with de-icing salt, which are already
chloride contaminated. In this case corrosion of steel reinforcement will start sooner or later if
it has not yet started. One way to protect steel from corrosion if the chloride concentration in
the pore solution around the steel reinforcement has already reached a critical value or is close
to the critical value is cathodic protection. Traditionally an electric current is impressed on the
corroding structural element by anodes, which are fixed on the surface of the concrete. The
imposed current can be controlled by an external DC power source. After numerous
applications sufficient experience with this protective method exists already by now. One
major drawback is, however, the permanent cost involved in maintaining the electric current
constant for the entire designed service life.
In the third contribution (6.3), one interesting alternative is the use of sacrificial
electrodes instead of an impressed current. In this case one has to apply sacrificial anodes on
the surface of concrete by a thermal spray method for instance. The group of Yamaguchi
Toshinobu has tested different alloys, mainly based on Zn, under different exposure
conditions. Punching metal has been placed in mortar specimens and steel reinforcement in
concrete. To the fresh mixes of the mortar and of the concrete 12 kg/m3 of NaCl has been
added to simulate the situation in old concrete structures, which are already chloride
contaminated.
Generally the effectiveness of the galvanic anode cathodic protection (CP) system
under various environmental conditions could be demonstrated. The four different alloys,
which have been tested, proved to work as expected. One risk has been observed, however.
Under particular severe conditions the sprayed sacrificial electrodes may locally detach. It is
recommended to concentrate on the concrete surface treatment before application of the
thermal sprayed sacrificial anodes. If applied with the necessary care this method may
become an interesting alternative to the more expensive cathodic protection with impressed
current by a DC power supply. Service life of reinforced concrete structures in aggressive
chloride containing environment can be extended significantly in this way. In this sense the
method may also contribute to more economical and ecological constructions in the future.
The outer layer of concrete, often called the skin of concrete, has a much higher
porosity than the bulk material. The weak outer layer allows chloride to penetrate into the
pore space and it allows carbon dioxide to migrate into the material, causing the well-known
carbonation. This effect is essentially due to the distribution of the coarse aggregates in this
region and in many cases also due to insufficient hydration of cement because of early drying.
Therefore numerous attempts have been carried out in the past to improve the skin of concrete
primarily with the aim to increase durability and service life, sometimes also to improve
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abrasion resistance. Usually three different surface technologies are distinguished: (a) surface
impregnation. In this case capillary absorption of water and of aqueous solutions is prevented
but the pores remain open and the drying process can continue; (b) Sealing of the surface. In
this case the surfaces near pores are filled (sealed), sometimes with an ultra-fine cement
mortar but in most cases with a polymer. In this case the rate of carbonation and of
penetration of chloride can be slowed down significantly; (c) Coating. In this case the surface
is really coated with a film having a certain thickness.
The aim of the fourth contribution to chapter 6 (6.4) was to study the effectiveness
of surface treatment with a silicate-based product. This procedure is typically a surface
impregnation as indicated above. The product is called “surface improvement material”
without clear specification which property of the surface is to be improved. Two types of the
silicate compound, with different concentration, have been included in the test series. It was
found that the moisture content of the treated concrete plays a decisive role with respect to the
efficiency to be expected. The influence of the surface treatment on alkali silica reaction has
been studied. It was also found that the rate of carbonation as determined under accelerated
conditions can be reduced by surface treatment with the silicate-based material.
In the fifth contribution of this chapter (6.5), the fatigue performance of CFRP
strengthened RC slabs is experimentally investigated and the experimental part of the study is
presented. The strengthening of two-way slabs using CFRP sheets is evaluated experimentally.
The reinforcement ratio equal to 1.29% was chosen to serve the purpose of demarcating the
punching shear failure mode. Results show that the punching capacity of two-way slabs can
increase to 40% over that of the reference specimen. However, since bridge deck slabs
directly sustain repeated moving wheel loads, they are one of the most bridge elements
susceptible to fatigue failure. A total of five slabs were constructed and tested under
concentrated monotonic and cyclic loading until failure. Results are presented in terms of
deflections, and strains in steel and CFRP at different levels of cyclic loading. The results
showed the longer fatigue life of concrete bridge deck slabs strengthened CFRP sheets.
In the sixth contribution of this chapter (6.6), three major prevention techniques
against steel corrosion were investigated: chemical inhibitor, concrete mix and
electrochemical treatment. These techniques were further developed. For example, calcium
nitrite-based inhibitor was evaluated to quantify its inhibition effect in terms of corrosion rate
and corrosion-free life. For the concrete mix, high alumina cement was used rather Portland
cement to maximise the binding and buffering. The electrochemical treatment was employed
to fresh concrete to form densified Ca(OH)2 layer on the steel surface, thereby enhancing the
corrosion resistance.
The corrosion resistance of High alumina cement (HAC) concrete was evaluated by
testing of chloride transport and corrosion behaviour. At a given concentration of total
chlorides, the concentration of bound chlorides in HAC paste was lower (i.e. low binding
capacity) at all ages. For external chlorides, HAC concrete again produced the higher chloride
threshold level for corrosion, implying that HAC concrete may extend the corrosion free life
of a concrete structure exposed to a salt environment. It was also found that the time to
corrosion significantly increased when calcium nitrite solution (CN) was added to OPC
concretes, due to increased threshold level. Lastly, Microscopic analysis showed that early
electrochemical treatment changed the distribution of porosity including cracks, calcium
hydroxide and unhydrated cement grains of the steel-mortar interface.
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6.1

General Design Models for Flexure Strengthening of RC Beams

ABSTRACT
Bonding external tension reinforcements to a reinforced concrete (RC) structure is effective
and convenient methods to improve the structure’s static and fatigue performances under
service loads and increase its ultimate strength. However, the high ultimate loading capacity is
often impaired by premature failure modes, such as concrete cover separation, intermediate
crack induced debonding and end peeling. Although there have been many in situ applications
using externally bonded reinforcements to rehabilitate and retrofit structural elements, their
use of reinforcements for this purpose is far from being based on a rational design. The
development and competitiveness of these technologies depend on the use of valid design
guidelines that are based on sound engineering principles and mechanisms.
The main objective of this chapter is to establish a global and accurate design approach
for predicting the load carrying capacity of strengthened RC beams that experience various
kinds of debonding failure modes. Firstly, an analytical model is developed to predict the
average crack spacing of an overlay-strengthened beam that is also applicable to those
strengthened by steel plates or FRP laminates. Secondly, analytical models for prediction of
intermediate crack induced debonding, end debonding and concrete cover separation of
overlay, steel plate or FRP laminate-strengthened beams are presented. Experimental database
with various types of beam specimens is used to verify the above model’s validity and
reliability. Thirdly, a concept for determining the effective strengthening capacity for a
strengthening design is introduced and the main parameters affecting it are investigated.
Finally, a design proposal is presented for the flexural strengthening of RC beams with respect
to various kinds of debonding failure modes.
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6.1.1

INTRODUCTION

The reasons for the deterioration of reinforced concrete structures include reinforcement
corrosion, freeze-thaw action, excessive loading and poor initial design. The load carrying
capacity of many bridges and other structures has been rendered inadequate by these causes of
degradation and/or changes in the loading specifications of design codes. Consequently, there
is a worldwide need to upgrade bridges which places considerable importance on
strengthening techniques. In Japan, most of bridges were designed following the
specifications of bridge design of Japan Road Association, and many of them were
constructed from the 1960's to the 1980's. In 1993 the Japanese traffic design regulation load
was increased from 200 to 250 kN. In the European Union, nearly 84000 reinforced and
prestressed concrete bridges require maintenance, repairs and strengthening with an annual
budget of € 215 million, excluding traffic delay and management costs. In the UK, some
40000 bridges will fail to meet the requirement that all European highways must be able to
carry 40 t vehicles by the year 1999, unless strengthening work is undertaken. In the United
States, over 250000 bridges require improvement.
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Reinforcing bars

overlay
A

LE

a. flexure failure

h

RC beam

Strengthening bars or
FRP grid
Section A-A

d. intermediate crack debonding

t
b. shear failure at overlay end

e. concrete cover separation

Fig.1 Typical view of overlay method
c. shear failure near overlay end

f. overlay end peeling

Fig.2 Failure modes of overlay strengthened beam
Bonding
external
tension
reinforcements to a reinforced concrete
(RC) structure is effective and convenient methods to improve the structure’s static and
fatigue performances under service loads and increase its ultimate strength. Initially, much of
the research on this topic focused on bonding steel plates to the concrete members [1-5].
Subsequently, research on the use of Fiber-Reinforced Plastic (FRP) laminates became more
prevalent [6-23]. Most recently, the literature has focused on the use of overlays [24-28]. The
overlay method as shown in Fig.1 consists of arranging tension reinforcements (such as steel
bars or FRP grids) under the lower surface of concrete members. Polymer Cement Mortar
(PCM) or High-Performance Fiber-Reinforced Cementitious Composites (HPFRCC) is then
sprayed onto the reinforcement. Because of the overlay’s weak bond strength with normal
cement-based materials, PCM or HPFRCC allows higher levels of bond strength and
durability.
Although there have been many in situ applications using externally bonded reinforcements to
rehabilitate and retrofit structural elements, their use of reinforcements for this purpose is far
from being based on a rational design. The development and competitiveness of these
technologies depend on the use of valid design guidelines that are based on sound engineering
principles and mechanisms. Previous literature [1-28] has shown that the application of
externally bonded reinforcements to strengthen RC structures can lead to brittle failures when
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the external reinforcements debond before the design load is reached. The flexure failure with
concrete crushing (Fig.2.a) is quite similar as that of conventional RC structures. The shear
failure can be observed with shear cracks either at the overlay end (Fig.2.b) or near to the
overlay end (Fig.2.c). In a overlay-strengthened beam, the debonding failure can initiate either
near mid-span owing to flexural or shear cracks (Fig.2.d), or at the edge of overlay as a result
of stress concentration at the cut-off point (Fig.2.e-f). The most common debonding occurs in
a thin concrete layer near to the overlay-concrete interface since it is the weakest point in the
bond between the concrete and the external overlay. It should be noted that these premature
debonding modes can also be observed in the beam strengthened with other soffit plate like
steel plate and FRP sheet. Such brittle behavior reduces the full utilization of the bonded
reinforcement and reduces the structure’s safety and stability. Current attempts to explain the
premature debonding mechanism fall into two broad categories: (1) an empirical approach to
establish a relationship between debonding and various geometrical parameters or various
types of applied force at bonding interface; and (2) an analytical approach to predict the stress
concentrations that lead to debonding. Although numerous studies have provided design
models and methodologies related to the debonding problems of strengthening, the number of
studies that provide a general design proposal for various strengthening techniques that
addresses their failure mechanism similarities is much smaller.
In this chapter, a series of experiments are conducted with the aim of developing a general
analytical approach for the flexural strengthening of existing structures using various types of
external reinforcements and predicting the debonding failure. The main objective of this
chapter is to establish a global and accurate design approach for predicting the load carrying
capacity of strengthened RC beams that experience various kinds of debonding failure modes.
Firstly, an analytical model is developed to predict the average crack spacing of an
overlay-strengthened beam that is also applicable to those strengthened by steel plates or FRP
laminates. Secondly, analytical models for prediction of intermediate crack induced
debonding, end debonding and concrete cover separation of overlay, steel plate or FRP
laminate-strengthened beams are presented. Experimental database with various types of
beam specimens is used to verify the above model’s validity and reliability. Thirdly, a concept
for determining the effective strengthening capacity for a strengthening design is introduced
and the main parameters affecting it are investigated. Finally, a design proposal is presented
for the flexural strengthening of RC beams with respect to various kinds of debonding failure
modes.
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6.1.2

AVERAGE CRACK SPACING OF FLEXURAL STRENGTHENED RC
BEAM

Cracks in overlay-strengthened RC structures may be expected because of the relatively low
tensile strength of concrete and overlay materials and the use of high strength reinforcement
in substrate and overlay. Cracking in overlay-strengthened RC structures has a major
influence on structural performance, including tensile, bending and shear stiffness, energy
absorption capacity, ductility and corrosion resistance of reinforcement. Moreover, the
average crack spacing of overlay-strengthened beams plays an important role in transferred
shear stress along overlay-substrate interface and normal stress generated in the substrate
concrete in case when the premature debonding failure is investigated [24-27, 29-30]. It is,
therefore, necessary to predict the cracking behavior of overlay-strengthened RC beam.
Despite the fact that many design models have been provided by different structural codes or
individual researchers with respect to average crack spacing of RC members with single or
multilayered-reinforcement [31-43], which are similar to overlay-strengthened RC member
with reinforcement layers in the substrate and overlay, their applicability for
overlay-strengthened beams has not yet been investigated.
The main objective of this sub-chapter is to develop a rational methodology for predicting the
average crack spacing of overlay-strengthened RC beam. Firstly, the predicted average crack
spacing based on existing models from several design specifications is compared with that
from experimental database. Then a model which is capable of evaluating crack behaviors of
both overlay-strengthened beam and conventional RC beam was developed. The analytical
approach is based on equilibrium and compatibility equations to formulate the average
stresses of concrete, overlay and reinforcement of an overlay-strengthened beam element.
6.1.2.1 Crack spacing approach in the different structural codes
Tensile cracking in reinforced or prestressed concrete members is affected by various factors,
such as the types of reinforcement, concrete cover thickness, effective cross sectional area of
concrete, diameter of reinforcement, ratio of reinforcement, number of layers of
reinforcement, surface geometry of reinforcement, quality of concrete, magnitude of prestress,
etc. Generally, all or some of these parameters are induced in different structural codes.
6.1.2.2 Applicability of current models
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In order to exam the applicability of the models in different structural codes, the calculated
crack spacing with different codes equations should compare with the experimental crack
spacing of overlay-strengthened RC beams available in the literature. For this purpose,
published or reported experimental results of overlay-strengthened beams with sufficient
dimension and material parameters as well as average crack spacing are analyzed [44-50]. In
total, 36 samples with different material properties and dimensions are collected, in which 26
samples are PCM overlay with steel bars, 8 samples are HPFRCC overlay with FRP grid and
2 samples are PCM overlay with FRP grid. All the test data included in this data base were
obtained for simply supported rectangular RC beams subjected to monotonic four-point
bending load and the average crack spacing is taken as the average spacing of flexure cracks
between two upper loading points (constant moment zone). The geometrical and material
properties of the collected samples are summarized in Appendix A. The average crack spacing
measured at each sample in which the steel bars are used as reinforcement in overlay is
presented in Table 1 and Fig. 3 along with numerical estimations based on current models
from different codes. The mean value and standard deviation of Scal./Sexp. (calculated crack
spacing over experimentally measured crack spacing) are shown in [25] as well.
The JSCE code equation overestimates the value of average crack spacing with mean value of
Scal./Sexp. equaling to1.14 and the other four code equations underestimate the value of average
crack spacing with mean value of Scal./Sexp. ranging from 0.66 to 0.76. Moreover, big scatters
can be observed for all the code equations with standard deviation ranging from 0.19 to 0.30.
Generally speaking, none of the code equations can give reasonable agreement to measured
average crack spacing of overlay-strengthened RC beam. Therefore, the current models in
different codes for estimating average crack spacing of RC beam with
multilayered-reinforcement can not be applied directly for overlay-strengthened RC beams,
although these two kinds of beams are both with reinforcement in multi-layers.
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Fig. 4 Sectional analysis of overlay strengthened beam
overlay strengthened beam. By assuming
that the overlay and the substrate behave monolithically, the moment at the initiation of tensile
crack in substrate (Mcc) and overlay (Mco) can be calculated respectively as:
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where fct and fot denote the tensile strength of concrete and overlay material, Ec and Eo denote
the Young’s modulus of concrete and overlay material, xg denotes the neutral axis depth of
uncracked section of overlay strengthened beam and Ic denotes the second moment of
transformed area of the uncracked cross section in terms of concrete. The ratio between Mcc
and Mco is then expressed as:
Rc 







E o h  x g f ct
M cc

M co
E c h c  x g f ot

(3)

For conventional beam with multilayered-reinforcement (Ec=Eo, fct=fot), the value of Rc is
always greater than 1, which means the tensile crack always initiates near to the outer-layer
reinforcement. While in case of the overlay strengthened beam samples as shown in appendix
A (Ec>Eo, fct<fot), the maximum value of Rc is 0.52 with a mean value of 0.45 by using Eq.3,
which means the tensile crack always initiates from the substrate concrete as a result of
relative high tensile strength and low Young’s modulus of overlay materials. This agrees with
the experimental observations on initiation and propagation of flexural cracks [44-45].
6.1.2.4 Analytical model
When a segment of overlay strengthened beam is subjected to uniaxial tension loading
which is greater than the cracking load of both substrate concrete and overlay, the idealized
cracked beam section is assumed to consist of the effective tensile area of concrete and
overlay, and reinforcement in the concrete and overlay as illustrated in Fig. 6.a. For a section
between two adjacent cracks, the bond between the concrete or overlay and the reinforcement
restrains the elongation of reinforcement, and part of the tensile stress in the reinforcement is
transmitted to the concrete or overlay consequently [24, 47], this phenomenon represents the
tension stiffening of the concrete or overlay between the consecutive cracks.
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Fig. 5.a shows a longitudinal segment of overlay strengthened beam between two adjacent
cracks subjected to uniaxial tensile force. The length of this segment S represents the crack
spacing. The free body diagram of the substrate and overlay elements with length of dx is
shown in Fig. 5.b. Based on the equilibrium of forces acting on the concrete and overlay
segment and following the fact that the tensile stress of concrete between to adjacent cracks is
not greater than the concrete tensile strength at the stabilized crack stage, the stabilized crack
spacing of substrate concrete layer can be expressed as:

S cs 
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Stabilized crack spacing of overlay layer can be expressed as:
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where Or and Os denote the perimeter of reinforcement in concrete and overlay respectively,
Act and Aot denote the effective tension area of concrete and overlay. According to AN et al
[51], for a certain steel bar or FRP grid, the maximum effective tension area of the reinforced
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Fig.5 Element analysis of composite

concrete (Actmax) or overlay (Aotmax) within which stable crack can develop is,
Ac (o )t max 

Ar ( s )  f yr ( s )

(6)

f c(o )t

where Ar(s) and fyr(s) denote the area, the yielding strength of unit tension reinforcement in
concrete (overlay) in mm2 respectively, fc(o)t is the tensile strength of concrete (overlay) in
MPa. In a two-dimensional consideration, the maximum side length of square effective
tension zone for reinforcement in substrate (hctmax) or overlay (hotmax) can then be calculated
as,
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hc ( o ) t max 

Ac ( o ) max

(7)

This effective tension zone of steel bar or FRP grid should be limited by the cover thickness
of concrete (hctc) or overlay (hotc). Moreover, in case of bending, the height of effective
tension area should not be higher than the height of area in tension (hc(o)tt). [25] presents a
detailed calculation example considering the above limitations. In this analysis, the reduction
of concrete tension area due to existence of transverse reinforcements or stirrups is
considerably small and ignored.
The bond stress between reinforcement and concrete or overlay depends primarily on the
compressive strength, the cover thickness of concrete or overlay, and on the surface condition
of reinforcement. Due to the existence of cross ribs in the surface of FRP grid, which has
similar function of ribs in the surface of steel bar, the bond properties of overlay-FRP grid
interface can be assumed to be similar as that of steel bar-concrete interface. The peak bond
stress τbcm or τbom as shown in Fig. 5.b is then calculated using the fib Model Code equation
[52] as follows:
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(10)

where f’c(o) denotes the cylinder compressive strength of concrete(overlay) in MPa.
In beam with small concrete cover and clear spacing between the reinforcement, transverse
reinforcement provides the most relevant confining effect, especially in zones far from direct
supports where external pressure is not present (Untrauer and Henry, 1965; Gambarova and
Rosati, 1997). It is assumed that the confining effect of transverse steel bar or FRP grid in the
overlay is similar as that of stirrup in the substrate concrete.
Once the crack initiates in either layer of concrete or overlay, it will propagate to another layer
due to the reduced stiffness of cracked section, therefore the stabilized crack spacing of
overlay strengthened composite SS depends on the lesser of Scs and Sos, which means

S s  min( S cs , S os )

(11)

Considering the effect of strain gradient, the average crack spacing of overlay strengthened
beam under flexure load can be predicted as follows:

S sf  k1 min( S cs , S os )

(12)

where k1 is the coefficient to account for strain gradient = (ε1 + ε2)/2ε1 according to CSA S474
(2004), ε1 and ε2 are the largest; and smallest tensile strains in the effective tenion zone, k1 has
the maximum value of 1 in case of uniaxial load and minimum value of 0.5.
For the case of FRP laminate or steel plate strengthening, the stabilized flexural crack spacing
of strengthened RC beam is given by
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S sf 
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where bf denotes the bond width of steel plate or FRP laminate. τsc and τ(St)FRP denote the peak
bond stress at the reinforcement-concrete interface and the (Steel)FRP-concrete interface at
the stabilized crack stage, which can be calculated as following [23]
 sc  1.25 f ' c

(14)

 FRP  1.25 f t

(15)

 St  0.28 f 'c

(16)
It should be noted that the proposed model assumes the monolithic responding of external
reinforcement and substrate concrete, therefore it is not applicable for the case when
debonding occurs.
Eqs. 4-7 can also be used for conventional RC beam with single or
multilayered-reinforcement (Ec=Eo, fct=fot), both Eq. 4 and Eq. 5 has same result of average
crack spacing as:

Ss 

3k1 f ct  Act  Aot 
3k1 f ct At

 bcm
Or 
Os
 bcm Ors



 

(17)



where ∑Ors denotes the total perimeter of tension reinforcement, and At denotes the entire
effective tension area.
6.1.2.5 Verification
The same database is used for verifying the applicability of proposed analytical model for
overlay with steel bars as tension reinforcement. Beside, 10 additional samples with FRP grid
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as reinforcement in overlay are calculated to verify the applicability of proposed analytical
models for overlay with FRP grid as tension reinforcement. Moreover, 8 conventional RC
beam samples with single or double layer steel reinforcement and with various dimension and
reinforcement ratio as shown in [25] are collected in order to verify the applicability of
proposed model to the conventional RC beam with single or multilayered-reinforcement. Due
to the existence of transverse reinforcement in the overlay of all specimens, Eq. 8 is used for
calculation of maximum bond shear stress of both substrate concrete layer and overlay layer.
The calculation results of overlay strengthened beams are shown in Table 2 and Fig. 7.a. The
Scs is always smaller than Sos for all the samples because of relative high tensile strength and
low Young’s modulus of overlay materials, which means the crack of substrate concrete
dominates the average crack spacing of overlay strengthened beam. This explains the reason
why the developed model can predict the average crack spacing of overlay strengthened
beams more precisely than the current structural codes, in which the out-layer (overlay)
reinforcements always control. The mean value of Scal./Sexp. is 1.01 with standard deviation of
0.11. The comparison between calculation and experiment results of conventional beams with
single or multilayered-reinforcement based on existing structural codes or proposed model is
shown in Tables 3 and Fig. 7.c. The JSCE code gives the most conservative prediction. The
mean value of Scal./Sexp. is 1.01 with standard deviation of 0.07 by using the proposed model.
Fig. 7.b shows the comparison of average crack spacing between experimental results (Sfl.EXP)
of 28 and 14 RC beams flexural strengthened with FRP laminate [53] and with steel plate [54]
respectively and analytical results from proposed equations (Sfl.CAL). The mean value and
standard deviation of Sfl.CAL/Sfl.EXP are also presented. For either flexural strengthened or
conventional RC beam with single or multilayered-reinforcement, the analytical values have a
satisfactorily agreement with the experimental values, which verifies the accuracy of the
proposed model, indicating that the proposed prediction method is applicable and reliable.
Table 1 Calculation with original equations from different codes1)
Spe.
number
PS1
PS2
PS3
PS4
PS5
PS6
PS7
PS8
PS9
PS10
PS11
PS12
PS13
PS14
PS15
PS16
PS17

Calculated average crack spacing (mm)
JSCE
157.91
157.91
157.91
157.91
157.91
80.96
80.96
80.96
124.7
120.68
127.37
107.65
107.65
107.65
170.63
107.65
170.63

EC2
60.92
60.92
60.92
60.92
60.92
47.78
47.78
47.78
53.84
52.97
54.41
75.42
75.42
75.42
103.09
75.42
103.09

CSA
83.64
83.64
83.64
83.64
83.64
51.55
51.55
51.55
67.98
66.07
69.26
81.73
81.73
81.73
119.64
81.73
119.64
397

NS
83.64
83.64
83.64
83.64
83.64
51.55
51.55
51.55
67.98
66.07
69.26
81.73
81.73
81.73
119.64
81.73
119.64

Experimental
CEB-FIP results (mm)
53.56
128.00
53.56
135.00
53.56
132.00
53.56
123.33
53.56
116.00
40.34
70.00
40.34
78.00
40.34
80.63
40.44
92.86
38.83
102.50
41.51
87.50
80.41
128.41
80.41
126.36
80.41
137.50
116.83
128.91
80.41
117.86
116.83
120.31
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PS18
PS19
PS20
PS21
PS22
PS23
PS24
PS25
PS26
Mean of
Scal/Sexp

Standard
deviation
of
Scal/Sexp

120.31
107.65
170.63
120.31
107.65
170.63
120.31
104.73
58.13

90.47
75.42
103.09
90.47
75.42
103.09
90.47
73.09
60.47

93.52
81.73
119.64
93.52
81.73
119.64
93.52
89.17
63.03

93.52
81.73
119.64
93.52
81.73
119.64
93.52
89.17
63.03

93.46
80.41
116.83
93.46
80.41
116.83
93.46
116.83
93.46

100.78
122.19
102.50
96.25
114.00
96.00
90.00
151.60
126.60

1.14

0.66

0.76

0.76

0.68

—

0.30

0.19

0.19

0.19

0.25

—

Table 2 Calculation with modified equations from different codes and proposed model
Calculated average crack spacing (mm)
Experimenta
Spe.
l results
Proposed model
CEB-FI
number
JSCE
EC2
CSA
NS
(mm)
P
Sc
So
157.9
109.1
119.7
119.7
133.7
499.9
PS1
142.83
128.00
1
3
1
1
1
6
157.9
109.1
119.7
119.7
133.7
499.9
PS2
142.83
135.00
1
3
1
1
1
6
157.9
109.1
119.7
119.7
133.7
499.9
PS3
142.83
132.00
1
3
1
1
1
6
157.9
109.1
119.7
119.7
133.7
499.9
PS4
142.83
123.33
1
3
1
1
1
6
157.9
109.1
119.7
119.7
133.7
499.9
PS5
142.83
116.00
1
3
1
1
1
6
176.3
PS6
80.96
73.20
69.70
69.70
87.41
68.3
70.00
4
176.3
PS7
80.96
73.20
69.70
69.70
87.41
68.3
78.00
4
176.3
PS8
80.96
73.20
69.70
69.70
87.41
68.3
80.63
4
265.4
PS9
124.7
90.23
94.29
94.29
107.83
98.78
92.86
7
120.6
276.5
PS10
87.92
91.20
91.20
103.55
93.68
102.50
8
4
127.3
101.6
262.8
PS11
91.77
96.35
96.35
110.69
87.50
7
2
5
124.4
104.3
119.8
119.8
124.1
369.9
PS12
134.02
128.41
3
7
9
9
1
9
104.3
119.8
119.8
124.1
352.9
PS13
90.88
134.02
126.36
7
9
9
1
0
157.9
104.3
119.8
119.8
124.1
369.9
PS14
134.02
137.50
8
7
9
9
1
9
170.6
103.0
119.6
119.6
352.9
PS15
116.83
93.42
128.91
3
9
4
4
0
173.3
104.3
119.8
119.8
134.02
124.1
278.5
117.86
PS16
398
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2
155.3
0
170.6
3
173.3
2
155.3
0
170.6
3
173.3
2
155.3
0
170.6
3
157.9
8
104.7
3

7
103.0
9

9
119.6
4
108.5
2
119.8
9
119.6
4
108.5
2
119.8
9
119.6
4
108.5
2

9
119.6
4
108.5
2
119.8
9
119.6
4
108.5
2
119.8
9
119.6
4
108.5
2

73.09

89.17

89.17

116.83

60.47

78.03

78.03

93.46

HF1

—*

—

—

—

—

89.71

HF2

—

—

—

—

—

119.5
3

HF3

—

—

—

—

—

68.78

HF4

—

—

—

—

—

89.08

HF5

—

—

—

—

—

120.4

HF6

—

—

—

—

—

HF7

—

—

—

—

—

HF8

—

—

—

—

—

PF1

—

—

—

—

—

PF2

—

—

—

—

—

PS17
PS18
PS19
PS20
PS21
PS22
PS23
PS24
PS25
PS26

90.47
104.3
7
103.0
9
90.47
104.3
7
103.0
9
90.47

116.83
93.46
134.02
116.83
93.46
134.02
116.83
93.46

1
118.3
8
93.42
124.1
1
118.3
8
93.42
124.1
1
118.3
8
93.42
140.5
3
110.0
1

122.3
8
124.3
5
124.3
5
115.3
4
115.3
4

1
369.9
9
352.9
0
369.9
9
352.9
0
278.5
1
369.9
9
352.9
0
278.5
1
219.8
1
172.3
2
162.7
7
528.1
7
303.9
4
393.6
5
540.0
7
548.9
3
557.7
9
557.7
9
431.2
7
431.2
7

Mean of
1.29
0.87
0.97
0.97
1.07
1.01
Scal/Sexp
Standard
deviatio
0.28
0.14
0.15
0.15
0.13
0.11
n
* can not be calculated since there is no such input as bar diameter in case of FRP grid
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120.31
100.78
122.19
102.50
96.25
114.00
96.00
90.00
151.60
126.60
108.80
124.30
75.60
100.30
119.38
115.00
110.40
115.00
123.33
115.90
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Table 3 Conventional RC beams with single or double layer tension reinforcement
Num.
of
layer

Spe.
numbe
r
C5

Two
layers1

C6

)

C7
C8
C1

One
layer2)

C2
C3
C4

Mean of
Scal/Sexp
Standard
deviation of
Scal/Sexp
1) without stirrup
2) with stirrup

Calculated average crack spacing (mm)
CEB-FI
EC2
CSA
NS
P
114.7
118.0
118.0
106.88
2
7
7
114.7
117.5
117.5
106.88
2
5
5
100.0
100.0
92.39
65.55
6
6

New
Model
109.3
0
100.3
0

88.73

90.00

85.46

94.84

94.84

52.71

78.51

85.00

144.5
6
108.3
0
124.8
3
165.1
5

153.7
3
105.0
4
129.3
0
158.9
0

153.7
3
105.0
4
129.3
0
158.9
0

149.19

174.9
7

168.50

95.00

95.22

107.00

1.48

1.02

1.05

1.05

0.91

1.01

0.23

0.10

0.12

0.12

0.18

0.07

JSCE

159.8
7
159.8
7
154.0
0
152.1
1
212.5
2
136.7
9
179.1
6
208.9
8

400

112.64
194.71

132.8
5
186.2
0

Experimenta
l results
(mm)

102.00
96.00

132.50
170.45
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6.1.3

MODELS FOR IC DEBONDING AND END PEELING

6.1.3.1 Shear stress transfer in PCM overlay strengthened beam
For a PCM overlay strengthened beam, the
debonding failure can be estimated by evaluating
maximum transferred shear force between the PCM
overlay and substrate concrete. In this study, a
general case of beam under four-point bending load
is analyzed. The debonding process in different
location like overlay end zone (zone I), shear
flexure zone (zone II) and constant moment zone
(zone III) as shown in Fig.8.a have been studied by
considering stress and strain distribution as well as
transferred shear force.
The flexural stress in the RC beam is transferred
through the PCM-concrete interface into the PCM
overlay by PCM-concrete interface bond stress and
then transferred to the strengthening bars through
PCM-strengthening bar interface. Generally, the
PCM-concrete interfacial shear stresses that exist
Fig.8 Sectional analysis
between two adjacent cracks are i) generated for
force equilibrium when different shear forces are acting on two adjacent cracks and ii)
induced by a tension stiffening effect between PCM and the strengthening bars. As shown in
Fig.8.a-c, for an element between two adjacent cracks, the transferred shear force within a
longitudinal bonded distance x from the crack end j and vertical distance y from the
PCM-concrete interface can be expressed as:
x





t

 

Vi ( x )  b  i ( x ) dx nAs  sj   s( x )  b  m( x , y ) dy
0

18)

0

where sj denotes the stress of strengthening bar at the crack j and m(x,y) is the tensile stress of
PCM at the location of (x, y).
The locally transferred shear stresses between PCM and concrete depend on the relative
displacement between both materials through the constitutive behavior of the interface using a
local bond-slip relationship. The interface shear stress decreases with the increase of distance
from the cracked end and becomes zero at the point where the slip between PCM and concrete
is zero (see Fig.8.c, hereinafter referred as zero-slip point). The direction of transferred shear
stress is reversed at the zero-slip point. Therefore, the transferred shear force at left side and
right side of the zero-slip point o should be considered separately.
6.1.3.2 Constant moment zone (zone III)
In constant moment zone, since no shear force is acting between two adjacent cracks, the
PCM-concrete interface shear stress appears only as a result of tension stiffening effect
between PCM and strengthening bar. Several models to represent the tension-stiffening effect
between concrete and steel bar have already been proposed [55-58], ranging from simple to
401
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very refined models of great degree of complexity. However most of them present the average
stress strain relationships of reinforced concrete and can not be introduced directly to
calculate the stress in a particular position like zero-slip point and the cracked section,
therefore the stress or strain distribution along the reinforced concrete needs to be clarified.
According to CEB-FIP Code 90 [35], the difference of strain value (∆ εsso) between the strain
of steel bar at the cracked section (εssj) and the zero-slip point (εsso) is assumed to be constant
after the formation of the last stabilized crack and the strain of concrete at the zero-slip point
(εoc) remains constant after the first tension crack of concrete is formed.
Based on CEB-FIP Code 90, the strain of steel bar εssj at the cracked section when the last
stabilized crack is formed can be calculated as
 ssj  1.3 sj

(19)

Fig. 9 Shear and tensile stress distribution

whereεsj is the strain of steel bar at the cracked section when the first crack in concrete is
formed.
As indicated in CEB Bulletin [59], the above mentioned relationships are also valid for
flexure cracks. In this study, the tension stiffening effect of PCM and strengthening bar of
PCM overlay is assumed to follow the same rules due to the similarity of the bond behavior
between both concrete-steel bar and PCM-steel bar cases. As shown in Fig.8.b, the transferred
402
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shear force at the left and right side of zero-slip point from the formation of stabilized cracks
to the yielding of strengthening bar at the cracked section can then be calculated as
Vio  Voj  nAs E s ( ssj   sso )   f ct   moc tb / 2

(20)

where moc denotes the tensile strain of bottom surface of the PCM at the zero-slip point after
the formation of first tension crack in PCM overlay.
Based on the experimental observations of PCM overlay strengthened beam, the tension crack
in concrete is formed before the formation of tension crack in PCM overlay. This is because
that the PCM has a lower modulus of elasticity and higher flexure strength than those of
substrate concrete. Therefore the reduction of tensile stress of concrete at the cracked section
for analysis of PCM cracking load should be considered. For cross-sectional analysis of PCM
strengthened beam as shown in Fig.9.a at various locations, the tensile stress-strain
constitutive relationships of normal concrete and steel bar based on JSCE standard
specification [31] as shown in Fig.9.b-c are induced in this analysis. Fig.9.d and e shows the
stress and strain distribution of zero-slip point and cracked section at different stages. The
tensile strength of concrete and PCM at cracked section is assumed to be totally lost after the
formation of the last stabilized crack. The location of neutral axis xg1, xg2 and xg3 are obtained
by applying the equilibrium of the internal forces. The strains, stresses and forces are then
calculated as a function of the strain in extreme fiber of beam.
6.1.3.3 Overlay end zone and shear flexure zone
The calculation of the transferred shear force along the PCM-concrete interface of a PCM
overlay strengthened beam at the overlay end zone and the shear flexure zone is similar to the
constant moment zone, however the effect of moment gradient should be taken into account in
the calculation of stress and strain values at different locations. The general formula for the
transferred shear force can be expressed as follows:
Shear flexure zone:
Vio  nAs E s ( ssj   sso )   f ct   moc tb / 2

(21)

Voj  nAs E s ( soi   sso )   f ct   moc tb / 2

Overlay end zone:
Voj  nAs E s  ssj

(22)

6.1.3.4 Shear stress transfer in simple pull-out test
Before dealing with a general case of overlay strengthened beam, a simplified pure shear (pull
out) specimen as shown in Fig.10 has been studied.
PCM
The pull-out test is a conventional test method for
calibrating interfacial shear bond characteristics of
E s As
composite interfaces.
Concrete
Satoh and Kodama [60] studied the stress transfer
mechanism in the overlay method. The tensile stress
acting on the steel bar is transferred to overlay
Fig.10 Pure shear specimen
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through overlay -steel bar interface and then transferred to substrate concrete through overlay
-concrete interface. The overlay -concrete interface fracture energy can be defined as the
energy by unit area necessary to separate the overlay from concrete substrate. If a sufficiently
long bond length is applied and the displacement of substrate concrete is ignored, the fracture
energy of overlay-concrete interface can be expressed as the following equation.
Gi 

P 2 max
2 E s bn s As

(23)

where Es, As, and ns denote modulus of elasticity, cross-sectional area and number of
strengthening bars respectively. Pmax is the experimental maximum pull-out force and b is the
width of PCM overlay and generally equal to that of RC members in a practical retrofitting.
Based on Eq.23, the maximum pull-out force for a sufficiently long bond length can then be
expressed as follows:
Pmax  2nbGi E s As  b 2Gi

nE s As
b

(24)

The theoretical maximum bond strength for steel or FRP –concrete interface with sufficiently
long bond length according to previous studies [26, 61] is:
Pmax  b 2Gi E L t L

(25)

where EL and tL denote elastic modulus and thickness of steel or FRP plate. The product of
ELtL in Eq.25 represents the axial stiffness of the steel or FRP plate.
Due to the similar fracture mechanism, the accumulated researches on shear stress induced
debonding failure of steel or FRP plate strengthened beam are considerably relevant to
overlay debonding. By comparing Eq.24 with Eq.25, it can be observed that the product of
nEsAs/b has the same contribution to the maximum bond strength as that of ELtL. Since the
thickness of overlay in practical retrofitting is relatively small (t≤30mm), the overlay can be
assumed as a medium of thin thickness to uniformly transfer the shear stress from
strengthening bars to concrete. The value of nEsAs/b is then regarded as the axial stiffness of
PCM overlay.
Oller [61] developed a unified equation for bond strength of FRP(steel plate)-concrete
interface with non-linear fracture mechanics (NLFM) theory by assuming a bilinear localized
interface bond-slip relation as shown in Fig.11. The expression for bond strength of an
FRP(steel plate)-concrete interface with a given bond length of Lb can be written as:
Pu  Pmax

(26)

The coefficient α can be calculated as:
   Lb 
 L  Le
sin
    2 Le  b
 1
Lb  Le


(27)

where Le is effective bond length of a FRP(steel
404
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plate)-concrete interface within which the shear stress can be born most efficiently. It can be
expressed as:
Le 



2Gi ELt L

2

 i max

(28)

where τimax denotes the FRP(steel plate)-concrete interface shear strength as indicated in Fig.4.
The product of nEsAs/b can then be used to substitute for the ELtL in Eq.28 and the
corresponding expression for PCM-concrete interface can be expressed as:
Le 


2

2Gi nE s As / b

(29)

 i max

Based on the overlay -concrete interface shear test results given by [64-65] and [66], the most
common failure in a pure shear specimen was observed to be due to substrate concrete
fracture, which means the interface bond strength τimax and fracture energy Gi depend
predominately on the properties of substrate concrete. According to the Mohr-Coulomb
criterion, the interface shear strength is expressed as a function of properties of substrate
concrete as [61]:

 i max

 1
1 

 Ci 


f
f
c 
 ct

1

(30)

where fct and f’c are the tensile and cylinder compression strength of substrate concrete
respectively.
Similarly, the interface fracture energy can be expressed as a function of properties of
substrate concrete. Based on the current structural concrete codes [31, 35], the fracture energy
of concrete depends mainly on its compressive or tensile strength as well as maximum
aggregate size. However according to the experimental observation of Zhang et al. [65], the
effect of aggregate size on the overlay -concrete interface fracture energy is negligible if the
fracture occurs in a thin concrete layer near the overlay-concrete interface, therefore the
interface fracture energy can be approximated as a function of compressive strength of
substrate concrete as:
Gi  C Gi  f ' c 1/ 3

(31)

The Cτi and CGi in Eq.30 and Eq.31 are constants depend on several factors like material
compaction, cleanness and moisture content of repair surface, specimen age, and roughness of
interface surface. According to experimental results of Satoh and Kodama [60], the mean
value of Cτi and CGi can be taken as 0.711 and 0.075 respectively. After approaching interface
shear bond strength τimax and fracture energy Gi, the bond strength of a overlay-concrete
interface with a given bond length of Lb can be calculated with Eqs. 28-29.
6.1.3.5 Shear stress induced debonding mechanism
Overlay end zone (Zone I)
The debonding process at the overlay end zone between the overlay end and the nearest crack
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is similar to that of a pure pull-out specimen. With the increase of displacement at the loaded
end, the debonding initiates at the load application point j when the shear stress reaches the
shear strength. The interfacial crack is formed and propagates towards the free end o (see
Fig.9) with further increase of pull-out force. As shown in Fig. 9.d-e, if the given bond length
Loj is long enough (Loj≥Le), the transferred shear force reaches its maximum value (∆Vmax)
when shear stress at the load application point decreases to zero and a macro crack is formed
thereafter until it reaches the overlay free end. If the given bond length is not enough (Loj<Le),
the transferred shear force will reach its maximum value when the maximum shear stress
eventually is getting close to the free end. In this case, the given bond length is equal to the
spacing between overlay free end and the nearest crack (Loj= Scr).
Constant moment zone (Zone III)
The debonding process at the constant moment zone can be conceptually described as in
Fig.9.d and e. With the increase of displacement at the both loaded ends and due to the
geometrical and mechanical symmetry, the debonding initiates at the both load application
points simultaneously when the shear stresses reach the interface shear strength. If the bond
length is long enough (Lio=Loj≥Le), the transferred shear force reaches its maximum value
when shear stresses at the both load application points decrease to zero and macro crack is
formed and propagated thereafter until it reaches the zero-slip point. If the bond length is not
enough (Lio=Loj <Le), the transferred shear force within the adjacent cracks will reach its
maximum value when the maximum shear stresses eventually are getting close to the center
of adjacent cracks (zero-slip point). In this case, the given bond length equals to a half of the
spacing between two adjacent cracks (Loj=Lio= Scr/2).
Shear flexure zone (Zone II)
As shown in Fig.9.d and e, the debonding process at the overlay end zone (Lio=0, Loj=Scr) and
constant moment zone (Lio=Loj=Scr/2) can be regarded as two special cases of debonding
process at the shear flexure zone. In this case, the zero-slip point lies in somewhere between
cracked section and center of adjacent cracks and the given bond length depends on the
location of zero-slip point. The following equation is used for determination of zero-slip
point:
Lio M io

Loj M oj

(32)

where Mio and Moj denote the moment acting on the crack i and crack j (see Fig.8.b). In case
of four-point bending beam, Eq.32 can be further transformed as:
Lio M io a si


Loj M oj a sj

(33)

where asi and asj denote the distance between supporting point and crack i and crack j,
respectively. According to Eq.33, once an element in shear flexure zone is selected, the
location of zero-slip point is fixed during the loading process.
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6.1.3.6 Debonding criterion
Debonding failure initiated near cracks is verified by comparing the transferred shear force
with the theoretical bond strength that prevents the overlay from debonding. The debonding is
deemed to occur between two adjacent cracks when the transferred shear force is equal to or
higher than the bond strength.
In a four-point bending configuration, it will be enough to analyze the element nearest to the
load application point in shear flexure zone and constant moment zone, as the bending
moment are the highest value in comparison with the remaining sections. After calculating the
distance from the crack end to the zero-slip point Loj and Lio with Eq.33, the theoretical bond
strength Poj and Pio within the given
V
bonded length can be obtained by using
Bond strength
Eqs.26-29. It should be noted that the bond
Poj
strength decreases after the yielding of
strengthening bars at the cracked sections
due to the decrease of its modulus of
elasticity. The nonlinear relationship
Transferred shear force
between bond strength and applied load ∆Voj
can be simplified by a tri-linear
relationship defined by two knee points
Pojy
associated with strengthening bar yielding
in cracked section (Pysi or Pysj) and
Pm
Pcs
Pys
Pd Pyy P
yielding in zero-slip point (Pyy) as shown
in Fig.12. The applied load at these knee
Fig.12 Debonding criterion
points can be calculated based on stress
and strain distribution as shown in Fig.9.d
and e.
By using the Eqs.22-24, the transferred shear force can be calculated for different applied
loads. In case of the constant moment zone, the transferred shear force starts to increase from
zero value after the formation of first crack in overlay until the last stabilized crack is formed
and keeps constant thereafter as shown in Fig.9. In case of the shear flexure zone, the
transferred shear force is generated right after the load is applied and kept increasing until the
crack at the location i (see Fig.9) is formed.
The debonding strength Pd can then be determined based on the intersection point of two
curves, at which the transferred shear force is equal to the bond strength of overlay -concrete
interface. For both long and short bonded lengths, once the transferred force is equal to the
bond strength, any attempt to increase the applied load will result in macro-overlay debonding.
If the intersection point does not exist, which means the transferred shear force is smaller than
the bond strength even after the entire yielding of strengthening bar within the given bond
length, the strengthened beam fails in conventional flexure or shear failure mode.
The flexure strength Pf and shear strength Pv of overlay strengthened beam can be calculated
using the conventional analysis approach by assuming that the overlay and RC beam are
monolithic according to the available standard specifications and guidelines [31]. By
comparing the debonding strength with the theoretical flexure and shear strength, the peak
load and failure mode of a given strengthened beam can be determined by the minimum
strength.
6.1.3.7 Verification of proposed analytical approach with experiment data
In this section, the accuracy and reliability of proposed analytical procedure are verified
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through the ratio between the experimental load at debonding and its prediction.
Experimental database
Satoh and Kodama [47] reported a database of test results for PCM overlay strengthened
beams. These beams failed with various modes like concrete crushing, shear failure and
debonding failure. The ratio between area of strengthening bars and reinforcing bars as well
as shear span ratio was varied in order to examine their effects on the debonding behaviors. In
this paper, a database assembled from his test database with following selection criteria are
presented, 1)failure of beam was due to IC debonding 2)sufficient geometric and material
parameters as well as stabilized crack spacing used for proposed analytical approach were
provided .With the above selection criteria, 10 test results with IC debonding are included in
the present database which provides a solid basis for verifying and assessing the proposed
design proposal. All the test data included in this data base were obtained for simply
supported rectangular RC beams strengthened with PCM overlay, subjected to four-point
bending load.
[24] gives the RC beam details and the reinforcement properties in the RC beam and the
geometric and material properties of PCM overlay.
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Fig. 13 Comparison between analytical and experimental results

Verification
The proposed method for IC debonding of a PCM overlay strengthened beam is to predict the
debonding strength by comparing the transferred shear force with the bond strength within a
selected element between two adjacent cracks. The average stabilized crack spacing (Scr) in
shear flexure zone and constant moment zone measured from tested beams are used in the
analytical approach. The shear bond strength and fracture energy of PCM-concrete interface
are 1.689 MPa and 0.252 N/mm respectively according to Eq.30 and Eq.31. Two elements in
the constant moment zone and shear flexure zone nearest to the loading point as shown in
Fig.5 are analyzed. [24] gives the bond strength of each beam for a given crack spacing and
the comparison between the analytical and experimental load for different stages.
Fig 13.a shows the comparison between the analytical and experimental cracking load of
PCM overlay. The ratio Pcm.cal./Pcm.exp. shows a mean value of 1.01 with a standard deviation
of 0.12. Fig 13.b shows the comparison between the analytical and experimental yielding load
of strengthening bar at cracked section, the mean value of ratio Pys.cal./Pys.exp. is 1.06 with a
standard deviation of 0.08. Fig 13.c shows the comparison between the analytical and
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experimental peak load of strengthened beam, the mean value of ratio Pu.cal./Pu.exp. is 1.10 with
a standard deviation of 0.14. The failure mode of PCM strengthened beam can be correctly
predicted as well as shown in [24]. In total, the analytical values have a satisfactorily
agreement with the experimental values, which verifies the accuracy of proposed analytical
approach, indicating that the proposed prediction method is reliable.
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6.1.4

MODELS FOR CONCRETE COVER SEPARATION

6.1.4.1 Analytical Models
Lp
As shown in Fig. 14, a series of cracks in the
concrete cover cause concrete blocks to form along
the bottom of the RC beam that have slits between
A
B
them resembling “comb teeth”. The concrete tooth
model was developed under the assumption that a
d0
La
concrete “tooth” between two adjacent cracks
a
deforms similar to a cantilever with horizontal shear
A
stresses acting on its tip, which results from the
A
external reinforcement’s different tension forces [66,
A
67]. For a single tooth (or concrete block) within a
h0
given tooth spacing Scr (as indicated in Fig. 14), the
B
B
external reinforcement’s tensile stress s generates
s
Scr
the tensile stress A at point A which is right beneath
internal reinforcement and the closest to the overlay
Fig. 14 Concrete tooth model
cut-off point in the tooth. According to the
debonding criteria, concrete cover failure occurs
when the concrete tensile stress A is greater than the concrete’s tensile strength. According to
[27], the concrete cover separation failure load for overlay-strengthened beams is determined
by the following equation:

Pdy 

2 M ru
d0  Lp





(34)

where Mru is the bending moment at the tension reinforcement yielding of an unstrengthened
(control) beam, and Lp is the concrete cover’s debonding length at the failure load. Lp can be
calculated using the following equation:
6h A ( d  x g ) M ru
Lp  0 s s
(35)
f ct bS cr I s
where d0 is the distance between the support and the end of the overlay; h0 is the net concrete
cover height measured from the bottom side of the substrate concrete’s reinforcing bar to the
center of the external reinforcement; b is the width of the beam; and As is the cross-sectional
area of the external reinforcement (either an FRP grid or a steel bar) inside the overlay; xg, ds
and Is are the neutral axis depth of the cracked section with strengthening, the effective depth
of the external reinforcement and the transformed moment of inertia of the beam’s cracked
cross-section in terms of the external reinforcement, respectively; and fct is the substrate
concrete’s tensile strength.
The concrete cover separation failure mechanism of steel plate or FRP laminate strengthening
is similar to that of overlay strengthening, with differences in the external reinforcement’s
geometry, material characteristics and bonding agencies. Therefore the same equation can be
used for steel plate or FRP laminate strengthening. The difference lies in the calculation of
crack spacing as indicated in chapter 6.2.
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Yes
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Fig. 15 Calculation flowchart for the flexural-strengthened beam
regarding concrete cover separation

From these equations, a general calculation flowchart can be composed for identifying the
inherent failure mode of RC beams strengthened with various externally bonded
reinforcements with respect to concrete cover separation. As indicated in Fig. 15, the tooth
spacing (Scr) is initially assumed to be the average flexural crack spacing (Sfl). If the
calculated debonding load (Pdy) is greater than the diagonal shear cracking load (Vcd), the
diagonal shear cracks occur before the concrete cover separation, after which the tooth
spacing is taken as two-thirds of the average flexural crack spacing following suggestion of
Zhang et al. [27], and the debonding load (Pdy) has to be recalculated. If the recalculated
debonding load is smaller than the diagonal shear-cracking load, concrete cover separation
occurs right after the diagonal shear cracks are formed (Pdy=Vcd). If Lp>a-d0, the concrete
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cover fully separates along the shear span, which results in a complete loss of the
strengthening capacity. Thus, the peak load depends on the control beam’s flexural strength
(Puc). The flexure strength (Pus) of the strengthened beam without concrete cover separation
can be predicted using the conventional analysis approach [31] under the assumption that the
external reinforcement and the substrate beam are monolithic. By comparing the debonding
strength with the theoretical flexure strength without concrete cover separation, the peak load
Pcal and the failure mode of a strengthened beam are governed by the lesser of Pdy and Pus.
Please note that this analysis does not consider shear failure of the strengthened beam without
debonding.
6.1.4.2 Experimental verifications
To examine the applicability of the proposed models to FRP laminate or steel plate
strengthening, the calculated peak and failure loads must be compared with the experimental
outputs available in the literature. For this purpose, published or reported experimental results
for beams strengthened with FRP laminates or steel plates with sufficient dimensional and
material parameters were analyzed. Ninety samples were collected, of which 39 were
strengthened with steel plates and 51 were strengthened with FRP laminates. Please note that
these samples typically had different material properties and dimensions, including the
concrete compressive strength (f’c), the FRP laminate or steel plate modulus (Es), the
thickness (ts) and width (bs) of the FRP laminate or the steel plate, the internal steel
reinforcement, the distance from end of the FRP laminate or the steel plate to the support (d0),
and the concrete beam geometry. All of the test data included in this study’s database were
obtained for simply supported rectangular RC beams subjected to a monotonic four-point
bending load, with flexural failure or concrete cover separation. The specimen with interfacial
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debonding was not considered in this database since it was out of the scope of this paper.
The geometrical and material properties of the collected samples are shown in [27].
A comparison of the experimental and analytical peak loads is provided in Fig. 16 and Fig. 17.
For FRP laminate strengthening, the mean value of the ratio between the calculated and
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experimental peak loads (Pcal/Pexp) is 1.00, with a standard deviation of 0.17 and a correlation
coefficient of 0.94. For steel plate strengthening, the mean value of the same ratio is 0.96,
with a standard deviation of 0.14 and correlation coefficient of 0.98. The proposed model
correctly predicts the effects of various parameters, such as material properties and sample
dimensions. These results verify the proposed model’s accuracy and indicate that the proposed
prediction method is applicable and reliable for FRP laminate and steel plate strengthening as
well as overlay strengthening.
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6.1.5

EFFECTIVE STRENTHENING CAPACITY AND PARAMETERIC STUDIES

6.1.5.1 Effective (Maximum) Strengthening Capacity
Specimen Ga1 in Table 1 of 27[], which is strengthened by an external FRP strip, is used as
an example to examine the changes of flexural strength and debonding strength with concrete
cover separation with area of external reinforcement (As). As indicated in Fig. 8, for given
substrate and external reinforcement material properties, an increase in the ratio of area of
external and internal reinforcement As/Ar causes the flexural strength to increase and the
debonding strength to decrease with concrete cover separation. Therefore, there is an upper
limit for the efficient area of external reinforcements, beyond which debonding with concrete
separation occurs. In other words, for the given substrate and external reinforcement materials,
the strengthening efficiency is limited to a certain range, out of which a further increase in the
area of external reinforcement leads to a decrease in the peak load. As shown in Fig. 18, the
efficient external reinforcement area (Aeff) and the effective strengthening capacity (Peff)
correlate to the intersection point (Pdy=Pus) of two curves representing the flexure and
debonding strengths, respectively. The strengthened beam experiences flexure failure if As<
Aeff and concrete cover separation failure if As>Aeff. The Aeff and Peff for each of the samples
were calculated for FRP laminate and steel plate strengthening. Moreover, the
overlay-strengthened beams summarized by Zhang et al. [27] were also calculated, of which
eight had overlays with steel bars as reinforcements, and 12 had overlays with FRP grids as
reinforcements. [] show the results of these calculations for Aeff and Aeff/As. For almost all of
strengthening method types, the experimental and predicted failure modes correspond well
when comparing As and Aeff. There are few exceptions, which show the predicted failure mode
does not agree with the experimental facts. But in all of those exceptional cases the ratio of
Aeff/As is close to 1.0.
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Parameters affecting the effective strengthening capacity

For a given substrate RC beam, the geometrical and material characteristics of the external
tension reinforcement are varied to increase the Peff and thus the strengthening efficiency.
Therefore, the parameters affecting the Aeff and Peff will be investigated. In this study, four
parameters including Young’s modulus (Es), tensile strength (fys), area (As) of external
reinforcement and the distance between the end of the FRP laminate and the support (d0) are
analyzed, which are the main variances of external strengthening chosen during the design
process. Again, specimen Ga1 used as an example to conduct quantitative parametric studies.
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6.1.5.3 Effects of an external reinforcement’s bond width (bs) and thickness (ts) for a
constant strengthening area (As)
Fig. 19 shows the effects of different FRP bond width (bs) and thickness (ts) combinations for
a constant strengthening area. When the strengthening area is held constant, bonds that are
narrower and thinner have higher debonding strengths with concrete cover separation, while
the flexure strength remains constant. Narrowing and thinning FRP strip leads to increases in
both Aeff and Peff. According to Eq. 13, a smaller external reinforcement bond width results in
a smaller bond area between concrete and FRP strip, which increases the average crack
spacing (Sfl) and in turn decreases Lp (following Eq. 35) and increases the debonding strength
(following Eq. 34). This effect is more pronounced if an intersection point exists in zone I of
Fig. 18 and less pronounced when the debonding strength depends on the initiation of a
diagonal shear crack (zone III in Fig. 18). The FRP bond width and thickness should be
reduced and increased, respectively, to better resist concrete cover separation. However,
reducing the FRP bond width also decreases the FRP-concrete interface bond strength, which
increases the possibility of FRP delaminating [20-23]. Therefore, a comprehensive design
should optimize the external reinforcement’s width and thickness by considering all
debonding mode types.
Effect of d0
Fig. 20 shows the effects of the distance between the end of the FRP laminate and the support
(d0) on the debonding strength and effective strengthening capacity. The debonding strength
decreases with increases in d0, while the flexure strength remains constant. This leads to a
reduction in both Aeff and Peff. Thus, d0 should be minimized.
Effect of an external reinforcement’s Young’s modulus (Es) for a constant tensile
strength (fys)
Fig. 21 shows the effect of an external reinforcement’s Young’s modulus for a constant tensile
strength. As Es increases, the flexure strength increases if the failure is not governed by the
tensile strength of external reinforcement and the debonding strength decreases. In this case,
varying Es only marginally affects Peff and significantly affects Aeff. If the flexural strength at
the intersection point is governed by the yielding or breakage of external reinforcement, the
flexural strength is then not affected by Es. In this case, both Aeff and Peff decrease with
increase of Es. Generally speaking, smaller Es is preferable.
Effect of an external reinforcement’s tensile strength (fys) for a constant Young’s
modulus (Es)
Fig. 22 shows the effect of an external reinforcement’s tensile strength of FRP grid or
laminate (or yielding strength in case of steel bar or plate) for a constant Young’s modulus. As
fys increases, the flexure strength increases if the failure is governed by the yielding or
breakage of external reinforcement and the debonding strength remains constant. This leads to
a decrease in Aeff and an increase in Peff. However, if the flexure strength is governed by the
compressive failure of concrete before the breakage of external reinforcement, both the
flexure strength and debonding strength are constant and consequently Aeff and Peff are
unchanged. Generally speaking, larger fys is preferable.
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6.1.5.4 Calculation of Aeff and Peff of all the samples in the database
The effective strengthening capacity was calculated for each of the samples, including those
for FRP laminate and steel plate strengthening (collected in [74]) and those for overlay
strengthening (collected in [27]). The results of these calculations are shown in Tables 1-4 of
[74]. The steel plate strengthening has the lowest strengthening efficiency, with a mean Peff /
Puc value of 1.24 (ranging from 1.03 to 2.22). This is mainly due to the relatively low yielding
strength of the steel plates, which corresponds well with the parametrical study on fys in
section 3.2.4. Overlay strengthening with steel bars and FRP grids as reinforcements and FRP
laminate strengthening have relatively higher strengthening efficiencies, with mean Peff /Puc
values of 2.82, 2.12 and 2.40, respectively.
6.1.6

GENERAL DESIGN PROPOSAL

Based on the concept of effective strengthening capacity and its parametric studies, a flow
diagram of the strengthening process is proposed (shown in Fig. 23). The strengthening of
structures typically proceeds in the following steps:
(1) Identify the performance requirements (Pep) for the existing structure to be strengthened.
(2) Inspect the existing structure, evaluate the structure’s performance (Puc) and verify
whether it fulfills the performance requirements.
(3) If the structure does not fulfill the performance requirements (Puc < Pep) and an update of
the structure through strengthening is desired, proceed with the structure strengthening
design.
(4) Select an appropriate strengthening method and establish the materials (Es, fys) and the
construction methods (bs, d0) to be used.
(5) Evaluate the structure’s performance after strengthening (Peff) and verify whether the
structure will fulfill the performance requirements.
(6) If the strengthening does not fulfill the performance requirements (Peff < Pep), employ the
following countermeasures and then repeat steps (5) and (6):
a. Adjust the bs
b. Reduce the d0
c. Select another material with a lower Es if Es governs the flexural strength
d. Select another material with a higher fys if fys governs the flexural strength
e. Apply an end anchorage system
(7) If it is determined that the retrofitting structure will fulfill the performance requirements
(Peff ≥ Pep) using the selected strengthening and construction methods, calculate the required
strengthening area (As) according to Pep under the assumption that the strengthened structure
behaves monolithically.
(8) Implement the strengthening work.
Please note that besides the strengthening capacity, selection of strengthening method in step
(4) depends on many other factors such as cost and availability of materials, which are not
considered in this flowchart. The main focus of this flow chart is to show a general design
concept for various kinds of flexural strengthening. Besides, this flow diagram considers only
the possibility of debonding with concrete cover separation. In a practical design, other
possible failure modes as well as their parametric studies should be checked (such as
intermediate crack debonding, end delaminating or shear failure of the strengthened structures
simultaneously within steps (5) and (6)). Moreover, the anchorage system shown in option e
of step (6) needs to be further investigated. Although this paper focuses on concrete cover
separation failure, a more general design flow diagram will be proposed in subsequent studies
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Fig. 23 Design flow chart regarding concrete cover separation
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6.1.7

CONCLUSIONS

Bonding external tension reinforcements to a reinforced concrete (RC) structure can
significantly improve the ultimate flexural strength and stiffness of the strengthened beams.
However, the high ultimate loading capacity is often impaired by premature failure modes,
such as concrete cover separation, intermediate crack induced debonding and end peeling .
Average crack spacing of flexural strengthened RC beam is regarded as on of the key
parameters for analyzing the debonding strength. A crack spacing model is developed by
considering the equilibrium and compatibility equations of overlay strengthened beam
element. The new model can account for the influence of major parameters, such as the
quantities and total perimeters of reinforcement across the crack, the tensile strength of
substrate concrete and overlay materials, the characteristics of the bond between the concrete
and reinforcement in the substrate and the bond between the overlay materials and
reinforcement in the overlay. This model can also be used for FRP and steel plate
strengthening.
For the IC debonding or end debonding, the shear force transfer mechanism of
overlay-concrete interface in case of a beam subjected to bending load and the debonding
process for element with short or long bond length in different locations are analyzed with the
stress and strain distribution along the interfaces. The theoretical bond strength indicates an
upper limit on the transferred shear force for different applied load. The debonding occurs
when the transferred shear force is equal to or higher than the bond strength. The debonding
strength can then be determined based on the intersection point of two curves representing the
transferred shear force and the bond strength of PCM-concrete interface. By comparing the
debonding strength with the theoretical flexure and shear strength of a given strengthened
beam, the peak load and failure mode can be determined according to the minimum strength
of the strengthened beam.
For the concrete cover separation, we have demonstrated that the analytical model developed
to predict concrete cover separation in overlay-strengthened beams is also applicable to those
strengthened by steel plates or FRP laminates, with differences in the average crack spacing
calculations. An experimental database with various types of beam elements was used to
verify the model’s validity and reliability. For beams strengthened with FRP laminates or steel
plates, the proposed model’s results correspond well with those from previously conducted
experiments.
Based on the analytical model, a concept was presented to determine the efficient
strengthening area and effective strengthening capacity by predicting the intersection point of
the two curves representing the flexure and debonding strengths. Parametric studies were
conducted to clarify the effects of various parameters on the efficient strengthening area and
effective strengthening capacity.
Finally, a design flow diagram for the strengthening process was proposed with respect to
concrete cover separation. One of the key factors in this diagram is the effective strengthening.
This design proposal contributes to the application of external flexural strengthening in
practical design.
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6.2

Water Repellent Treatment of Reinforced Concrete Structures, an
Effective Preventive Measure

ABSTRACT
Chloride penetration followed by chloride initiated corrosion is the most frequently observed
deterioration process of reinforced concrete structures in marine environment or exposed to
salt solutions. Chloride ions dissolved in water are transported into the pore space of concrete
by convection. The driving force in the initial stage of chloride penetration is the capillary
under-pressure. At a later stage chloride penetrates deeper into the pore space by diffusion. In
this second transport mechanism the driving force is the difference of concentration of
dissolved chloride ions. Chloride uptake by capillary absorption can be significantly reduced
if not prevented by deep impregnation of the surface near zone of concrete. The chloride
barrier built up by water repellent surface treatment is effective for at least 30 years. If
reduced efficiency is observed the surface impregnation can be repeated. In this way service
life of reinforced concrete structures exposed to aggressive environment can be extended
considerably.
Keywords: Chloride penetration; Capillary absorption; Water repellent surface treatment;
Service life.
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6.2.1

INTRODUCTION

Water repellent treatment of porous building materials has been practised for thousands of
years and in many different civilisations. During the Roman Empire oil has been added to the
fresh mix of mortars and concrete to make them more durable or to make water pipes water
tight. There existed many hundreds of kilometres of water ducts to provide water for the big
cities which were water repellent treated. More recently linseed oil has been used in harsh
climate to avoid water penetration into concrete roads and to increase frost resistance.
Basically we can distinguish two different technologies to make concrete water repellent. One
is the addition of a water repellent agent to the fresh mix. In this case so called integral water
repellent concrete is obtained. The whole volume becomes water repellent in this case. An
interesting alternative is to impregnate the surface near zone with a water repellent agent. In
this latter case only the impregnated surface layer is water repellent. It has been shown that
generally the surface impregnation is more efficient.
In concrete technology one has to distinguish at least three different surface technologies.
Depending on the aim of the treatment it has to be decided which one will be most
appropriate.
(1) Coating
In case of an application of a coating on the surface of concrete a film or a layer with a
prescribed thickness is placed on the surface. A coating can be characterized by its thickness
and the permeability. Thin coatings are most often made of diverse polymers and blended
polymers, while thick coatings may also be cement-based mortars. The life time of coatings is
usually very limited and it has to be renewed in regular intervals. One big disadvantage of
coatings is that the drying process is hindered. This may increase the risk of frost damage in
cold regions.
(2) Sealing
In the case of a sealing the pores are blocked by an appropriate agent without forming a film.
Sealing of the pores may be more resistant with respect to abrasion than coating the surface.
But in this case drying is also hindered. The effectiveness of a sealing may be characterized
by the remaining permeability and the coefficient of capillary absorption.
(3) Water repellent treatment
In this third type of surface technology the surface is impregnated with a water repellent
liquid. Very often silane or silane based products are used today. Silane reacts in the pore
space in the presence of humidity. In this way silicon resin is formed. A nano-layer of silicon
resin covers the internal surface of the pore space in concrete, but the pores remain open and
moisture exchange of concrete with the environment is hardly influenced. Silicon resin is
water repellent (hydrophobe) and hence capillary absorption is suppressed. The efficiency of
water repellent surface impregnation may be indicated by the penetration depth of the agent
into concrete, which means by the thickness of the water repellent surface near layer, by the
reduction of the coefficient of capillary absorption and by the remaining gas permeability. It
has been shown that the efficiency of water repellent treatment last for several decades if care
is taken that the penetration depth is at least 6 to 10 mm. The rate of carbonation is slowed
down after water repellent treatment.
6.2.2

SELECTED TYPICAL EXAMPLE

Here just some selected characteristic examples can be presented. Many more results can be
found in the relevant literature (see for example [1-3]).
The amount of water ΔW absorbed as function of time t can be described approximately by
the following simple equation. It should be noted that gravity is neglected in this case.
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(1)
In equation (1) A stands for the coefficient of capillary absorption, which has the following
physical meaning:

(2)
In equation (2) ψ stands for the water capacity that means for the total amount of water, which
can be taken up by the pore space by capillary action, reff represents the effective pore radius,
σ stands for the surface energy and θ is the contact angle between water and the pore surface,
η finally represents the viscosity of the liquid, which is temperature dependent. A has the
following dimension: kg/(m2 h1/2). A of normal untreated concrete is in the order of magnitude
of 0.1 to 0.5 kg/(m2 h1/2) and it depends strongly on the water content. After water repellent
treatment of the concrete surface the coefficient of capillary absorption A decreases and
reaches values of about 10 % of the initial value. The small amount of water, which still enters
the water repellent concrete, is essentially water vapour. But this means that no chloride can
be transported by convection into water repellent concrete.
In Fig. 1 a typical example for the influence of water repellent treatment on chloride
penetration is shown. In this case the surface of concrete with a water-cement ratio of 0.6 has
been put in contact with an aqueous 3 % NaCl solution (artificial seawater) permanently for
28 days. Chloride has penetrated during this comparatively short period deep into concrete, up
to 30 mm. Close to the surface part of the penetrated chloride has been washed out again by
convection due to the drying process. But in concrete, which has been impregnated with
liquid silane, chloride could be found in a very thin surface near zone only, not more than 2
mm. That means that an effective chloride barrier has been built up by water repellent
treatment [4]. It is obvious that service life of reinforced concrete structures can be extended
significantly just by water repellent treatment.
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Figure 1: Chloride profile as determined in concrete with a water-cement ratio of 0.6 after 28
days contact with 3 % NaCl solution. For comparison the chloride profiles of untreated and of
water repellent concrete are shown [4].
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Figure 2: Chloride penetration into concrete with a water-cement ratio of 0.6 after exposure to
seawater in the tidal zone for 45 days [5].
In Fig. 2 again penetration of chloride into concrete with a water-cement ratio of 0.6 is shown.
In this case concrete samples have been allowed to harden in the moist room for 28days. Then
they were exposed to seawater in the tidal zone in an exposure site near Qingdao for 45 days.
Again, chloride penetrates deep into the untreated concrete while after surface treatment with
liquid silane traces of chloride can be analyzed only close to the surface (see also [6-9]). If the
surface of concrete is in contact with liquid silane for at least 60 minutes an efficient chloride
barrier is established. This treatment can be called deep impregnation.
If a crack, even a very fine crack, is in contact with salt solutions it is immediately filled with
the liquid. In this way chloride can be transported in a few seconds by convection up to 50
mm deep into concrete [9]. It has also been shown that capillary absorption of cracks up to a
critical crack width can be inactivated by water repellent treatment [10-12]. As concrete in
practice has usually cracks this result is of particular importance.
6.2.3

CONCLUSIONS

It has been shown that chloride penetrates deep into untreated concrete in a short period by
capillary action. Later chloride moves slowly deeper into the pore space of concrete by
diffusion. Capillary absorption can be avoided by water repellent treatment. If the surface near
zone is deep impregnated with liquid silane, ingress of chloride is essentially prevented. Then
diffusion of chloride ions cannot take place.
Up to a critical crack width capillary absorption of cracks can be inactivated by water
repellent treatment. This is of particular importance as cracks transport salt solutions very
quickly deep into concrete and hence reduce service life considerably.
Durability and service life of reinforced concrete structures exposed to aggressive
environment can be extended significantly by water repellent treatment. This comparatively
simple and cheap technology can contribute to both more economical and more ecological
construction.
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6.3

Effectiveness of Galvanic Anode System for Cathodic Protection of
RC Structures in Marine Environment

ABSTRACT
A galvanic anode system is one of the ways of cathodic protection used to protect metal from
corrosion using galvanic or sacrificial anodes. However, it is so difficult to control the
corrosion reaction of sacrificial anode metal in the system that only seldom attempt using
galvanic anode system has been tried for actual concrete structures. In order to apply this
system more effectively in the fields of maintenance of concrete structures, electrochemical
properties of sacrificial anode metal in several environments must be considered in detail. In
this study, the influence of anode types and environmental conditions upon the effect of the
corrosion protection using a galvanic anode system were tried to clarify by several
experimental examinations.
Keywords : galvanic anode system, cathodic protection, sacrificial anodes, marine
environment
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6.3.1

INTRODUCTION

Cathodic protection(CP), a electrochemical technique for inhibiting corrosion of steel in
concrete, is widely known and already used as one of the remarkable ways for both repair of
deteriorated and maintenance of newly concrete structures especially in marine environment
[1]. By the differences of the ways for making anodes which pass a protective current to
re-bars through the electrolyte, CP can be roughly classified into two types, impressed current
CP system or galvanic anode CP system. Impressed current CP system which consists of
anodes connected to a DC power source has much flexibility in terms of the amount of
protective current delivered and the ability to adjust it according to the conditions change and
the deterioration level of applied concrete structure. However, at the same time, its initial and
running cost are commonly much higher than galvanic CP system, because of its complex
construction including a power supply and periodic maintenance required during operation
time.
Galvanic CP system, on the other hand, consists of sacrificial anodes such as Zinc-based
alloys which are anodic relative to the ferrous structure. This inherent material property
enables sacrificial anode to function without external power supply, with only relatively low
initial cost and a little maintenance after installation. However, sacrificial anodes are
consumed by own corrosion during their service life and must be replaced periodically.
Addition to that, since it is impossible to control the protective current during operation, it
may not obtain a sufficient effect which expected in design in case of an environmental
condition and a deterioration level of structure change [2].
Though those two types of systems have their own merit and demerit as described above,
considering the huge amount of infra-structures in marine environment, low cost and easy
construction and maintenance in galvanic CP system are very important features. However, to
use galvanic CP system more effectively, proper anode material have to be chosen considering
the characteristic of anode metal, and appropriate maintenance plan have to be made
according to applied environmental condition and deterioration level of concrete structure.
Therefore in this study, focusing on the galvanic anode CP system, experimental examination
were carried out to grasp the characteristic of sacrificial anode material which applied by
thermal spray coating and its effect in several environmental conditions on the performance of
corrosion protection and effective periods.
6.3.2

EXPERIMENTAL PROGRAM

6.3.2.1 Preparation of Specimen
In the experiment, 4 types of thermal sprayed metal and construction method as shown in
Table 1 are examined using two types of specimens, 15 x 15 x 5 cm mortar specimen with a
punching steel metal (1 mm thickness), and 40 x 40 x 7 cm concrete specimen with rebars
(D10), as shown in Fig.1. Mix proportions for both mortar and concrete specimens are shown
in Table 2. Water cement ratio is 0.6 and 12 kg/m3 is added to accelerate the corrosion of steel
embedded in the specimens. After 28 days curing in atmospheric condition, thermal spray
methods in Table 1 are applied, and then CP starts in several exposure conditions as shown in
Table 3 by connecting galvanic anode and steel in specimen electrically. Initial conditions of
steel corrosion in each specimen in the beginning of the exposure are shown in Fig.2, and
appearances of those are shown in Photo 1. Total corrosion areas are 25 % and 8 % for mortar
and concrete specimen respectively, and the corrosion has progressed more in bottom side for
both specimens.
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Table 1 Sacrificial Anode Alloys and Thermal Spray Methods
Anode
Pre-treatm
Thermal spray
post-treat
Thickness
alloy
ent
method
ment
Al-Zn-In

Arc spray

surface
preparatio
n

Al-Mg
Zn

Plasma spray

150

300
m

Gas flame spray

blast-clean
ing

Al-Zn

―

Cold Arc spray

Sealing

50

Mortar spacer

Sacrificial
anode

Punching steel metal
Thickness : 1 mm

Sacrificial
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Figure 1: Outline of Mortar and Concrete Specimens
Table 2 Proportion for Specimens
(2) Concrete specimen (kg/m3)

(1) Mortar specimen
W/C
0.6

S/C
2.0

NaCl
12 kg/m3

W/C
0.6

W
202

C
337

S
886

G
819

NaCl
12

Table 3 Exposure Conditions
20 ºC
Anode Alloy
Al-Zn-In (I)

40 ºC

Wet and Dry

RH 90%

Wet and
Dry

Mortar /
Concrete

Mortar /
Concrete

Mortar
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RH
90%
Mortar

Marin
environment
Concrete
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Al-Mg (M)
Zn (Z)
Al-Zn(AZ)
-

Mortar /
Concrete
Concrete
Mortar /
Concrete
Mortar /
Concrete

-

Mortar

-

-

Mortar /
Concrete
Mortar /
Concrete

Mortar

-

-

Mortar

Mortar

Concrete

Mortar

Mortar

Concrete

Crrosion area (%)

35
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5
0
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Figure 2: Initial Condition of Steel Corrosion

Casting side
Bottom side
Casting
side
Bottom side
(1) Punching metal in mortar specimen
(2) Rebars in concrete specimen
Photo 1 Initial Condition of Steel Corrosion in Specimens

Photo 2 Exposure in marine environment
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6.3.2.2 Measurement Items
During exposure test, current density of each specimen in CP condition was measured. Also,
every 2 weeks, by disconnecting galvanic anode and steel in specimen temporarily,
depolarization value which is the difference between instant-off potential and potential after 4
hours under disconnecting condition.
After 2 years exposure, all the specimens were dismantled and corrosion of steel in each
specimen was examined. In every 1 cm2 for punching metals and 2cm2 for rebars, corrosion
condition were classified into 4 grades according to the setting in Table 4.
Table 4 Corrosion Grade Setting for Steel in Specimen

Corrosi
on
grade

6.3.3

Appearance of steel
Punching metal

rebar

State

Grade
0

Sound part

Grade
1

Corrosion
colour

Grade
2

Progress of
corrosion

Grade
3

Reduction of
volume

RESULTS AND DISCUSSIONS

6.3.3.1 Monitoring During CP Applied Period
During 2 years exposure time, no specimen had any corrosion cracks and differences in
appearance except some detachments of anode alloy from the surface as shown in Photo 3.
Such detachments were basically occurred in relatively severe conditions, such as “ Zn
anode” in 40 ºC Wet &Dry and “Al-Zn-In anode” in 40 ºC RH90%.
Fig.4 and 5 show relationships between average current density and depolarization during
exposure time. From the figures the effect of Galvanic CP system depends on both exposure
conditions and anode alloy. As shown in Fig.4, in 20 ºC conditions, relationship between
current density and depolarization is almost liner in spite of different humidity condition.
However, this relationship cannot be found in higher temperature condition. Especially in 40
ºC, wet & dry condition, even though large amount of current density was measured,
depolarization of steel in specimen was only 20 to 50 mV.
As for the effect of anode alloy, “Al-Zn anode” shows stable depolarization in both high
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humidity and wet & dry conditions. On the other hand, “Al-Zn-In anode” shows very high
depolarization in higher humidity condition. However its depolarization tends to decrease in
low humidity condition. This phenomenon can be seen in actual marine environment shown
in Fig.6. When RH is more than 70 %, higher depolarization can be obtained.
20 ºC RH90%
Wet & Dry
40 ºC RH90%

20

ºC

40

ºC
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Zn
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& Dry

250
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量 （ｍV）

Average平 均 復 Depolarization
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200
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0
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Figure4. Relationships between Current
Figure 5
Relationships between Current Density and Depolarization
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Figure 6: Depolarization of Al- Zn-In Anode

Photo 3 Example of Anode Detachment
in

Marine Environment

6.3.3.2 Confirmation of Actual Effectiveness after Exposures
In order to confirm the actual effectiveness of Galvanic CP system, all the specimens were
dismantled after 2 years exposure time, and corrosion grade of punching metals or rebars in
specimens were examined. Fig.7 and 8 show the relationships between average corrosion
grade and average depolarization during exposure time, classifying by environmental
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condition and anode alloy respectively. As seen in those figures, specimen obtained more than
50 mV of average depolarization through the exposure time, corrosion rate of steel in the
specimen was obviously reduced, and more than 100 mV of average depolarization, corrosion
progress of steel was almost stopped by galvanic anode CP system.
From the view point of environmental conditions, effectiveness of CP system can be found in
most of 20 ºC conditions and marine environment, however, in high temperature condition, its
effect cannot be found. Addition to that, even using same anode alloy, its effect can be
changed according environmental condition. But in any case, degree of corrosion protection is
highly corresponded to depolarization value, then effectiveness of galvanic anode CP system
can be examined by monitoring the depolarization of steel in side of concrete.
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Figure 7: Relationships between Corrosion
Corrosion
Grade and Depolarization
Depolarization
(Classified by environmental condition)
6.3.4

Figure 8: Relationships between
Grade

and

(Classified by Anode alloy)

CONCLUSIONS

In this study, the influence of anode types and environmental conditions upon the effect of the
corrosion protection using a galvanic anode system were tried to clarify by several
experimental examinations. From the experimental result, following conclusions are obtained.
(1) Effectiveness of galvanic anode CP system using thermal sprayed sacrificial anode was
confirmed in various environmental conditions, such as high humidity, wet & dry, and marine
environment.
(2) All alloys examined in this study can be workable as sacrificial anode, however, their
effectiveness can be change depending on environmental condition. Therefore, in design and
planning of galvanic anode CP system, suitable alloys should be chosen for applied
environmental condition.
(3) Current density, depolarization of steel in concrete and degree of corrosion protection has
good relationships. However, in high temperature condition, detachment of anode alloy can
affect on its relationship.
(4) In severe environmental condition, adhesion of thermal sprayed sacrificial anode
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decreases and detachment can be occurred. Since this phenomenon reduces the effectiveness
of corrosion protection, reaction properties of each alloy and appropriate methods as pre and
post treatment for concrete surface should be examined.
REFERENCES
[1] Japan Society of Civil Engineers. Recommendation for design and construction of
electrochemical corrosion control method. Concrete Liblary 107, 2001.
[2] Sasaki K., Takewaka K., and Hasui k.: Practicability of galvanic anode cathodic protection
by using metallic thermal spray, Proceedings of the Japan Concrete Institute, Vol. 21, No.2,
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6.4

Fundamental Study on Properties of Silicate Based Surface
Improvement Material and Goverage for Concrete Structures

ABSTRACT
In this study, experimental examinations are performed to clarify the effects of silicate based
surface improvement material on concrete, and also to find the quantitative method to
evaluate the material penetrating depth and improved area of applied concrete. From
experimental results, it is found that the effectiveness of the surface improvement material is
depending on the moisture content of concrete and water-cement ratio, and the distributions of
sodium and calcium ions in the concrete can be useful for indicating factors to evaluate the
penetration depth and improvement area, respectively. Additionally, the effectiveness of the
surface improvement material on the ASR, carbonation of concrete is confirmed by using an
acceleration test.
Keywords : Silicate based surface improvement material, penetration depth, durability of
concrete, ASR, carbonation, chloride attack
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6.4.1

INTRODUCTION

In recent years, from the view points of maintenance and life cycle management, many
materials and methods has been proposed to improve the durability of concrete structures. A
silicate based surface improvement material is being used as one of the useful ways to
improve their durability in Japan. It was developed by EU and Australia, USA in the 70’s.
After that, it have evoved in their own particular way in Japan. It penetrates into concrete up
to about 20mm in depth[2] and reacts with free calcium ion and water to form an insoluble
calcium silicate hydrate gel complex in cracks and pores in concrete[1]. This gel type product
makes the concrete more dense and impermeable. However, its penetration property and
improved condition of the penetrated portion, which must be important factors to estimate the
long-time performance of applied concrete structure, has not been clear quantitatively yet.
Firstly in this study, therefore, the penetration property and improved area depending on
moisture content of concrete are examined by analyzing the diffusion profiles of both sodium
ions and calcium ones in the applied concrete. Secondly, in order to confirm the actual
performance to improve the durability of concrete structures, accelerated ASR, carbonation
test are carried on the improved concrete specimen.
6.4.2

PENETRATION PROPERTY
IMPROVEMENT MATERIAL

OF

SILICATE

BASED

SURFACE

6.4.2.1 Preparation of Specimen
Fig. 1 and 2 show the shape of test specimen and the procedure to prepare the specimens,
respectively. In the experiment, 100×100×100 mm cubic specimens made of concrete and
mortar with 50 and 70 % of water-cement ratio, which are cut from beams with 10×10×60 cm
in size, are prepared. As for conrete specimens, Ordinary Portland cement is used and
specimens are cured in water for 28days, before cutting to cubic specimens. On the other hand,
as for mortar specimens, high-early-strength Portland cement is used, and 14 days water
curing is applied. After cutting to cubic specimens, both concrete and mortar specimens are
divided into three groups of the different curing conditions for 2 days, such as “oven dry
condition”, “atmospheric condition” and “vacuum saturated condition”, to adjust initial
moisture content of specimens approximately to 10, 75 and 95 % for concrete, and 5, 60 and
90 % for mortar, respectively. These moisture contents of specimens are calculated by Eq. (1).
Experim ent side

Sealing material

10cm

10cm
10cm

Figure 1: Experiment specimen

439

Chapter 6 Preventive Measures and Rehabilitation Interventions

10×10×60 cm
mortar beam
Cutting
Cutting
specimen
specimen
(10x10x10c

10×10×60 cm
concrete beam

Oven dry

MC:10%

condition

MM:5%

Atmospheric

MC:75%

condition

MM:60%

Vacuum
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Experiment

Distilled water

specimen

for also 24 hours

Moisture
content(%) =

×

Saturate mass of
standard specimen

MM:90%

Flooded with the
surface improvement
material for 24 hours

Figure 2: Procedure to prepare the specimens

Mass of experiment
specimen
for application

MC:95%

※ MC: moisture content of
concrete
MM:
i t
t t
f

Saturate mass of
standard specimen
Saturate mass of
experiment specimen
－

－

Absolute dry mass of
e xperiment specimen

Absolute dry mass of
experiment specimen

(1)

Table 1 Physical and Chemically properties of the surface improvement material
No
Na
component
fraction(%)
Si
pH
specific gravity(g/cm3)
viscosity(mPa・s)

typeA
5.7
10.6
11.23
1.1
4.5

typeB
8.9
17.3
11.21
1.23
6.5

Two types of silicate based surface improvement materials, such as “type A” and “type B” are
used in this study and their chemical compositions are shown in Table 1. The main difference
between both types is in the content of main ingredients that are sodium and silicon. The
method to supply the surface improvement material on the test surface of the specimens is
shown as follows;
A pond-like condition to store the surface improvement material is prepared by making banks
of the sealing material along all edges of the test surface, as shown in Fig.1, then, the surface
is dipped in the surface improvement material for 24 hours. In the following step, the
remaining surface improvement material is removed, and the test surface is, then, dipped in
distilled water for also 24 hours. Those processes are performed to obtain the certain
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penetration depth of the improvement material in the specimen, and to supply sufficient water
required for chemical reaction between the improvement material and calcium ion in concrete.
After the application procedure of the improvement material mentioned above, all specimens
are kept in constant environmental condition with 20°C in temperature and 60 % relative
humidity for 14 days. Then distribution profiles of sodium and calcium ions in concrete are
analyzed by ion chromatography using drilled powder samples from the specimens.
6.4.2.2 Results and Discussions
For example, Fig.3 shows the concentration difference of sodium ions in the mortar
specimens with 50% of water-cement ratio between with and without the treatment of “type
A” surface improvement material on the test surface under each moisture condition. Fig.4 also
shows the same manner for the concentration difference of calcium ion in the mortar
specimens. Here, increment area of sodium ion concentration at the near surface of the treated
mortar compared with of the non-treated one seem to suggest the penetration area of the
improvement material, while the area where calcium ion concentration reduces in the treated
mortar seems to correspond with the improved area due to the chemical reaction between
silicate ions in the improvement material with calcium ones in the mortar.
0
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Difference of Ca2+
concentration（mg/l）

Difference of Na+
concentration（mg/l）
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W/C50%-Mortar
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+

Figure 3: Difference of Na concentration in
mortar specimen between with and without
of improvement material
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Figure 4: Difference of Ca2+ concentration in
mortar specimen between with and without
of improvement material
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Figure 5: Relationships between penetration
depth and improved depth in mortar

Figure 6: Relationships between penetration
depth and improved depth in concrete

In case of 5% of initial moisture
content in the mortars, the penetration depth of the improvement material is seemed to be
about 10mm from surface, because of the difference in sodium ion concentration shown in
Fig.3. On the other hand, from the difference in calcium ion concentration, as shown in Fig.4,
it seems that improved area in mortar is only 5 mm in depth which is obviously less than the
penetration depth. In case of extremely low moisture content of mortar, penetrated surface
improvement material may not react sufficiently, due to the lack of dissolved calcium ions
which is necessary for the hydrate reaction of the surface improvement material.
On the other hand, in case of 60 % initial moisture content, the penetration depth and
improved area estimated from concentration differences of the sodium and calcium ions are
matching well as 15 mm. Furthermore, in case of 90% initial moisture content, the both are
increased up to 20 mm. From those results, the surface improvement material is supposed to
penetrate into concrete by the medium of moisture in pores.
Fig.5 and Fig.6 shows the relationships between estimated penetration depth and improved
depth. As can be seen, the penetration depth of mortar and concrete tend to be larger than the
improvement depth. And, penetration depth into mortar and concrete tend to be lager in 70%
water-cement ratio than those of 50%.
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Figure 7: Relationships between penetration
Figure 8: Relationships between penetration
depth and improved depth in mortar
depth and improved depth in concrete

Fig.7 and Fig.8 show the relationships between the total decrement of calcium ion
concentration in penetration area, which supposes to the total consumption in the reaction
with improvement material, and the improved depth in mortar and concrete, respectively.
Higher penetration depth is observed in higher water-cement ratio. However, the larger
consumption of calcium ion by silicate based improvement material observes in lower
water-cement ratio in both mortar and concrete. It suggests that absolute amount of calcium
hydroxide in concrete may be one of the factors of improvement effect.
According to above discussions, moisture content of concrete structures is very important
factor which influences the performance of improvement, when the surface improvement
material is applied on mortar or concrete.
6.4.3

EFFECT OF SILICATE BASED SURFACE IMPROVEMENT MATELIAL
ON PREVENTION AGAINST ALKALI SILICA REACTION (ASR)

6.4.3.1 Experimental Program
Silicate based surface improvement material contains sodium ions as a main component,
which can accelerate ASR of aggregates in concrete. Therefore, an experimental study by
using mortat bar test was carried out to examine possibility to acceleration of ASR when
applying surface improvement material to mortar.
Mortar bar tests were performed in accordance with JIS A 5308. For preparing specimens,
ordinary Portland cement having 0.55% of equivalent sodium oxide was employed and, 1 N
NaOH was added to water for ajusting total alkali contents at 1.2% or 2.4% in mortar. Two
types of fine aggregates, which are the aggregate of pyroxene that is estimated as potentially
deleterious by the chemical test and the aggregate of crushed stone classified as
non-deleterious, are blended and used for mortar specimens. After 7 days of moist curing of
specimens, two types of the surface improvement material are applied to them respectively, as
shown in Fig9.
The mortar bar test is carried out less than 40 degree C in temperature and 100% R.H., and
length of the specimen is measured by using a dial gauge readable up to 0.001mm.
Type A

Type B

Coating
First try 0.15kg/ m2
Second try 0.1kg/ m2

Coating
0.25kg/ m2
Drying

Drying
Sprinkling
5kg/ m2

Sprinkling
5kg/ m2

Drying

Drying

6.1.1method
Fig7:
Figure 9: Appilying
to mortarbar
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6.4.3.2 Results and Discussions
Fig. 10 shows the expansion rate of each mortar specimens, after 26 weeks of motar bar test.
In case of total alkali contents 1.2%, the improved specimens are comparable in expansion to
non-improved specimen. On the other hand, in case of total alkali contents 2.4%, progresses
of expansion in the improved specimens are well prevented regardless of the type of
improvement material used, in comparison with the result of non-improved specimen.
Fig.11 shows the gravity of each specimen, after 26 weeks of mortar bar test. In both alkali
contents, increment of gravity of the improved specimens under high humid condition is well
prevented regardless of the type of improvement material used, in comparison with the result
of non-improved specimen. According to the above results, applying improvement material to
concrete surface can reduce expansion of concrete due to ASR, inspire of the types of
improvement material. The main reason for the effectiveness of improvement material on
ASR is in reducing water permeability of the concrete by using the improvement material.
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Fig11: ASR expansion ratio of specimen
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Fig12: Gain weight ratio of specimen

6.4.4

EFFECT OF SILICATE BASED SURFACE IMPROVEMENT MATERIAL
ON PREVENTION AGAINST CARBONATION ON CONCRETE

6.4.4.1 Experimental Program
In this examination, 100×100×100mm concrete cubic specimens using Ordinary Portland
cement with 70% of water-cement ratio are prepared. The effectiveness of improvement
material on newly concrete structures, after 28 days of water curing, two types of the
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improvement material are applied to the specimens, respectively, with the same method
shown in Fig.1 and Fig2. The specimens without any improvement material are also prepared
for comparison and to check the progress of carbonation. Before accelerated carbonation test,
all specimens are kept in atmospheric condition for 7 days in order to control the moisture
content in concrete same condition at the start of the acceleration test. The accelerated
carbonation test is a carried out with 30 degree C in temperature, 70-90 % in relative humidity
and 5% of CO2 concentration.
When the carbonation depth of the specimen without any improvement material comes up to
5 mm in depth, the carbonation depths are also measured in the specimens with the
improvement material. At the same time, the distributions of sodium and calcium ion
concentrations and pH in the specimens are measured by using drill-sampling concrete
powders.
Additionally, the effectiveness of improvement material on existing concrete structures, the
improvement materials are also applied to the specimens with 5mm of accelerated
carbonation depth. When the carbonation depth of the specimen without any improvement
material comes up to 10mm in depth, the carbonation depths are also measured in the all
specimens with the improvement material.
6.4.4.2 Results and Discussions
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pH

Neutralization depth （mm）

Fig. 13 shows the carbonation depth of each concrete specimen, after 240 days of accelerated
test. Progresses of carbonation in the treated specimens are well prevented regardless of the
type of improvement material used, in comparison with the result of non-treated specimen.
Fig. 14 shows the details of the pH distributions in each type concrete after accelerated test.
Though pH distribution of no-treated concrete drastically decreases within 10 mm depth from
the surface, both of improved ones keep the constant pH value in all area except for slightly
decrement in a portion very close to the surface.
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Figure 19: Concentration differences of calcium ions in each type of specimen

Same tendency can also be observed in the decrement of free calcium ion due to the chemical
reaction with carbon dioxide, as shown in Fig 15. From those results, it is confirmed that high
ability to prevent the carbonation of concrete can be attained by applying the surface
improvement material. Fig. 16 shows the amounts of calcium ion consumed by the two types
of improvement materials respectively, which are measured before the accelerated
carbonation test. Comparing this figure with Fig.13, it is clearly shown that the larger of
calcium ion consumption ability of the surface improvement material itself, the more
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prevention ability against carbonation.
Fig.17 shows concentration profiles of sodium ion including in surface improvement
materials distributed into carbonated concrete on which the improvement materials are
applied after accelerated carbonation. Each type of improvement material can penetrate into
concrete about 5mm from the surface. Fig.18 also shows the profiles of calcium ion
concentration into carbonated concrete. They seem to be indices to evaluate the improvement
area but any improvement cannot be found in the carbonated concretes applying both types.
Fig.19 shows the carbonation depth of concrete. Here, the improvement materials are applied
on concretes having about 5mm of carbonation depth then carbonation test re-starts, while the
carbonation test continues for the non-treated concrete during the same periods as the total
periods of carbonation test for the treated concretes done before and after applying the
treatment. Progresses of carbonation in the treated concretes are not well prevented regardless
the type of improvement material used, in comparison with the result of non-improved
specimen. This result shows that the surface improvement material may not be sufficiently
effective for preventing more progress of the carbonation of concrete in which carbonation
progresses into some depth.
6.4.5

CONCLUSIONS

In this study, the experimental examinations are performed in order to evaluate the
effectiveness of silicate based surface improvement material for concrete structures. As a
result, following conclusions are obtained.
(1) The moisture content of concrete just before applying the surface improvement material is
very important factor which influences the performance of the material.
(2) Based on the distribution profile of sodium ion concentration in concrete, the penetration
depth of the improvement material can be estimated, while the total consumption of free
calcium ion can be used as an indicator to evaluate the effectiveness of improvement of
concrete within the penetrated area.
(3) The improvement material can be effectively used for the prevention of carbonation of
concrete.
(4) Applying the improvement material to concrete suface can reduce expansion of concrete
due to ASR, in spite that the material contains sodium ions. The main reason for the
effectiveness of improvement material is in reducing water permeability of the concrete
by using it.
(5) In case of the newly constructing concrete, improvement material can be effectively used
for preventing both carbonation and chloride penetration into concrete.
(6) When improvement material is applied to concrete having carbonation progressing into
some depth, it cannot be effective for preventing more progress of the carbonation.
REFERENCES
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6.5

Fatigue Behavior of RC Slabs Strengthened Externally with CFRP
Sheets

ABSTRACT
In this report, the strengthening of two-way slabs using CFRP sheets is evaluated
experimentally. The reinforcement ratio equal to 1.29% was chosen to serve the purpose of
demarcating the punching shear failure mode. Results show that the punching capacity of
two-way slabs can increase to 40% over that of the reference specimen. However, since
bridge deck slabs directly sustain repeated moving wheel loads, they are one of the most
bridge elements susceptible to fatigue failure. Therefore, this research is designed to
investigate the fatigue behavior and fatigue life of concrete bridge deck slabs strengthened
externally with CFRP sheets. A total of five slabs were constructed and tested under
concentrated monotonic and cyclic loading until failure. Results are presented in terms of
deflections, and strains in steel and CFRP at different levels of cyclic loading. The results
showed the longer fatigue life of concrete bridge deck slabs strengthened CFRP sheets.

448

Chapter 6 Preventive Measures and Rehabilitation Interventions

6.5.1

INTRODUCTION

Deterioration of constructed bridges is a critical issue over the world [1-3]. Typical factors
influencing bridge deterioration include ageing, daily traffic, environmental effects such as
precipitation, and the use of deicing salts [4,5]. The effect of heavy trucks running on
highways is particularly critical on structural deficiency of existing bridges and they result in
fatigue damage of deck slabs [6-8]. Carbon fiber reinforced polymer (CFRP) composites for
strengthening deteriorated bridge members provide a number of advantages such as a
favorable strength-to-weight ratio, strong resistance to environmental and fatigue damage,
non-corrosive characteristic, and reduced long-term maintenance expenses [9,10]. The
application of CFRP composites has been recently accepted for strengthening existing bridges
[1,11,12].
The behavior of structural members, such as reinforced concrete slabs, rehabilitated with
CFRP has been experimentally studied and documented by a few number of researchers.
However, the fatigue behavior of such strengthened slabs is not widely studied and found the
necessity to be investigated. The lack of experimental data on the fatigue of RC slabs
strengthened with externally bonded CFRP, stress the need to investigate this subject. In this
study, the fatigue performance of CFRP strengthened RC slabs is experimentally investigated.
The experimental part of the study is presented in this paper.
6.5.2

EXPERIMENTAL SETUP

The present research concerns the investigation of seven reinforced concrete two-way slabs.
The specimens consisting of a 1600 mm x 1600 mm x 120 mm square slab with 100 mm x
100 mm central loading point. The slabs were simply supported over the four edges, thus
permitting the corner to lift up when load was applied. Typical dimensions and relevant
reinforcement details are shown in Fig. 1.

100
650
1600

100
SF10

100

a – Concrete dimension
19

8Ø10/dir

15Ø13/dir

Upper rft.

650

7 x 200
SF5

1400
Lower rft.

100

120

100

c – Reinforcement and FRP configuration

b – Reinforcement details

Fig. 1 Details of specimens
Three slabs were tested under monotonic loading [13]; two of them were strengthened
externally with CFRP sheets with two different widths; 50 mm width named SF5 and 100 mm
width named SF10. The third one is kept un-strengthened as control (SC). The other four
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slabs were tested under cyclic loading; two of them were not strengthened and tested with
different cyclic loadings; one was loaded with 70% of the ultimate static load (SC-70) and the
other one was loaded with 80% of the ultimate static load (SC-80). The remaining two slabs
were strengthened externally with 100 mm width CFRP sheets and tested with different
cycling loadings. One is loaded with 65% of the ultimate static load (SF10-65) and the other
one is loaded with 80% of the ultimate static load (SF10-80). Reinforcements were placed
along two perpendicular directions with average effective depth to the center of the two layers
of 97 mm. The concrete mixture was designed for an average target cylinder compressive
strength of 40 MPa at the time of testing. The steel reinforcement bars were Grade 360
deformed bars. The actual yield strength of steel reinforcements was 340 and 356 MPa for 10
and 13 mm diameter, respectively. Two-way slabs with low or medium reinforcement ratios
tend to fail in flexure rather than in punching shear. For two-way slabs that have
reinforcement ratios of 1.0% and more, the mode of failure tends to be the punching shear
type of failure [14]. Based on this observation; specimens with reinforcement ratio of 1.29%
are designed to experience the punching shear failure mode. Unidirectional CFRP sheets were
externally bonded to the tension face of the slab in two perpendicular directions, parallel to
the internal tension reinforcement. The sheets were applied in one layer and to avoid
debonding failure of the CFRP sheets, the sheets were extended along the full dimension of
the slab. Fiber thickness was 0.0167 mm, its maximum tensile strength was 4212 MPa, and
the modulus of elasticity was 253 GPa. Test parameters, and details of each specimen are
provided in Table 1.
The tests were carried out using a 500 kN capacity hydraulic actuator for monotonic loading
and 300 kN capacity hydraulic actuator for fatigue cycling loading. Both systems controlled
by a personal computer. The actuator was operated under load control for the cyclic loading
and under displacement control for the static tests. The program used for the fatigue testing
was similar for all specimens. The load was applied as a sinusoidal function at a frequency of
2 Hz. A minimum load of 5% of ultimate static load was always applied to ensure that
movement of the slabs from the setup would not occur. Maximum and minimum values were
recorded automatically for each cycle using ADrec recording system (Fig. 2) which allows
continuous recording of the load, deflection and strains for each cycle during the whole test.
This system has the privilege of not stopping or slowing the frequency to collect the data. The
load was applied at the center of the slabs. The deflection at center of slab was measured
using a laser transducer to maintain the accuracy of the obtained deflection reading.

Fig. 2 Adrec recording system
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Slab

Testing
frequency

Table 1 Experimented specimens
Ultimate
Max
Min
applied
applied
applied
load
load
load
(kN)
(kN)
(kN)
189.7
n/a
n/a
215.3
n/a
n/a
260.6
n/a
n/a
a
132.8
9.50
a
151.8
9.50

SC
Monotonic
SF5
Monotonic
SF10
Monotonic
SC-70
2 Hz
SC-80
2 Hz
SF10-6
2 Hz
5
SF10-8
2 Hz
0
a
Assumed to be same as SC
b
Assumed to be same as SF10
n/a = not available
6.5.3

Pmax/Pult

Number of
cycles to
failure, N

n/a
n/a
n/a
0.70
0.80

n/a
n/a
n/a
23,400
3,800

b

169.4

13.03

0.65

1,950,000

b

208.5

13.03

0.80

42,300

TEST RESULTS AND DISCUSSION

6.5.3.1 Load-deflection Characteristics
The variation of slab deflection with applied load is shown in Figs. 3 and 4. This shows the
central deflection of the seven tested slabs. The load-deflection diagrams for monotonic tests
are illustrated in Fig. 3. There is not a clear point of yielding of the steel. It is observed that
the strengthened slabs are significantly stiffer than the un-strengthened slab. It can be seen
that the ultimate load capacity increases with the increase of the strengthening scheme of the
slabs up-to about 40%. At the same time a decrease of 20% of the deflection at the ultimate
load is observed.
SF10
Load (kN)

SF5

SC

Deflection (mm)

Fig. 3 Load-deflection for monotonic slabs (SC, SF5 and SF10)
The slab SF10-65 is loaded with 65% (169.4 kN) of the ultimate static load; however, after
1,300,000 cycles we could not find a significant increase of the deflection (up to 5 mm as
shown in Fig. 4-a), therefore, the maximum applied load has been increased to be 70% (182.4
kN) of the ultimate static load, in which, the slab was failed after 650,000 cycles under 70%
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of ultimate static load. Fig. 4 shows the load-deflection for fatigue cycling loaded slabs
compared to the corresponding monotonic loaded slab (SF10). The deflection profiles indicate
that the slabs experienced a slight reduction on the stiffness with numbers of loading cycles.
SF10

SF10
Load (kN)

70 %

Load (kN)

65 %

Deflection (mm)

Deflection (mm)

a - Slab SF10-65
b - Slab SF10-80
Fig. 4 Load-deflection for fatigue cycling slabs
Although the change in stiffness was minor, the permanent deformations and maximum
deflection seem to increase with increasing number of cycles. This can be attributed mainly to
the cycling creep of concrete, which is known to lead to an increase of permanent
deformations [15]. To some extent, laminates based on carbon fibers tested under fatigue
bending conditions exhibited a constant increase of deflections due to the micro cracking of
the matrix [16].
20

Deflection (mm)

SF10-65
SF10-70

15

SF10-80

10

5

0

0

0.2

0.4

0.6

0.8

1

Normalized No. of Cycles (%)

Fig. 5 Deflections versus normalized number of cycles
The changes in deformations are typically used as a means to quantify the damage
accumulation due to the increasing number of cycles. Deflections and stiffness can help
characterize the fatigue damage. In Fig. 5 the deflections versus normalized number of cycles
for the tested slabs that failed during the fatigue testing are illustrated. For slab SF10-65, there
was an initial increase of the deflections, continued by a stable region where the deflection
remained almost the same, and after 1,300,000 cycles the applied load has been increased to
70% of the ultimate load (instead of 65%) which coincide with a sudden increase of the
deflection followed by a continuous increase of the deflection with respect to the number of
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Delta Deflection (mm)

cycles until failure. Slab SF10-80 exhibited same behavior as slab SF10-70. In both cases
there was a significant increase of deflections before failure, typically 5% before failure. This
is a very important observation, since the upcoming failure may be detected by monitoring the
deflections.

6

4

SF10-65

2

SF10-70
SF10-80

0

0

0.2

0.4

0.6

0.8

1

Normalized No. of Cycles (%)

Fig. 6 Delta deflections versus normalized number of cycles
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0.4

0.6

0.8

1
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Fig. 7 Stiffness versus normalized number of cycles
In Fig. 6, Delta deflections versus the number of cycles are presented for the tested slabs
under fatigue cyclic loading. “Delta deflection” is defined as the difference in deflection
between the minimum and maximum load within a cycle, and can be used as a very good
indication of change in stiffness. We can see that the delta deflection has increased slightly
with an increasing number of fatigue cycles.
This observation indicates that the stiffness of the strengthened slabs has been decreased
under the fatigue loading conditions, as clearly shown in Fig. 7.
Some of the previous studies show that a decrease of the stiffness occurs with an increase of
the number of cycles due to local delamination and/or fatigue micro cracking of the
composites [16].
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6.5.3.2 Strain Measurement
The measurements included strain in the reinforcing bars at the tension side of the slabs and
carbon FRP sheets. The strain in the carbon FRP sheets was measured by strain gauges
attached at mid-width of the sheets. Fig. 8 illustrates the position of the attached strain gauges
for steel reinforcement (Fig. 8-a) and carbon FRP (Fig. 8-b).
bi-axial

uni-axial

a- Steel reinforcement

b- Carbon FRP

Fig. 8 Position of attached stain gauges
For all specimens the developed strains of the steel reinforcement at the center of slabs were
shown in Figs. 9 and 10. In all slab results there were no sign of yielding of steel
reinforcement signifying the evidence of pure punching failure mode.
Fig. 9 shows the strain development of the monotonic tested slabs. It can be seen that,
increasing the used amount of CFRP resulted in a decrease of the steel reinforcement strain
level fatigue life. Since no delamination occurred before the failure, we can conclude that the
role of CFRP was to relieve the stresses of the tension steel reinforcement bars. Obviously,
this statement would not be true if the FRP delaminated from the concrete substrate.
SF10
Load (kN)

SF5

SC

Strain (μ)

Fig. 9 Strain of steel bar at slab center under monotonic loading
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65 %

70 %

Load (kN)

Load (kN)

SF10
SF10

Strain (μ)

Strain (μ)

a- SF10-65

b- SF10-80

Fig. 10 Strain of steel bar at slab center under fatigue loading
Under fatigue loading the strain of steel reinforcement is higher than the values obtained from
monotonic loading, however, still under the yielding point (as shown in Fig. 10). Increasing
the strain level with increasing the number of cycles – although the maximum applied load is
less – could be due to the creep effect of the fatigue loading.
Fig. 11 shows the strain level at the mid-width of CFRP at the center of slabs tested under
monotonic loading. It can be noted that increasing the CFRP width resulted in a reduction in
the strain values. It is obvious that the wider the width of the CFRP needs a less strain to carry
amount of tension force under the given load.

Load (kN)

SF10

SF5

Strain (μ)

Fig. 11 Strain of FRP at slab center under monotonic loading
Similar behavior and changes were observed for the maximum measured strains in CFRP
sheets as steel reinforcement bars. Fig. 12 shows comparisons between the maximum
measured strains in the CFRP at the center of slabs. As shown in Fig. 12-a, although Slab
SF10-65 has completed 1,950,000 cycles (at lower peak load levels) more than Slab SF10-80,
the difference in the measured strains in the CFRP of slabs SF 10-65 and SF 10-80 does not
exceed 15%. As previously mentioned slab SF 10-65 was loaded under 65% of the ultimate
load which result in almost no residual strain in CFRP sheets, but once the load was increased
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to 70% of the ultimate load, the residual strain in CFRP sheets started to have a significant
value as shown in Fig. 12-a. This led to the difference in strain of CFRP between maximum
and minimum loads under 1st cycle (65%) is much larger than in the other cycles (70%). For
the CFRP, the maximum recorded strain, which was approximately 5300 μ, was still around
30% of the ultimate strain. For steel reinforcement bars, this value was 1,750 μ
(approximately 80% of the yield strain of the steel).
SF10

70 %
70 %

Load (kN)

Load (kN)

65 %
65 %
SF10

Strain (μ)

Strain (μ)

a- SF10-65

b- SF10-80

Fig. 12 Strain of FRP at slab center under fatigue loading
6.5.3.3 Failure Mechanism
The experimented slabs showed clear signs of two-way shear failure. Shear failure was
evident in the formation of inclined cracks that extended a distance away from the slab center
at the tension side of the specimen to the center, followed by punching of the loading area
through the slab (as shown in Fig. 13).

Fig. 13 Punching shear failure
In the strengthened slabs, the CFRP sheets at failure load detached transversally near the shear
crack as a result of discrete shear deformation on either side of the crack when punching
failure occurred. The CFRP sheets have no resistance in the transverse (out-of-plane)
direction. Apparently, the corresponding distance or the angle at which the shear cracks
propagated away from the loading area was generally the same for the control and the CFRP
strengthened specimens and was not influenced by the area of the CFRP sheets used. All
specimens failed in a brittle manner, which is the characteristic of punching shear failure.
Similar manner was observed for the fatigue-loaded slabs, with changing the maximum
applied load or number of cycles, it seems that fatigue loading has no significant effect on the
angle of shear cracks propagated.
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a – Slab SC

b – Typical strengthened slab

Fig. 14 Crack patterns on the bottom surface

Fig. 15 Typical discontinuity on the top surface of the slabs after failure
The top surface of the failure zone had an elliptical shape around the corners of the loading
plate, while the bottom surface has approximately a circular shape. Figs. 14 and 15 show both
the bottom and top faces of tested slabs. The typical discontinuity on the top surface of the
slabs after shear failure is exhibited in Fig. 15.
6.5.4

FATIGUE LIFE

The first approach developed to fatigue assessment is represented by stress–fatigue life curves,
referred to as Wohler curves or S–N curves (stress S versus number of load cycles N).
There are some fatigue life prediction models available based on tests that were carried out on
either scaled, steel-reinforced, concrete bridge deck specimens or full-scale prototypes of
steel-free bridge decks [17-19]. These models are empirical equations based on test results
using a relatively smaller range of loading cycles and amplitudes. Only Japanese researchers
provided a P–N relationship based on rolling wheel tests carried out on full-scale concrete
bridge decks reinforced with steel bars as follows [20]:
P
log   0.07835 . log N   log 1.52
(1)
Ps
Comparing the experimental results with the results calculated by Matsui’s equation that can
predict the fatigue life with a reasonable accuracy for a static failure (number of cycles, N=1),
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Eq. (1) yields a value of Pmax/Pult=1.52. It should be mentioned that Matsui et al. [20] set a
limitation for the use of Eq. (1) to be valid only for values of N greater than 10,000 cycles.
1.6
Matsui

1.4

Strengthened slabs

1

Un-Strengthened slabs

Eq.

0.8
0.6

t

Pmax/Pul

1.2

0.4
0.2
0
1.00E+00

1.00E+02

1.00E+04

1.00E+06

1.00E+08

No. of Cycles, N

Fig. 16 Matsui et al. equation and experimental results
The addition of the CFRP sheets system resulted in an increase of the fatigue life. In order to
verify the performance of the strengthening system one can examine Fig. 16 where the
applied load range versus number of cycles is presented. The fatigue life of strengthened slabs
is more than 10 times higher than the fatigue life of non-strengthened slabs in case of 80%
maximum applied load. And as the maximum applied load decreased the fatigue life is
increasing to 80 times as in the case of 70% maximum applied load. Strengthening the slabs
with the CFRP sheets is expected to prolonging their fatigue life and the fatigue life is
increasing when the maximum fatigue load has a lower percentage of the ultimate load.
6.5.5

CONCLUSION

Conclusions are based on an experimental study conducted on seven reinforced concrete slabs.
Three slabs, two of them strengthened with CFRP sheets and one kept as control specimen,
were initially tested under static loading in order to clarify their ultimate load carrying
capacity. The other four were tested under cyclic loading. Two of them were strengthened
with the same CFRP sheet scheme and loaded with different ratio of static ultimate load as the
maximum load, and the other two were not strengthened and loaded with different ratio of
static ultimate load. The following conclusions are drawn from this study:
1. Punching shear was the mode of failure for all tested slabs.
2. The use of CFRP increased the stiffness and improved the punching shear capacity of the
strengthened slabs.
3. Depending on the amount of CFRP sheets used, the increase in punching shear resistance
varied from 20% to 40% of load-carrying capacity of the control slab.
4. The role of the CFRP sheet is to increase the strength and stiffness of the slab and also to
reduce the stress in the steel. Thus, the fatigue life of strengthened slabs is increased
compared to the fatigue life of un-strengthened slabs for the same applied load.
The equation proposed by Matsui could predict the fatigue life of un-strengthened slabs;
however, a modification needs to be conducted to predict the fatigue life for strengthened
slabs.
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6.6

Several Major Prevention Techniques Against Steel Corrosion

ABSTRACT
Three major prevention techniques against steel corrosion were investigated: chemical
inhibitor, concrete mix and electrochemical treatment. These techniques were further
developed. For example, calcium nitrite-based inhibitor was evaluated to quantify its
inhibition effect in terms of corrosion rate and corrosion-free life. For the concrete mix, high
alumina cement was used rather Portland cement to maximise the binding and buffering. The
electrochemical treatment was employed to fresh concrete to form densified Ca(OH)2 layer
on the steel surface, thereby enhancing the corrosion resistance.
The corrosion resistance of High alumina cement (HAC) concrete was evaluated by
testing of chloride transport and corrosion behaviour. At a given concentration of total
chlorides, the concentration of bound chlorides in HAC paste was lower (i.e. low binding
capacity) at all ages. For external chlorides, HAC concrete again produced the higher chloride
threshold level for corrosion, implying that HAC concrete may extend the corrosion free life
of a concrete structure exposed to a salt environment. It was also found that the time to
corrosion significantly increased when calcium nitrite solution (CN) was added to OPC
concretes, due to increased threshold level. Lastly, Microscopic analysis showed that early
electrochemical treatment changed the distribution of porosity including cracks, calcium
hydroxide and unhydrated cement grains of the steel-mortar interface.
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6.6.1

INTRODUCTION

It seems that corrosion of steel in concrete is unavoidable at present, as long as concrete is
exposed to a salt environment such as marine or deicer. There have been a number of
protection techniques developed: barrier coating of steel, refinement of binder and concrete
mix, chemical inhibitors, electrochemical treatment, surface treatment. Notwithstanding, no
technique could not guarantee 100% inhibition of steel, only with some defects and
limitations.
Refinement of concrete mix with pozzolanic materials, for example, has achieved success in
lowering the rate of chloride transport in concrete, and thus the corrosion-free life was
significantly enhanced. In particular, ground granulated blast furnace slag (GGBS) fills up the
void in the concrete pores and additionally binds more chlorides then to remove the mobile,
free chlorides from the pore solution. However, this concrete mix does not enhance the
corrosion resistance; only chloride transport was delayed. Thus, the corrosion may propagate
even faster after the onset of corrosion. Chemical inhibitor such as calcium nitrite is a
powerful inhibition technique. But the ecological impact limits its wide use. Moreover,
properties of concrete can be distorted: a reduction of strength, flash set of fresh concrete.
Barrier coating was a promising protection. However, a small damage, presumably in the
handling, bending processes, may induce pitting corrosion, subsequently leading to a brittle
failure of steel embedment. Electrochemical treatment has benefits in lowering the corrosion
risk, but its installation is of complexity to apply for in-situ. Moreover, its effect has not been
quantitatively reported: removal of chloride ions, recovery of corrosion rate. Table 1
summarises the inhibitive measures including mechanism and limitations.
Table 1: Representative inhibitive techniques
Technique
Barrier coating
Chemical
inhibitor
Concrete mix
Surface
treatment
Electrochemical
treatment

Mechanism

Limitations

to prevent aggressive ions from a
contact with steel embedment
to form a further passive film on the
steel surface
to delay the rate of chloride transport
by pozzolanic materials
to protect the cover concrete by
insulating from external
environments
to provide DC to steel for a
compensation for the loss of
electrons

- reduction of bond strength
- risk of pitting corrosion
- ecological impact
- change in concrete properties
- lowered corrosion resistance
- regular rehabilitation
- no inhibition
- high cost, installation
- no quantitative data on corrosion

In this study, three major prevention techniques were investigated: chemical inhibitor,
concrete mix and electrochemical treatment. These techniques were further developed. For
example, calcium nitrite-based inhibitor was evaluated to quantify its inhibition effect in
terms of corrosion rate and corrosion-free life. For the concrete mix, high alumina cement was
used rather Portland cement to maximise the binding and buffering. The electrochemical
treatment was employed to fresh concrete to form densified Ca(OH)2 layer on the steel
surface, thereby enhancing the corrosion resistance.
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6.6.2

HIGH ALUMINA CEMENT

6.6.2.1 Characteristics of high alumina cement
High alumina cement (HAC) was initially developed to minimise the problematic attack of
gypsum-bearing water on Portland cement, mainly consisting of monocalcium aluminate
(CA) and C12A7. The hydration of CA, which drives the highest rate of strength development,
usually depends on the curing temperature. At the low temperature (i.e. < 15°C), the
hexagonal CAH10 phase is formed by hydration, while the cubic phase of C3AH6 is produced
in the hydration process at the high (i.e. > 60°C) temperature. The hexagonal CAH10 phase
has the dense matrix against porosity, which in turn leads to a higher strength of concrete.
However, this phase is transformed to the cubic C3AH6 phase and alumina gel then to form
the stable crystal structure. In this conversion process, the volume of the phase is decreased
then to form the porosity and gel pore in the matrix, and thus the strength of HAC concrete
may accordingly decrease. However, it seems that the temperature beyond 60°C for curing is
unrealistic in an in-situ. Currently, the relations between the curing temperature and strength,
and between curing days and strength at the normal temperature were shown from an
experiment. As expected, it was shown that an increase in the curing temperature resulted in a
decrease in the strength at a given free water/cement ratio [1]. Arya [2] showed that at the
normal temperature, the strength of HAC concrete was rapidly increased at an early age
(within 28 days), but decreased for a while. Then, the strength had neither further increase nor
decrease.
As HAC does not produce Ca(OH)2 in hydration, HAC concrete can be exempt from chemical
attack, arising from the chemical reaction between Ca(OH)2 in the cement matrix and
aggressive external chemical agents, for example, acid attack, carbonation, sulfate attack.
HAC concrete is very resistive to acid attack, as the dissolution of HAC hydrations (i.e.
CAH10 and C3AH6 phases) is marginal [3], compared to Ca(OH)2 formed in OPC paste.
Moreover, the dense pore structure of HAC concrete at the normal or low temperature, at
which the conversion process is marginal, lowers the permeability of acidic ions into concrete,
and thus HAC concrete is protected. It seemed that HAC concrete is susceptible to
carbonation, as the pH of the HAC pore solution ranges from 11.4 to 12.5, which is lower
than for OPC. Unlike carbonation of OPC concrete, moreover, carbonation reaction for HAC
concrete is dependent on the degree of conversion, as the reaction between the cubic C3AH6
phase and CO3 produce CaCO3, as seen in the chemical equation [4]. Thus, carbonation of
HAC concrete is strongly concerned with the curing temperature as well as a free
water/cement ratio and the concentration of CO3 [5].
3CaO·Al2O3·6H2O + 3M2CO3 → 3CaCO3 + 3M2O·Al2O3·2H2O + 4H2O (1)
HAC concrete can be well protected from sulfate attack, compared to OPC, as long as the
conversion process is lowered. Due to absence of Ca(OH)2, it seems that HAC concrete
benefits in minimising sulfate attack. Crammond [6] ensured by a visual examination that the
HAC specimens cured at the low and normal temperature had a great resistance to sulfate
attack. Gillot and Quinn [7] currently assessed the sulfate attack to HAC concrete cured at 20
and 40°C and showed that the specimen cured at 20°C had mostly no cracking and expansion
(i.e. < 0.02%) but, at 40°C of curing, significant cracking was formed on the mortar specimen
and the expansion exceeded 0.25%. This suggests that the cubic C3AH6 phase would be
vulnerable to sulfate attack, presumably due to the increased porosity in the matrix and
chemical activity with sulfate ions, whilst the CAH10 phase is resistive to sulfate attack
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6.6.2.2 Testing for corrosion behaviour of HAC
Fundamental properties:
The compressive strength of HAC and OPC concrete was tested on cylindrical concrete
specimens. Mix proportion for the cement: mixing water: sand (density: 2.61): 10 mm gravel
(density: 2.71) mixture was 1.00: 0.40: 2.45: 3.17. The oxide composition of HAC and OPC is
given in Table 2. This concrete mix was also used for testing of setting time and chloride ion
permeability. After demoulding, the specimens were cured in a 95% humidity chamber at
20±2°C. The compressive strength was measured at 7, 28, 56, 91 and 365 days.

Table 2 Oxide composition for OPC and HAC
Oxide composition (%)
Ignition Fineness
(%)
(cm2/g)
CaO SiO2 Al2O3 Fe2O3 MgO Na2O K2O SO3
HAC 28.5 0.2
OPC 63.8 22.1

71
5.0

0.1
3.0

0.4
1.6

0.2
0.35

0.64 2.0

0.5
1.2

5100
3080

Setting time was determined by the penetration resistance of fresh concrete. A mortar was
obtained by removing coarse aggregate from fresh concrete using a sieve. Then, the resistance
of the mortar to penetration by standard needles was measured every 30 min. Once a plot of
penetration resistance with time is obtained, the times of initial and final setting are
determined: the initial set was defined as the time for the penetration resistance to reach 3.4
MPa and the final set to 27.5 MPa respectively. The test scope is given elsewhere [8].
Ionic permeability:
Rapid chloride permeability test was used to assess the permeability of concrete containing
OPC and HAC respectively. A concrete disc 50 mm in the thickness and 100 mm in the
diameter was connected to two chambers: one is filled with 3.0% sodium chloride solution
and the other with 0.1 M sodium hydroxide to form electrodes. An electric charge of 60 V was
applied to the electrodes for 6 h. The current flowing through concrete specimen and the
temperature of solution in the chamber were monitored every 5 min. Then, the total charge
passed through the cell was calculated to determine the penetrability. The detail for the test
procedure is well described in elsewhere [9]. The rate of chloride transport in HAC and OPC
concrete was again measured, when concrete specimens were directly exposed to a salt
solution.
Chloride binding:
Cement pastes of HAC and OPC were cast in a mould at 0.4 of a free water/cement ratio,
assuming that aggregates do not affect the chemistry between cement matrix and chloride ions.
Six levels of chloride were admixed in mixing water as NaCl, ranging 0.0, 0.5, 1.0, 1.5, 2.0
and 3.0% by weight of cement. The specimens were rotated at 6.0 rpm for 24 h immediately
after casting to minimise segregation of chloride ions. After demoulding, then, the specimens
were cured by wrapping in polythene film at 202C, to avoid a leaching out of chloride and
hydroxyl ions from the cement matrix. The specimens were dried in oven at 104°C for 24 h,
and crushed and ground to obtain dust samples, which was then sieved into the 300 μm sieve
in fineness. The dust sample collected was stirred for 5 min in distilled water at 50°C to
extract “water-soluble chloride (i.e. mostly equivalent to free chloride),” and stood for 30 min.
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Then, the sample was filtered through a filtering paper, then to measure the concentration of
chloride ions, using the potentiometric titration against silver nitrate.
Steel corrosion:
Concrete specimens were cast with 20 mm steel bar in the diameter. The mix proportion for
concrete was equated for the testing of concrete strength. Concrete specimens were cast in a
150mm cube mould with a centrally located 20 mm diameter mild steel bar. The concrete
slice on one side of the specimen was sawn off, parallel to the steel bar reducing the concrete
cover to 20 mm for exposure to a chloride solution. A barrier coating of epoxy resin was
applied to seal the remaining cast surfaces to ensure diffusion from the one direction only. The
extruded end of the steel bar was electrically connected to an internally located cathodic
titanium mesh to monitor the galvanic current. Then, the specimens were initially saturated in
a tank containing water for 7 days and were immersed in a 4M sodium chloride solution at
20C, as shown in Figure 1. The galvanic current between the embedded steel and the
titanium mesh was monitored every 5 days by measuring the potential drop across the 10k
resistor, until a sharp increase in the current was detected as being considered as the onset of
corrosion. Then, the chloride profiles were obtained to determine the chloride threshold level.
The concrete specimens were ground in 2.0 mm depth increments to the depth of the steel.
The chloride concentration of each depth was determined by acid soluble extraction in a nitric
acid solution followed by potentiometric titration against silver nitrate. The concentration of
the surface chloride was determined by the best fitting and the apparent chloride diffusion
coefficient was fitted to the error function solution to the Fick's second law, for non-steady
state diffusion in a semi-infinite medium, given by Eq. (2). Then, information on the time of
corrosion initiation and chloride profile was used to determine the chloride threshold level for
steel corrosion.
C ( x , t )  C S (1  erf

x
2 Dt

)

(2)

where, C(x,t) indicates chloride concentration at the depth x at the time t (%, cement), CS for
surface chloride concentration (%, cement), D for apparent diffusion coefficient (m2/s), x for
concrete depth (mm) and t for time of exposure (days).
10kΩ
Masked

ClResin
coated
Cl-

Concrete

20 mm

ClSteel rebar
Electric heater

Titanium
electrode

4.0M NaCl solution

Figure 1: Schematic of corrosion testing against external chlorides
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6.6.2.3 Corrosion resistance
Properties of concrete:
The penetration resistance of fresh concrete for HAC and OPC is given in Figure 2. It is
evident that the penetration resistance was rapidly increased with time for both HAC and OPC
concrete after 150 min. The curve for the penetration resistance was fitted to the power
function in the form of y=axb to determine the initial and final setting times. The initial and
final setting time for HAC was 194 and 305 min respectively, while OPC concrete indicated
230 and 446 min for the initial and final setting. The rapid setting of HAC concrete is
attributed to C12A7 in HAC hydrations, which accelerates hardening in a few minutes and thus
a development of concrete strength. However, the decrease in the setting time may imply the
increase in the heat generation in the process of hydration, imposing thermal cracking, and the
decreased time for site work. Thus, extra caution is required in applying HAC concrete to a
massive concrete structure to minimise the adverse effect.
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Figure 2: Setting time of HAC and OPC concretes
A development of the compressive strength for HAC and OPC concretes is given in Figure 3.
It is seen that the compressive strength was gradually increased with time irrespective of
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binder type up to 28 days, but the strength for HAC concrete was afterwards reduced until 91
days, while OPC concrete still showed an increase in the strength in the entire duration.
However, after 91 days, the compressive strength for HAC concrete was marginally changed
to converge within a value until 365 days of curing. A reduction of the compressive strength
for HAC concrete may be attributed to the conversion process of hydrated cement matrix. The
HAC matrix at an early age of curing usually consists of the hexagonal phase of calcium
aluminate hydrate (i.e. CAH10), which is then transformed to the cubic phase (i.e. C3AH6) and
alumina gel depending on the temperature of curing. Thus, the portion of the cubic and
hexagonal phases in the HAC matrix is strongly dependent on the temperature [10]: the ratio
of the cubic phase is increased at the higher temperature. In this conversion process, the
density of the HAC matrix is increased at a given mass, usually from 1.7 to 2.5 [11], meaning
that the volume of the hydration products is decreased by about 30%. Consequently the
porosity in the HAC matrix is further formed and in turn the strength can be adversely
reduced. However, the compressive strength for HAC concrete was always higher than for
OPC concrete, implying that no adverse effect in structural behaviour is expected.

Compressive strength (MPa) 1

60

45

30

15

HAC

OPC

0
0

100

200

300

400

Age (days)

Figure 3: Development of compressive strength of HAC and OPC concrete
Chloride transport:
Results of rapid chloride penetration test are given in Figure 4, showing that an increase in the
curing duration resulted in a decrease in the charge passed through concrete specimens,
irrespective of binder type. For HAC concrete, the ionic charge passed through a cell under a
60 V DC was 383, 310 and 236 Coulombs at 28, 56 and 91 days respectively, while OPC
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concrete showed 3810, 3027 and 2485 Coulombs at the equivalent times. It is surprising that
HAC concrete is much more resistive to chloride ionic permeability than OPC concrete: the
passed charge for HAC concrete was about 10 times lower than for OPC concretes. However,
it does not seem that HAC concrete is such resistive to chloride transport in concrete. Thus,
another testing method may be required to assess the resistance of HAC concrete against
chloride transport. In this study, diffusivity of chloride ions was determined for HAC concrete
exposed to a salt solution.
4500
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3500
3000
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400
300
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0
28

56
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Time (days)

Figure 4: Charge passed through a migration cell for HAC and OPC concretes depending on
the curing duration
Chloride binding capacity:
Chloride binding capacity of HAC and OPC pastes is given in Figure 5. It is seen that binding
of chloride ions is strongly dependent on the duration of curing. An increase in the curing
days resulted in increased binding capacity: the concentration of bound chloride ions was
increased with time at a given concentration of total chlorides, irrespective of binder type. For
example, the concentration of bound chlorides for HAC paste accounted for 0.39, 0.61 and
0.76% by weight of cement at 2.0% of total chlorides at 28, 56 and 91 days, respectively. At
all level of total chlorides, however, 100% of chloride binding did not occur, meaning that
free chlorides were produced at any concentration of total chlorides. It is notable that an
increase in the concentration of bound chlorides was marginal when the total chlorides
exceeded 2.0%. It may imply that the chloride binding capacity does not increase with the
concentration of total chlorides, and thus the concentration of free chlorides will significantly
increase with total chlorides at this level. It is evident that the chloride binding capacity of
HAC paste was slightly lower than of OPC paste, at all levels of total chlorides and at all
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curing days.
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Figure 5: Chloride binding capacity of (a) HAC and (b) OPC pastes
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Corrosion behaviour:
The galvanic current for the steels in concrete specimens exposed to a 4M NaCl solution is
given in Figure 6. The galvanic current monitoring is very useful to detect the onset of
corrosion, which is often recognised by a sharp increase in the galvanic current. After the
onset of corrosion, monitoring of the galvanic current was stopped then to remove the
concrete specimens for further measuring of the chloride profile for the duration of exposure
to the salt solution. In the corrosion-passive state, the galvanic current was marginally low,
ranging below 1.0 mA/m2, except for some replications, which showed the higher level of the
galvanic current, ranging from 2.0 to 4.0 mA/m2. However, the increased galvanic current was
again decreased to the marginal range in a short duration, which is considered as the
repassivation of the steel. Unlike the solution environment, the onset of corrosion in concrete
can be cured by inhibitive hydration products such as precipitated Ca(OH)2. In the
corrosion-active state, the galvanic current ranged from 3.0 to 8.0 mA/m2 for HAC and OPC
concretes at different days. It was seen that the time to corrosion for HAC concrete was
slightly greater than for OPC. The time to corrosion detected by the galvanic current
monitoring ranged 181, 201, 216 and 271 for HAC concrete, while for OPC concrete 91, 121,
151 and 221 days respectively. The increased time to corrosion for HAC concrete is attributed
to either the higher chloride threshold or the lower rate of chloride transport.
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Figure 6 Galvanic current of steel in (a) HAC and (b) OPC concrete with time to detect the
onset of corrosion
The chloride profiles for HAC and OPC concretes are given in Figure 7 together with the
fitted curve to calculate the apparent diffusion coefficient and the concentration of surface
chloride. The rate of chloride transport in terms of diffusion provides information on the
concentration of chloride ions at the depth of the steel at the time of corrosion initiation,
which was used to determine the chloride threshold level, as shown in Table 3. For the rate of
chloride transport, the apparent diffusion coefficient and surface chloride were not much
influenced by binder type. For both HAC and OPC concretes, the concentration of surface
chloride ranged from 2.19 to 2.84% by weight of cement, and the apparent diffusion
coefficient ranged from 1.38×10-12 to 9.58×10-12 m2/s. Consequently, it seems that HAC
concrete does not benefit in lowering the rate of chloride transport to mitigate
chloride-induced corrosion, when concrete is exposed to a chloride environment. However,
HAC concrete is advantageous in enhancing the critical chloride threshold level for steel
corrosion. The threshold value for HAC ranged from 0.54 to 0.74%, while OPC produced
threshold values ranging from 0.35 to 0.49% by weight of cement. Due to increased threshold
value, it seemed that the time to corrosion for HAC concrete was longer than for OPC
concrete in spite of a marginal benefit in delaying the rate of chloride transport.
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Figure 7 Chloride profiles for (a) HAC and (b) OPC concretes exposed to 4.0M NaCl solution
Table 3 Time to corrosion of steel in HAC and OPC concretes exposed to a 4.0M NaCl
solution together with chloride transport and chloride threshold level
No.

Time to corrosion

Chloride
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(days)

HAC

OPC

D* (m2/s)
8.81

CS **
(%, cement)
2.53

1

181

threshold
(%, cement)
0.55

2

271

0.64

6.64

2.64

3

216

0.74

9.05

2.84

4

201

0.54

7.75

2.57

1

151

0.44

8.83

2.44

2

121

0.35

9.58

2.39

3

221

0.49

7.43

2.19

0.42

1.38

2.71

4
91
*: Apparent diffusion coefficient
**: Chloride concentration on concrete surface
6.6.2.4 Corrosion resistance of HAC

In the present study, HAC concrete had a higher resistance to corrosion of steel, when
chlorides were intruded internally and externally, although its chloride binding capacity is
lower than OPC. As chloride binding mitigates the mobility of chloride ions in the pore
solution, the binding capacity has been considered as an inhibition parameter. For example,
sulfate resistant Portland cement, which has the lower binding capacity, always showed the
higher corrosion rate at a given chloride concentration in the testing [12]. As the binding
capacity, moreover, affects the rate of chloride transport in concrete at a given pore structure,
the influence of chloride binding on the corrosion behaviour and corrosion free life of
concrete structure cannot be underestimated. Currently, the importance of buffering of
hydration products is also emphasised in determining the resistance to corrosion in concrete.
Chloride-induced corrosion of steel in concrete is accompanied by a pit nucleation and pit
growth to rusting. Once a pit nucleation event occurs, inhibitive hydrations such as Ca(OH)2
recovers the passivation of steel (i.e. repassivation) [13]. However, a local fall in the pH of the
pore solution in the vicinity of the steel would increase the mobility of chloride ions, which
subsequently participates in the corrosion process. Simultaneously, hydration products in the
cement matrix resist/buffer the fall in the pH to sustain the alkalinity of the pore solution and
thus to protect the passivation of the steel embedment. When neutralisation (i.e. pH fall) of
the pore solution exceeds buffering capacity of the hydration products, corrosion eventually
initiates. Hence, it can be said that the higher buffering capacity imposes the greater resistance
to corrosion. The pH of the pore solution is a key factor to achieve the higher buffering
capacity of cement matrix. A current study showed that the alkalinity of the pore solution
extracted from four Portland cement pastes was associated with the buffering capacity against
a pH fall. In this study, the pH of the pore solution for HAC and OPC concrete was not
measured, but it can be deduced from a literature review that the pH of the OPC pore solution
ranges from 12.5 to 13.5, while HAC concrete produced 11.7 to 12.5 in the pH of the pore
solution, implying that HAC has a lower buffering capacity. Consequently, HAC concrete has
a lower chloride binding and lower buffering to a pH fall. Notwithstanding, HAC concrete
produced the higher resistance to corrosion in terms of corrosion rate, galvanic current and
chloride threshold for corrosion, irrespective of chloride type.
The inhibition of HAC may arise from the different mechanism of corrosion initiation,
including chloride binding and buffering. In Portland cement concrete, chlorides bound in
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hydrations are mostly released into free by a fall in the pH of the pore solution and turn
mobile to participate in the corrosion process. If the buffering capacity is high, more free/
mobile chlorides must be supplied to grow the pitting to corrosion. It seems that, however,
binding of HAC matrix may be more sustainable against a fall in the pH. An experimental
study showed that the release of bound chlorides in HAC paste was marginal when the
specimen was exposed to a carbonation environment [14]. In the semi-quantitative analysis of
XRD, no Friedel’s salt was observed for OPC paste, whereas HAC paste still contained bound
chlorides at a large portion even subjected to carbonation. It suggests that chlorides bound in
HAC paste may be lower than in OPC, but the bound chlorides are marginally released into
free at a pH fall in the pore solution. Thus the resistance to the onset of corrosion was
enhanced in terms of the chloride threshold level for steel corrosion, although the stronger
binding of chloride ions in HAC paste against a reduction of the pH is not clearly known yet.
6.6.3

SUMMARY ON HAC

In the present study, the corrosion resistance of HAC concrete was evaluated by testing of
chloride transport and corrosion behaviour. Simultaneously, fundamental properties of HAC
concrete including strength development and setting time were measured to ensure the
applicability of HAC to a real structure subjected to chloride-induced corrosion. The
conclusion of this experimental study is as follows:
(1) The compressive strength for HAC concrete was higher than for OPC concrete at all
ages for 365 days, although HAC concrete showed a reduction of the strength at 28
days and then kept the strength a converged value after 91 days of curing. The initial
and final setting time for HAC concrete was shorter than for OPC by about 36 and
141 min respectively.
(2) At a given concentration of total chlorides, the concentration of bound chlorides in
HAC paste was lower (i.e. low binding capacity) at all ages, imposing that more free
chlorides might be active in the corrosion process. Also, the chloride binding capacity
was increased by the duration of curing, for both HAC and OPC paste.
(3) The rate of chloride transport, when measured by the rapid chloride penetration test,
for HAC concrete was about 10 times lower than for OPC concrete, as being
unrealistic and inconclusive. In the exposure test, the difference in chloride transport
in terms of the apparent diffusion coefficient (D) and the concentration of surface
chloride (CS) was very marginal between for HAC and OPC concretes.
(4) For external chlorides, HAC concrete again produced the higher chloride threshold
level for corrosion, when the corrosion initiation was detected by monitoring of the
galvanic current, implying that HAC concrete may extend the corrosion free life of a
concrete structure exposed to a salt environment.
6.6.4
CHEMICAL INHIBITOR
6.6.4.1 Use of chemical inhibitor
The mechanism by which a corrosion inhibitor works depends on the type of inhibitor, the
creation of a passive film on the steel surface, the passive film resistance to corrosion, and the
inhibiting effect of oxygen. Corrosion inhibitors form a film on the steel, which prevents or
inhibits chloride or carbonation attack. The generation of the passive film is associated with a
chemical reaction between the inhibitor and ferrous ions in the steel, which act to modify the
chemistry of the steel surface. The film produced by a corrosion inhibitor may affect the
electrochemical characteristics of the steel and thus influence either the anodic or cathodic
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reaction. A decrease of either reaction would result in a decrease in corrosion because the
anodic and cathodic reactions must balance each other.
Corrosion inhibitors used in reinforced concrete are typically classified as anodic or cathodic
inhibitors, depending on how they affect the corrosion process. Organic-based corrosion
inhibitors have also been developed as an alternative to the commonly used inorganic
inhibitors. However, only anodic corrosion inhibitors, in particular nitrite-based inhibitors, are
in widespread commercial use. Uncertainty exists over the use of organic-based corrosion
inhibitors because of compositional uncertainty and their small inhibiting effect when used in
concrete, which may lead to severe pitting corrosion if the wrong amount is used.
The most commonly used anodic corrosion inhibitor is calcium nitrite. The mechanism of its
action is associated with the generation and stabilisation of a protective passive film. Ferrous
ions react with nitrite ions at defects in the passive film to form the more stable ferric oxide.
The chemical equation is given in Eq 3 [15].
Fe2+ + 2OH- + 2NO2-  -Fe2O3 + 2NO + H2O

(3)

In the presence of chloride ions, nitrite and chloride ions compete at defects in the passive
film for the ferrous ions. Hence, the relative concentration of nitrite and chloride ions will
determine the type of reaction, and either a passive or active state. The probability of steel
corroding is increased when the concentration of chloride is higher than that of nitrite. It has
been suggested that the concentration ratio of [NO2-]:[Cl-], must exceed a threshold value for
corrosion to be inhibited.
The passive film generated by an anodic corrosion inhibitor may change the electrochemistry
of the steel. FFigure 8 gives an Evans diagram using an anodic corrosion inhibitor [Bentur et
al 1997]. When an anodic inhibitor is absent in a chloride environment, the anodic (A1) and
cathodic curves (C1) shown indicate severe pitting corrosion (I2). The use of an anodic
corrosion inhibitor shifts the anodic curves to more positive potentials (A2), thereby
increasing the corrosion potential with no change in the cathodic reaction. The increase in the
potential may be caused by the anodic corrosion inhibitor accelerating the dissolution of
ferrous ions, so that a passive film is formed on the steel surface. The addition of the inhibitor
reduces the corrosion rate (I1).
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Figure 8: Evans diagram showing the corrosion inhibiting effect of anodic corrosion
inhibitors on steel in a chloride-containing environment
6.6.4.2 Testing for inhibitor
Concrete/mortar specimens were manufactured using ordinary Portland cement (OPC) as well
as the mixtures of OPC with pulverised fuel ash (PFA) and ground granulated blast furnace
slag (GGBS). The oxide composition of binders is given in Table 4. In this study, 30%
calcium nitrite solution (CN) was selected to evaluate the effect of the inhibitor on the
resistance to corrosion of steel and diffusivity of chloride ions through concrete containing
CN. The present study considered the contribution of water from the CN solution to water
content to meet a constant water-cement ratio for a given mix design. Testing for inhibitor
includes strength, chloride transport and corrosion behviour, which were already stated in
Section 2.2. Every process is equted except for addition of CN solution in mixing water.
6.6.4.3 Effect of calcium nitrite
Strength development:
The development of compressive strength of concretes containing CN is given in Figure 9
showing the strengths at 7, 28, 56, 91, 180 and 365 days. The compressive strength for all
specimens increased with time regardless of the content of CN and binders. The range of
strength varied depending on binders, whereas the affect of CN on the compressive strength
of all concrete specimens was marginal. OPC concrete was ranked to the highest compressive
strength followed by 30% PFA and 65% GGBS concretes. The slightly lower strength for
30% PFA and 65% GGBS concretes at an early age may be attributed to a lower rate of
hydration, but the strength in a long term was mostly equated for OPC presumably by a latent
hydration of pozzolanic materials. Hence, it can be said that CN has no detrimental effect on
concrete properties at least on the strength development, whereas other inhibitors may lower
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the compressive strength, for example sodium nitrite, sodium benzoate [16-18].
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Figure 9: Development of compressive strength of OPC, 30% PFA and 65% GGBS concrete
containing CN at 7, 28, 56, 91, 180 and 365 days
Rate of chloride transport:
Chloride transport through concretes containing CN was examined by both tests of rapid
chloride penetration and salt water exposure. Figure 10 shows the results of charge passed
through concrete with binder type and the content of CN, when 60V of a potential difference
was applied. It is seen that an increase in the duration of curing resulted in increased
resistance to chloride penetration, irrespective of binder and CN. The charge passed for CN
free concrete specimens at 28 days ranged 6125, 5326 and 3994 Coulombs for OPC, 30%
PFA and 65% GGBS concretes respectively, while 4412, 2888 and 1664 Coulombs at 365
days. It is also evident that PFA and GGBS enhanced the resistance to the chloride ion
penetrability into the concrete. According to the standard (i.e. ASTM C 1202-91), the charge
passed for OPC equated to the level of ‘High,’ whereas 30% PFA and 65% GGBS concretes
to the level of ‘Moderate’ and ‘Low’ respectively (See Table 2). It is likely that that CN affects
the rate of chloride transport. At 1.0% of CN addition, there was no significant difference in
the charge passed, whereas the charge passed for concrete specimens containing 2.0 and 3.0%
of CN increased, compared to the CN free specimens.
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Figure 10: Total charge passed through concretes of OPC, 30% PFA and 65% GGBS
containing CN under a potential difference of 60V for 6 h
Figure 11 gives the chloride ingresses at the depths ranging up to 10.0 mm with 1.0 mm
increments concrete specimens containing CN after a 365 days exposure to a 4M NaCl
solution. The curves are the best fitted to chloride profles describing the diffusivity of chloride
ions, as only diffusion was considered as chloride transport, by immersing the specimens in
the salt solution. It is seen that the diffusion coefficient for 30% PFA and 65% GGBS concrete
was much lower than for OPC concretes, imposing a higher resistance to chloride transport, as
being ascribed to the denser pore structures and higher chloride binding capacity. It is notable
that for all concretes containing CN, an increase in the content of CN resulted in an increase
in the diffusion coefficient and surface chloride. It is an important finding, since the inhibition
effect of CN may be offset by a rapid chloride transport in assessing the corrosion-free life of
concrete structures. The increased rate of chloride transport for concretes containing CN is not
clearly known in this study, which may be attributed presumably to a change in the membrane
potential on the surface concrete, the pore structure and chloride binding capacity.
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Figure 11: Chloride profiles of OPC, 30% PFA and 65% GGBS concretes containing CN
exposed to a 4M NaCl solution
Galvanic current:
In the testing for corrosion, the galvanic current between the steel anode and external cathode
(i.e. titanium mesh) was monitored to detect the onset of corrosion. After corrosion initiation,
the variation in the galvanic current in the active state of corrosion was given in Figure 11. It
is seen that the galvanic current was increased by addition of CN into concretes. For CN free
specimens, the galvanic current ranged from 1.77 to 2.30 mA/m2, whilst the galvanic current
exceeded 8.05 to 12.75 mA/m2 for 3.0% of CN addition. It may suggest that CN may allow to
be more conductive for ionic/electronic (i.e. chloride ions) transport, thereby presumably
leading to a rapid propagation of chloride-induced corrosion, once corrosion occurred.
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Figure 12: Galvanic current after the onset of corrosion for OPC, 30% PFA and 65% GGBS
concretes containing CN exposed to a 4M NaCl solution
Chloride threshold level:
The chloride threshold level for steel corrosion for concretes containing CN is given in Figure
12. It is evident that CN is very effective in enhancing the resistance to chloride-induced
corrosion. For OPC concretes, the threshold values ranged 0.53, 0.66, 1.34 and 2.68% by
weight of cement for 0.0, 1.0, 2.0 and 3.0% of CN addition respectively. For 30% PFA and
65% GGBS concretes, an increase in the content of CN also resulted in an increase in the
chloride threshold level. However, the effect in increasing the threshold level for the
pozzolanic materials was less significant than for OPC concretes. The threshold value for
30% PFA concrete ranged 0.41, 0.38, 0.79 and 1.78% at 0.0, 1.0, 2.0 and 3.0% of CN
respectively, while for 65% GGBS concretes, 0.39, 0.44 0.55 and 0.86% at 0.0, 1.0, 2.0 and
3.0% of CN respectively.
The time to corrosion was also measured for the steel embedment at 10 mm of the depth,
when exposed to a 4M NaCl solution, as given in Figure 13. The effect of CN on the time to
corrosion is subjected to complexity. For OPC concretes, an increase in the content of CN
resulted in increased corrosion-free service life, particularly at 3.0% of CN addition. The time
to corrosion ranged 31, 39, 46 and 259 days at 0.0, 1.0, 2.0 and 3.0% of CN respectively. For
30% PFA concretes, the time to corrosion ranged from 61 to 107 days, and for 65% GGBS
concrete from 214 to 288 days with no significant affect of CN. This may arise from an
accelerated chloride transport, when CN admixed in PFA and GGBS concretes, and a
marginal effect in increasing the corrosion-free service life was observed in spite of increased
chloride threshold value.
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Figure 12: Chloride threshold level for corrosion for OPC, 30% PFA and 65% GGBS
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Figure 13: Time to corrosion of steel in OPC, 30% PFA and 65% GGBS concretes containing
CN exposed to a 4M NaCl solution
6.6.4.4 Inhibition of nitrite ions
This study showed that an increase in the content of CN raised the chloride threshold level
regardless of binder. This is well consistent with the theory that an increase in CN enhances
the formation of a stable ferric oxide film on the steel surface and hence restricts the ability of
chloride ions to react with ferrous ions to cause pitting corrosion [19]. However, smaller
dosages of CN (i.e. 1.0% of CN to binder weight) in 30% PFA and 65% GGBS concretes
produced a lower threshold value than in control specimens or showed a marginal effect. This
may be attributed to the fact that insufficient CN may accelerate the corrosion process. Nitrite
ions activate the dissolution of ferrous ion on the steel surface to form ferric oxide and hence
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increase the potential, but a small amount of nitrites cannot produce sufficient ferric oxide
layer to resist chloride attack. This implies that pit nucleation may take place by nitrite ions,
allowing chloride ions to easily depassivate and then initiate corrosion [20]. Hence, the
importance of a minimal content of CN-based inhibitor has been previously emphasised [21,
22]. The content of CN (used as a 30% solution) needed to inhibit corrosion in concrete is
generally considered to range from 10 to 30kg/m3 in the presence of chloride ions. Table 4
shows recommended dosages of CN required to prevent chloride-induced corrosion, for a
given cement content of 350kg/m3.
Table 4 Content of CN for inhibition of chloride-induced corrosion
Calcium nitrite
(kg/m3, 30% sol.)

Chloride at steel
(kg/m3)

[NO2-]:[Cl-]

CTL
(%, cem.)

10

3.6

0.45

1.00

15

5.9

0.42

1.69

20

7.7

0.41

2.20

25

8.9

0.45

2.54

30

9.5

0.52

2.71

In this study, the dosage of CN from 1.0 to 3.0% to cement weight was used, equating to 3.44
to 10.32 kg/m3 in a concrete mix respectively. Results showed a high threshold value for
corrosion was achieved from the even lower CN content than as suggested in the literature.
For example, 10.32 kg/m3 of CN (3.0% of CN by weight of cement in this study) in OPC
concrete produced a threshold value of 2.68% by weight of cement, whilst the guideline
expects about 1.0% of threshold value for the equivalent content of CN. The inhibition effect
of CN was again underestimated for 30% PFA concretes, for which the chloride threshold
accounted for 1.78%. However, the inhibition effect of CN was lowered for 65% GGBS
concrete, for which chloride threshold accounted for only 0.86%. It may due to the different
inhibitive nature of cement matrix containing CN.
6.6.5

SUMMARY FOR INHIBITOR

The present study examined the corrosion resistance of concrete containing CN, when PFA
and GGBS were partially used as binders. The experiments included a development of
compressive strength, rate of chloride transport in terms of ionic penetration under electric
field and diffusivity of chloride ions, and corrosion initiation. The findings are as follows.
(1) CN has no detrimental effect to a development of compressive strength, irrespective of
binder. When CN was added in concrete mix, the compressive strength was very
marginally affected for 365 days. However, the compressive strength was affected by
binder. The order of the strength is OPC 〉30% PFA 〉65% GGBS concretes respectively.
(2) It was found that concretes containing CN has a lower resistance to chloride transport.
Rapid chloride penetration test showed that additions of CN resulted in an increase of
charges passing through the concrete cell. Also, the diffusion coefficient of chloride ions
after exposure of concrete specimens to a 4M NaCl solution increased as the content of
CN in 30% PFA and 65% GGBS concretes increased. However, the diffusivity for OPC
concrete was not affected by addition of CN.
(3) The CN addition was very effective in increasing the resistance to chloride-induced
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corrosion. An increase in the content of CN resulted in an increase in the chloride
threshold level for corrosion, for all binders. OPC concrete was the most effective in
raising the threshold value, accounting for 0.53, 0.66, 1.34 and 2.68% by weight of
cement at 0.0, 1.0, 2.0 and 3.0% of CN respectively.
(4) The time to corrosion significantly increased when CN was added to OPC concretes, due
to increased threshold level. However, the corrosion-free service life for 30% PFA and
65% GGBS concretes was relatively less affected by the content of CN, due to an
increase in both the threshold level and rate of chloride transport.
(5) After the onset of corrosion, the galvanic current was dependent on whether or not CN
was added. The galvanic current for concretes containing CN was even higher than for
CN free concretes by 4-6 times, leading to a rapid further corrosion (i.e. corrosion
propagation).
6.6.6

ELECTROCHEMICAL TREATMENT

6.6.6.1 Principle of electrochemical treatment
Electrochemical treatments have several possible aims: cathodic protection, chloride
extraction and realkalisation. Electrochemical treatment involves the application of a direct
current (DC) between an external anode and the reinforcing steel; the electrical circuit is
shown in Figure 14. The pore solution in concrete serves as the electrolyte and allows the
passage of a current. By providing a source of electrons, negative ions such as chloride,
hydroxyl and carbonate are forced to move toward the concrete surface, while positive ions
such as calcium, sodium and potassium move towards the cathode. A reduction in bond
strength has been reported when the embedded steel is used as a cathode because hydrogen
gas may be generated, or alkali metals (e.g. potassium and sodium ions) may accumulate in
the vicinity of the cathode and soften the steel-concrete interface.

Figure 14: Ionic circuit for electrochemical treatment
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Cathodic protection:
Cathodic protection is widely used as a repair method to arrest the corrosion of steel in
existing concrete structures. The principle of the method is to inhibit corrosion reactions by
supplying electrons to the embedded steel from an external anode, which has the effect of
converting the steel to a cathode. The external current can be applied by connecting the steel
to a metal which is higher in the electrochemical series, such as zinc. The anodic metal
dissolves and supplies electrons to the cathodic steel; the anode is called a 'sacrificial anode'.
However, the effect of a sacrificial anode is limited in the application of cathodic protection to
wet concrete due to the low resistivity of concrete. An alternative method involves supplying
current from an external power source. The DC (direct current) is fed into an inert material,
which serves as the anode and is placed on the concrete surface. The current density
employed often ranges from 10 to 30mA/m2. This method is referred to as 'impressed current
cathodic protection (ICCP)'.
Cathodic protection has been successfully applied to the reduction of corrosion in reinforced
concrete bridges in California since 1973. Manning [23] suggested that suitable criteria for the
use of cathodic protection can be derived from case studies. Broomfield et al [24] reported the
effectiveness of cathodic protection when applied to buildings and marine structures subjected
to carbonation and chloride-induced corrosion respectively. A conductive coating at the
anodic site was used and the current density applied by ICCP ranged between 25 and
50mA/m2; this achieved effective distribution of the current to the cathodic steel surface.
Vrable [25] also achieved a reduction in corrosion by ICCP and suggested that corrosion stops
at a polarisation potential of -770mV; hydrogen evolution occurs at -1170mV. The resistivity
of concrete and degradation of the steel-concrete bond strength must be considered when
applying cathodic protection. Vrable [25] observed a decrease in bond strength between the
steel and concrete resulting from an increase in the total charge applied. Chang [26] also
reported bond degradation when very high currents, ranging from 4 and 12A/m2, were applied,
a conclusion supported by the detection of potassium and sodium ions at the steel-concrete
interface under scanning electron microscopy (SEM). Charge transfer resistance is
unavoidable when applying current to concrete structures because of the high electrical
resistance of concrete, which is reflected in the IR drop. Pruckner [1996] considered that the
increase in charge transfer resistance in concrete may be due to the repulsion of chloride ions
from the steel surface. Hassanein et al [27] indicated that an increase in the resistivity of
concrete, the cover depth, ratio of cathode to anode increase, and IR drop, may influence the
assessment of the current density.
Realkalisation:
Realkalisation is a repair technique which is applied to reinforced concrete structures subject
to carbonation-induced corrosion, and was developed in the late 1980’s. The principle of the
technique is to raise the alkalinity of the carbonated concrete by applying an electric current to
force an alkaline solution into the pore structure. Typically, a 1-2M sodium carbonate solution
of pH 12 and a current density of 1A/m2 are applied to the concrete surface, typically
corresponding to 5A/m2 at the steel surface. The duration of the treatment is normally 1-3
weeks.
Figure 15 illustrates the set-up for applying the realkalisation technique. A DC is applied
to the steel (or the opposite face of the concrete) and an external temporary anode, which is
immersed in an electrolyte solution held against the external face of the concrete. During
treatment, the alkaline solution migrates into the carbonated concrete which has the effect of
raising the pH of the concrete pore solution and, at the same time, hydroxyl ions are generated
by oxygen reduction to re-establish a passive film on the steel. The net effect is to arrest the
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carbonation-induced corrosion of the steel.

Figure 15: Set-up for realkalisation of carbonated concrete [28]
There are a number of papers reporting experience with the realkalisation technique. Mattila
et al [29] observed an increase in the concentration of sodium ions in a test with a 1M sodium
carbonate solution and a current density of 1A/m2 applied for 3 and 6 days. The concentration
of sodium increased up to 10kg/m3, while the untreated specimen had a much lower
concentration, ranging from 2 to 3kg/m3. Sergi et al [30] used various pH indicators to obtain
a pH profile in the vicinity of the steel. The increased pH ranged from 12.5 to 13, at a depth of
30mm into the concrete cover. They found that the use of lithium hydroxide instead of a
sodium-based alkaline solution reduced the risk of alkali silica reactivity (ASR) in the
presence of sodium or potassium.
Al-Kadhimi et al [31] reported enhanced concrete properties due to realkalisation: water
absorption was decreased and compressive, flexural and even bond strengths were increased.
Little information is available in the literature on the long-term effect of realkalisation on
concrete durability because of the relatively short history of its application.
Electrochemical chloride extraction:
The electrochemical chloride extraction method (ECE) was developed in the 1970’s for the
repair of reinforced concrete structures subject to chloride-induced corrosion [32]. The
principle of the ECE method is to apply a high voltage (220V) DC current between the steel
reinforcement and an external anode in order to force chloride ions away from the steel. The
anode is usually a titanium mesh that is placed on the outside of the concrete surface and is in
contact with an electrolyte solution. The current density used is typically from 1 to 2A/m2 and
the duration of application varies from 6 to 10 weeks.
There are a number of reports on the effectiveness of the ECE method. Arya et al [33] used
voltages of 10, 20, and 30V and found that an increase in the voltage enhanced the chloride
extraction effect. Marcotte et al [34] found that chloride-induced corrosion was arrested after
applying a current of 8.37A/m2 for 8 weeks, resulting in the removal of chloride ions at the
steel-concrete interface. Orellan et al [35] reported a significant removal of chloride at the
steel-concrete interface with 50% extraction of chloride in the cover concrete after 7 weeks
treatment, and 40% chloride removal at the depth of the steel. Intermittent cathodic protection
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using 0.04, 0.1 and 0.25A/m2 was also effective in extracting chloride, with the effectiveness
being proportional to the current density [36].
High current density electrochemical treatments may reduce the bond strength between the
steel and concrete. A reduction of 30 to 60% in bond strength has been reported by many
authors [37]. However, the results of these investigations are questionable as the control
specimens contained chloride ions. The reduction in bond strength of the ECE-treated
concrete relative to controls should not be regarded as conclusive because corrosion itself
increases the bond strength. Also, the high current densities used appeared to be unrealistic
for the environment. Buenfeld and Broomfield [38] showed a relatively lower reduction in
bond strength compared to previous studies, ranging from 11 to 25%, when considering these
effects: chloride-free specimens were chosen as a reference. Also, they found that the reduced
bond strength was recovered in 24 hours. It has been reported that ECE altered the pore size
and pore size distribution in concrete by releasing ions into the pore solution which in turn
reduced the pore size and hence the effectiveness of ECE [39].
6.6.6.2 Testing for electrochemical treatment

80mm

Testing of microstructure:
Specimen preparation: Mortar specimens were cast with a centrally located steel ribbon (0.25
mm thick). The mix proportion for cement: water: sand mixture was 1.00: 0.45: 2.45.. Prior to
casting, a titanium mesh was placed along the inner surface of the mould to serve as an anode.
The experimental set-up is given in Figure 16. Immediately after casting, a direct current
(DC) was applied between the mesh and the steel ribbon. The current densities applied were
250, 500, 750 mA/m2 for a treatment of one week period. The mortar was cured for 28 days at
room temperature by sealing in a polythene film to avoid leaching out of ions form mortar.

Figure 16: Experimental set-up for microscopic analysis of the steel-concrete interface
subjected to electrochemical treatment
Sample fabrication: Sample preparation consists of cutting, drying, vacuum impregnation
with resin, lapping, grinding and polishing. Segments containing the steel ribbon were sliced
perpendicular to the direction of the steel, using a diamond saw, to produce a block specimen
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(40  20  10mm). Then, the specimen was slowly dried in an oven at 50 C for 3 days, which
otherwise would form unexpected cracking at the steel-concrete interface arising from a rapid
drying of the specimen such as 1 day at 105 C, before being resin impregnated under vacuum.
The impregnated specimen was lapped and polished on cloths embedded with progressively
finer diamond particles ranging from 9, 6, 3, 1 to 0.25 m. Polishing was performed at 70rpm,
with a 7 N force applied to each specimen. The time spent on each grinding and polishing
stage was no longer than 2-4 min to minimise relief effects that may produce an uneven
surface due to the different hardness of materials. After polishing, the specimens were cleaned
ultrasonically in acetone and then further dried for one day using a vacuum pump at a
pressure of the order 10-4 Pa, followed by carbon coating under pressure of about 710-5 Pa.
Image capture: A JEOL 5410LV SEM was used for capturing BSE images. The instrumental
parameters used for the SEM were: accelerating voltage = 20 kV; working distance = 15 mm;
beam spot size (SS) = 12 mm; lens current = 66 µA. Images were obtained with a pixel
resolution of 0.6185 μm. For a higher magnification of 500, the images gave a field of view
of 240180 μm and a pixel resolution of 0.1237 μm. Areas near the sample edge were not
imaged to remove sampling locations that may have been damaged during specimen
preparation. The image size to evaluate was 1877  1430 pixels.
Corrosion Testing:
Corrosion testing for electrochemical treatment is mostly equated for high alumina cement
(HAC) and chemical inhibitor. The current density and duration of treatment are given in
Table 5.

Table 5: Applied current densities for electrochemical treatment
Duration
(days)

Current
(mA/m2)

Voltage
(V)

Charge
(Coulomb)

Number of
replication

Control

0

0

0

0

4

250-1W

7

250

0.6

150,000

4

500-1W

7

500

1.2

300,000

4

750-1W

7

750

1.8

450,000

4

125-2W

14

125

0.3

150,000

4

250-2W

14

250

0.6

300,000

4

500-2W

14

500

1.2

600,000

4

Name

6.6.6.3 Inhibition effect of electrochemical treatment
Time to corrosion:
Figure 17 gives the time to corrosion initiation as a function of the current density applied and
the duration of treatment. It is seen that an increase in current density resulted in an increase
in time to corrosion, irrespective of the duration of treatment, except the 750 mA/m2 current
density, of which specimens started to corrode within a similar age range as the control
specimens (20 to 199 days). For 1 week treatment, corrosion started in the range from 167 to
215 days for the current density of 250 mA/m2, from 398 to 470 days for 500 mA/m2 and
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from 210 to 288 days for 750 mA/m2 respectively. Also the time to corrosion for 2 week
treatment ranged from 187 to 260 days for 125 mA/m2, from 248 to 291 days for 250 mA/m2
and from 458 to 571 days for 500 mA/m2 respectively.
It was found that a current density of 500 mA/m2 produced the longest time to corrosion
irrespective of the duration of treatment. This result may be due to the increased CTL. It was
also observed that the longer duration of treatment at a given current density was more
effective in increasing the corrosion-free life. For example, the time to corrosion for 250
mA/m2 after 2 week treatment was greater than that for the 1 week treatment with an equal
current density by 33-124 days. This effect was seen again in the current density of 500
mA/m2.

Time to corrosion (days)1

600

400

200

Control

1 week

2 week

0
0

250

500

750

2

Current density (mA/m )

Figure 17 Time to corrosion for the specimens at the varied current densities and duration
of treatment
Chloride threshold level:
The CTL obtained, as a function of applied current density and duration of treatment, is
illustrated in Figure 18. The CTL for all specimens subject to electrochemical treatment
increased, but the highest current density of 750 mA/m2 was found to be less effective in
raising the CTL than the lower current densities. The CTL for non-treated specimens ranged
from 0.48 to 1.52 % by weight of cement, while the CTL after 1 week treatment ranged from
1.36 to 2.09 for the current density of 250 mA/m2, from 1.88 to 2.46 for 500 mA/m2, and from
0.82 to 2.10 for 750mA/m2 respectively. The CTL was found to increase with the current
density after two weeks treatment, but a current density of 125 mA/m2, which is the lowest
current density in this study, produced a marginal effect in raising the CTL, compared to the
control. The CTL ranged from 0.85 to 1.48, from 1.54 to 1.93 and from 2.23 to 2.75 % for the
current densities of 125, 250 and 500 mA/m2 respectively.
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Figure 18: Chloride threshold level for the varied current densities and duration of treatment
Chloride transport:
Figure 19 and 20 give the D and CS values at the time of corrosion initiation for early
electrochemical treatment. As the current density increased, the D values for all specimens
under electrochemical treatment slightly decreased compared to the control specimens, and
ranged from 3.6710-12 to 9.8410-12 m2/s. This suggests that electrochemical treatment does
not have an adverse effect on the diffusion of chloride. The beneficial effects of
electrochemical treatment (raising the CTL and decreasing the D) thus may guarantee a much
longer corrosion-free life for reinforced concrete.
An increase in current density resulted in an increase in CS values. For example CS values in
treated specimens ranged from 4.17 to 4.72 % for a 125 mA/m2 current density, 4.33 to
5.31 % for 250 mA/m2, 4.72 to 5.80 % for 500 mA/m2, and 4.91 to 5.92% for 750 mA/m2
densities respectively, while the CS for untreated specimens ranged from 3.91 to 4.45 %. An
increased CS value resulted in an increase in the rate of chloride ingress at a given D and
hence, at constant CTL, reduces the corrosion-free service life. The increase in the time to
corrosion for all treated specimens in this study is therefore attributed to the increased CTL.
The cause of the increased CS and decreased is not clear. However, the influence of increased
CS value would be marginal to real structure, when the electrochemical treatment is applied,
because the effect of the treatment would be diminished with time and CS value is more
dependent on the Cl- concentration of salt solution.
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Figure 19: Apparent diffusion coefficient for the varied current densities and duration of
treatment
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Figure 20: Surface chloride content level for the varied current densities and duration of
treatment
6.6.6.4 Microscopic refinement
The BSE images for early electrochemical treatment with the current densities of (0, 250, 500
and 750mA/m2 are given in Figure 21. The grey scale in these images depends on the detected
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backscattered signal coefficient, which is influenced by the atomic number of the phase being
probed by the electron beam [40]. The phases of interest, graded in terms of their relative
greyscale brightness, are steel (brightest) > unhydrated cement grain > calcium hydroxide >
CSH gel > cracks or porosity (darkest). Distribution of phases in the images varied depending
on the applied current density.
(a)

(b)

(c)

(d)
100 ㎛

Steel

Unhydrated
cement

100

Calcium
hydroxide

CSH gel

Porosity

Figure 21: BSE images of the steel-concrete interface at 100× magnification subjected to
electrochemical treatment varying with the current densities
(a) Control: 0mA/m2, (b) 250mA/m2, (c) 500mA/m2 and (d) 750mA/m2
All interfaces between the steel and mortar, irrespective of the current density, include a
continuous sharp crack along the steel. As seen in Figure 21 (a) with no DC applied, it is
evident that CSH gel mainly occupies the area adjacent to the steel. This supports a previous
finding that calcium hydroxide does not form a continuous layer on the steel surface [41],
challenging the hypothesis that has been generally accepted to date. It is evident that a higher
density of a DC flowing increased the micro-sharp cracks in the vicinity of the steel. For
current densities of 500 and 750 mA/m2 more cracks in the cement matrix were observed,
compared to the specimens with 0 and 250 mA/m2 current densities, which may reduce the
bond between the steel and concrete. Particularly very large voids were formed in the vicinity
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of the steel (Figure 21 (c) and (d)), which seem like entrapped air voids. A greater level of
cracks for the 500 and 750 mA/m2 (0.323 and 0.484 mA/in.2) current densities was again
observed in images at a higher magnification. Figure 22 shows images containing the
steel-mortar interface (at a magnification of 500×) avoiding the inclusion of aggregate
particles into the image. The 500 mA/m2 current density produced a number of fine cracks in
the vicinity of the steel, and for the current density of 750 mA/m2 a very large continuous gap
between the steel and cement matrix was observed, while other current densities produced
much lower levels of cracks. Also, it was observed that application of a DC to the mortar
resulted in an increase in the unhydrated cement grains. This suggests that an electrochemical
treatment applied to fresh concrete may reduce the hydration rate of the cement matrix, and
hence care should be taken to minimise adverse effects, such as under-development of
strength.
(a)
(b)

(c)

(d)

Figure 22: BSE images of the steel-concrete interface at 500× magnification subjected to
electrochemical treatment varying with the current densities
(a) Control: 0mA/m2, (b) 250mA/m2, (c) 500mA/m2 and (d) 750mA/m2
6.6.7

SUMMARY FOR ELECTROCHEMICAL TREATMENT

Microscopic analysis showed that early electrochemical treatment changed the distribution of
porosity including cracks, calcium hydroxide and unhydrated cement grains of the
steel-mortar interface. The porosity was increased by the current density applied to the steel
embedded in concrete and at the anode. In particular, at 750 mA/m2 of the current density, the
steel and the concrete were separated at the interface due to the increased porosity that may
have been induced by hydrogen evolution. A reduction in bond strength was also observed
because of the increased porosity at the interface. The rate of cement hydration was delayed in
the electric field during the electrochemical treatment. Unhydrated cement content in
specimens during electrochemical treatment immediately after casting was higher than for
control specimens. Hence, it needs to be cautious, when the electrochemical treatment is
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applied to the concrete at an early age, for preventing a delay of cement hydration.
Corrosion test indicated that the current density and the duration of treatment increased the
chloride threshold level, except for specimens treated at 750 mA/m2 of the current density;
microscopic observation showed that the latter had severe cracks at the steel/concrete
interface. Time to corrosion initiation was increased by electrochemical treatment, ranging
from 167 to 571 days, and was proportional to the current density applied, while the
corrosion-free life for control specimens was less than 200 days. It was also found that
electrochemical treatment did not, in general, have a detrimental effect on chloride transport
in concrete. The diffusion coefficient was slightly decreased by a DC application, but surface
chloride content increased proportionally to the applied current density.
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CHAPTER 7 LIFE CYCLE MANAGEMENT

和文概要
コンクリート構造物は供用中に種々の劣化現象を示し，構造性能が低下する．このような状況に
対し，適切な維持管理，すなわち戦略的な維持管理が不可欠となる．戦略的な維持管理において
は，構造物の現状を把握し，構造性能を定量化しなければならない．加えて，構造性能の将来の
低下予測の結果に基づき，最も適切な対策を施す．その際，ライフサイクルコストを最小にする，
あるいは予算制約の中で最大限の性能を引き出すことが肝要である．これを可能とする設計から
維持管理に至るシステムがライフサイクルマネジメントである．また，ライフサイクルマネジメ
ントでは，予測できる種々の条件の変化やリスクを適切に評価する．
ライフサイクルマネジメントの構成要素をとりまとめると次のとおりとなる．
 構造物の現状把握のための点検調査
 構造性能の評価
 将来の性能低下の予測
 対策の方法と実施時期の提案
 複数の対策シナリオからの最適解の選択
 将来のマネジメントのためのシナリオの評価と修正
第 7 章ではライフサイクルマネジメントの概念および枠組みを示す．ライフサイクルマネジメン
トの適用により，より合理的かつ戦略的な維持管理の実現が期待できる．この枠組みに基づいて，
コンクリート構造物のライフサイクルマネジメントの国際基準を提案する．これは，本研究プロ
ジェクトの最も重要な成果となり得るものである．

Chapter 7 life cycle management

CHAPTER SUMMARY

The service life of a concrete structure is subject to the degradation of structural members.
Maintenance is the major strategy to counter the degradation, which is carried out to assess
the present conditions of structure and to quantify the level of structural performance. In
addition, by predicting future progress of structural performance degradation, the most
appropriate method of intervention is chosen for minimizing the life-cycle cost or maximizing
structural performance recovery under budget capping. A general procedure of maintenance
should be based on the life-cycle management (LCM) concept. The life-cycle management
includes a series of actions to evaluate the grade of deterioration and structural performance
degradation by inspection, to predict the future progress of performance degradation, and to
propose the alternatives of appropriate intervention based on life-cycle cost minimization or
performance maximization under budget capping. The life-cycle management and a related
scenario can only address foreseeable changes and risks based on some assumptions.
The life-cycle management system is composed of the following main components:
 Inspection of the present conditions of structural members
 Assessment of structural performance
 Prediction of future progress of performance degradation
 Proposal of method and timing of intervention
 Decision of action among proposed alternatives of interventions
 Correction of scenario for further life planning
This chapter presents the concept and the framework of the life-cycle management as a part of
service life planning which will be applied for realizing rational and strategic maintenance of
structure. Based on the concept, we proposed a draft of the international standard on the life
cycle management of concrete structures, which is a core output from this research program.
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7.1

INTRODUCTION

A concrete structure has a long lifetime and must be expected to meet demands during its
lifetime that cannot be foreseen. Concrete and steel reinforcement tend to deteriorate due to
physical and chemical agents and loss of structural performance or even structural collapse
may be consequences. At the initial design of a concrete structure, designers make several
assumptions, in which probably worst conditions are considered with certain safety margins,
so that the structure can keep its structural performance over required levels. Serious
deterioration of structural members may be caused by insufficient durability design with
optimistic assumptions against materials deterioration and by lack of proper maintenance after
construction of the structure.
To meet these facts, it is extremely important to pursue collaboration between design and
maintenance. Based on the performance-based design concept, structural performance of
concrete structure should be assured over the design service life. For this purpose, the
life-cycle management is necessary to present the methodologies how the structural
performance would be kept over the minimum limits during the design and maintenance
stages. Accordingly, the life-cycle management is a process which seeks to ensure that the
service life of a concrete structure will equal or exceed its design life, while taking into
account the life-cycle cost of the structure, and, if required, its life-cycle environmental
impact [1].
This paper presents the concept and the framework of the life-cycle management as a part of
service life planning which will be applied for realizing rational and strategic maintenance of
structure.
7.2

SERVICE LIFE OF STRUCTURES

The service life of structure is made up of all the activities that go into planning, basic and
detailed designs, execution including material selection, production and construction,
maintenance including assessment and intervention, and decommissioning as shown in Figure
1. The life-cycle management is an integrated concept to assist in activities managing the total
life-cycle of structures to realize sustainability. In other words, the life-cycle management is a
process to ensure the structural performance during the design service life of a concrete
structure and eventually its design life will equal or exceed its design life.
In the process of the life-cycle management, the most important work is to formulate and to
correct the scenario of performance assurance. During the design stage before starting
construction work, the service life design will be applied to predict the durability and
performance degradation. For example, the basic design concepts for concrete structures have
been specified in the standards of ISO 2394 [2], ISO 19338 [3], etc. The fundamental concept
on how the structural performance should be ensured must be well considered based on
conditions, design service life, structural characteristics, material properties, difficulties in
assessment and intervention, social and economical importance, etc. This concept and the
procedure to ensure structural performance are clarified at the planning of a structure as a
performance ensuring scenario. In general, structures can be roughly categorized as those with
free maintenance, those with preventive maintenance, and those with corrective maintenance.
Designers and/or owners of the structure should formulate a maintenance plan taking into
account individual situation based on the performance ensuring scenario.
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Planning

Requirements

Basic design

• Function
• Performance

Detail design

Verification

1‐2 years

Execution

Materials/Construction
• Selection
• Production

1‐5 years

•
•
•
•

Maintenance
50‐100 years

Assessment (incl. verification)
Evaluation
Intervention
Scenario correction

Demolish
Figure 1: Life-Cycle of A Structure
During the maintenance stage, maintenance engineers will initially follow the scenario that
had been assumed at the design stage. For realizing strategic maintenance work, as mentioned
earlier, a maintenance strategy or a scenario should be properly formulated during the
durability design of structure before construction. Importance and substitutability of structure
and difficulty of maintenance work should be well taken into account for the strategy-making.
Furthermore, to realize the strategic maintenance, the comprehensive life-cycle management
is one of the key technologies. The life-cycle management formulates scenarios for future
maintenance work based on the initial durability design level and is followed by verification
and/or modification of the scenarios. The scenario will, therefore, be created in consideration
of the following items:
 Environmental characterization
 Assumption in conceptual and initial design
 Result of verification during detailed design
 Specification
 Initial cost estimation
 Maintenance scenario and methodologies of the life-cycle management
 Performance requirements
 Service life estimation
 Life-cycle cost
 Environmental cost
 Obsolescence, demolition and reuse
The performance ensuring scenario specifies with linking the initial structural performance
level (design and execution) with performance recovery methods during service life
(maintenance) as schematically shown in Figure 2. Correction of the scenario may be done
reflecting the actual situation of the structure and changes in circumference conditions.
7.3 LIFE CYCLE MANAGEMENT

7.3.1 Overall Concept
The service life of a structure is subject to the degradation of structural members.
Maintenance is the major strategy to counter the degradation, which is carried out to assess
the present conditions of structure and to quantify the level of structural performance. In
addition, by predicting future progress of structural performance degradation, the most
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appropriate method of intervention is chosen for minimizing the life-cycle cost or maximizing
structural performance recovery under budget capping. A general procedure of maintenance
work is shown in Figure 3, which is based on the life-cycle management (LCM) concept [4].
The life-cycle management includes a series of actions to evaluate the grade of deterioration
and structural performance degradation by inspection, to predict the future progress of
performance degradation, and to propose the alternatives of appropriate intervention based on
life-cycle cost minimization or performance maximization under budget capping. The
life-cycle management and a related scenario can only address foreseeable changes and risks
based on some assumptions.
The life-cycle management system is composed of the following main components:
 Inspection of the present conditions of structural members
 Assessment of structural performance
 Prediction of future progress of performance degradation
 Proposal of method and timing of intervention
 Decision of action among proposed alternatives of interventions
 Correction of scenario for further life planning
7.3.2 Assessment and Prediction
Assessment can be made by the condition-based concept and the performance-based concept
[5]. As mentioned earlier, the performance-based concept should be applied for performance
assessment, but generally needs costs, advanced techniques, etc. Thus, the condition-based
assessment is reluctantly accepted because of its feasibility. The grading system has been
often applied, in which the state of deterioration is visually evaluated and judged using the
deterioration grade. The visual inspection is only able to provide the change in appearance of
structural member, but structural performance has to be evaluated as precisely as possible.
Performance (Safety, Serviceability, etc.)
Initial
level

Performance (Safety, Serviceability, etc.)
Initial
level

Initial?

Scenario?

Minimum
level

Minimum
level
Time
Design service life

Time
Design service life

Figure 2: Scenario of Ensuring Performance by the Combination of Initial Performance Level
and Performance Recovery Strategy
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Design

Scenario for
performance
guarantee

Maintenance plan

Service period
Usage
Periodic inspection

Input/Reference

Design
Environment
Assessment and Prediction

Database

Performance
Input/Reference

・Inspection
・Prediction
・Intervention

Present Time

Service life
Future plan
Method and timing of action

Input/Reference

Scenario
correction

Figure 3: Life-cycle management procedure
If the relationship between structural performance (structural capacity) and the grade of
deterioration could be found even tolerate margins of errors, the intervention could be
discussed with using the deterioration grade [6].
Since deterioration of concrete members is induced and accelerated mainly by chemical
agents, the ingress and transportation of those agents are predicted as main indices for
durability performance. For example, chloride ion accumulation is simulated with Fick’s law
of diffusion and carbonation depth is estimated with the square-root method. However, as the
progress of deterioration of a structure differs widely by its location because of
inhomogeneous characteristics of materials and diversity of environmental conditions, the
proper determination of calculation parameters is not so easy [4]. The uncertainties in service
life predictions depend on the quality of the data available and the appropriateness of
assumptions. The variations with time of the concentrations of each chemical agent, and the
intensity of each physical agent, to which each component may be exposed in a specific time
should be determined.
Those facts indicate that it is practically rather difficult to accurately predict the progress of
deterioration and remaining structural capacities by only using the relevant theories. Instead
of this, some probabilistic models such as the Markov model and the survival analysis model
may be of use. This approach is of use to understand the overall tendency of deterioration in
consideration of its variation by the experienced progress of deterioration.
7.3.3 Scenario Correction
Some theoretical rules and/or simulation models are used for the prediction of deterioration
progress of concrete structural members. However, as described earlier, the other probabilistic
models may have potentials for use in the future progress of deterioration and/or degradation
during the maintenance stage. Based on the data and assessment results, the rule and process
of deterioration and/or performance degradation have to modified and the scenario be
corrected for further prediction, which is shown in Figure 4. Accordingly, the interpretation
from the virtual world (design) to the real world (maintenance) should be established its
methodology.
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(1) Assumed rule and process
Initial

(2) Present status
(3) Prediction

Present
Modification
rule and process
Scenario correction
Investigation

Time

Figure 4: Scenario Correction by Modifying Rules and Processes of Performance Degradation
7.3.4 Decision Based on Life Cycle Cost
If member failures might cause hazards to safety, possible failures should be categorized by
their consequences. To reduce the risk of failure occurring within the design life when the
consequences of failure are judged to be critical, it may be necessary to require particularly
long design lives for specific members or to strengthen the requirements for inspection and
maintenance. To determine the maintenance strategy or to consider the appropriate timing and
method of intervention, estimation of life-cycle cost (LCC) is one of the best indices. The
life-cycle cost is calculated for several maintenance scenarios among maintenance strategies
as mentioned earlier. In the calculation, the initial cost, maintenance cost including inspection
cost, and the cost of planned intervention are totaled.
Life-cycle cost estimation enables comparative cost assessments to be made over a specified
period of time. Being able to compare the costs of alternative scenarios allows selection of the
most economic overall design and maintenance strategy (scenario). Initial costs include
directly related to the structure including design, construction, and installation. Future costs
include all operating costs and costs of maintenance, inspection, replacement, demolition and
refurbishment.
The life-cycle cost is calculated based on various assumptions, but it provides important
information needed for making decisions about the future direction of maintenance. The
life-cycle cost can be a useful indicator by which an appropriate scenario can be selected
according to the determined maintenance strategy. Durability verification results obtainable at
the design stage, however, have large safety margins because of considerable variability at the
design stage. It is necessary, therefore, to formulate maintenance plans with full understanding
of this variability and assumption of deterioration predictions. It is essential to take proper
maintenance measures during the service life of the structure instead of unquestionably
believing the estimates.
Figure 5 shows an example of the life-cycle cost calculations under various scenarios [7]. The
figure indicates that preventive maintenance strategy is most economic, which is about
one-third of the most costly scenario.
In addition to financial costs, the scenario may be evaluated from the viewpoint of
environmental costs.
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Intervention
Initial

P
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Preventive

P

C

P

C

Improved
preventive

Corrective

P

Replacement

Figure 5: LCC estimation for evaluating the life cycle scenarios
7.4 CONCLUDING REMARKS

The life-cycle management system including prediction of the progress of deterioration has
been developed and being implemented for maintenance of concrete structures. The authors
expect that rational and effective maintenance is realized so that the life-cycle cost reduction
and performance maximization can be attained. This may make it possible to realize
sustainability of concrete structures.
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ISO (the International Organization for Standardization) is a worldwide federation of national standards bodies
(ISO member bodies). The work of preparing International Standards is normally carried out through ISO
technical committees. Each member body interested in a subject for which a technical committee has been
established has the right to be represented on that committee. International organizations, governmental and
non-governmental, in liaison with ISO, also take part in the work. ISO collaborates closely with the
International Electrotechnical Commission (IEC) on all matters of electrotechnical standardization.
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International Standards are drafted in accordance with the rules given in the ISO/IEC Directives, Part 2.
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The main task of technical committees is to prepare International Standards. Draft International Standards
adopted by the technical committees are circulated to the member bodies for voting. Publication as an
International Standard requires approval by at least 75 % of the member bodies casting a vote.
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Introduction
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Life cycle management is a process to ensure that the performance of a concrete structure will equal or
exceed its requirements throughout the life cycle of the structure. Life cycle management shall integrate and
link all activities for a concrete structure related to planning, design, verification, execution, maintenance and
repair, and demolishing. For this purpose, some performance ensuring scenarios for the structure are
formulated; and subsequently the most suitable scenario is chosen with comparing evaluation indices such as
financial costs and environmental costs. During the life cycle of the structure, to ensure that the results and
process of planning, design, execution and maintenance meet the performance requirement levels,
consideration of different solutions can be made to assess the impact of decision made. By requiring an
estimate or prediction of how long a concrete structure will last, life cycle management aids the making of
decisions concerning future actions to a structure.

Pr

Life cycle management how long the structure keeps the performance helps to decide the appropriate
specification and detailing. When the performance would be lost before reaching to the end of intended
service life, remedial measures should be planned even in the design stage. Reliability and flexibility of use
can be increased and the likelihood of obsolescence reduced.
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It is preferable to apply the life cycle management at the initial stage of the life cycle of structure. However, the
life cycle management can be applied to an existing structure after the first systematic maintenance. The
informative annexes are intended to provide an example of the life cycle management for promoting
understandings.
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1

Scope
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This International Standard deals with the principles and procedures that apply to manage the whole life cycle
of concrete structures from the planning stage to the decommissioning stage. It is important that the function
and performance of the concrete structure should be ensured to satisfy their requirements through systematic
consideration of local conditions with a high degree of probability.

oj

This International Standard is principally applicable to new constructions, but may be applicable to existing
structures after the first systematic maintenance work.
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NOTE
The skill and expertise of the persons undertaking the life cycle management will be crucial to the reliability of
each work during the life time of the structure.

Normative references
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The following referenced documents are indispensable for the application of this International Standard. For
dated references, only the edition cited applies. For undated references, the latest edition of the referenced
document (including any amendments) applies.
ISO 2394, General principles for reliability of structures

ISO 13315-1, Environmental management for concrete and concrete structures — Part 1: General principles

es
e

ISO/DIS 14484, Performance guidelines for design of concrete structures using fibre-reinforced polymer
(FRP) materials
ISO 15686-1, Building and constructed assets — Service life planning — Part 1: General principles and
framework

R

ISO 15686-2, Building and constructed assets — Service life planning — Part 2: Service life prediction
procedures
ISO 15686-3, Building and constructed assets — Service life planning — Part 3: Performance audits and
reviews

T

ISO 15686-5, Building and constructed assets — Service life planning — Part 5: Life-cycle costing

JS

ISO 15686-6, Building and constructed assets — Service life planning — Part 6: Procedures for considering
environmental impacts
ISO 15686-7, Building and constructed assets — Service life planning — Part 7: Performance evaluation for
feedback of service life data from practice
ISO 15686-8, Building and constructed assets — Service life planning — Part 8: Reference service life and
service-life estimation

ISO 15686-9, Building and constructed assets — Service life planning — Part 9: Guidance on assessment of
service-life data
ISO 15686-10, Building and constructed assets — Service life planning — Part 10: When to assess functional
performance
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ISO 15673, Guidelines for the simplified design of structural reinforced concrete for buildings
ISO/DIS 16204, Durability — Service life design of concrete structures
ISO/DIS 16311-1, Maintenance and repair of concrete structures — Part 1: General principles
ISO/DIS 16311-2, Maintenance and repair of concrete structures — Part 2: Assessment of existing concrete
structures
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ISO/DIS 16311-3, Maintenance and repair of concrete structures — Part 3: Design of repairs and prevention

ISO/DIS 16311-4, Maintenance and repair of concrete structures — Part 4: Execution of repairs and
prevention

oj

ISO 19338, Performance and assessment requirements for design standards on structural concrete
ISO 22965-1, Concrete — Part 1: Methods of specifying and guidance for the specifier

ISO 22966, Execution of concrete structures

Pr

ISO 22965-2, Concrete — Part 2: Specification of constituent materials, production of concrete and
compliance of concrete

h

ISO/DIS 28841, Guidelines for simplified seismic assessment and rehabilitation of concrete buildings

3

Terms and definitions
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ISO/DIS 28842, Guidelines for simplified of small reinforced concrete bridges

es
e

3.1
life cycle
Total period of time during which the planning, execution and use of a construction work takes place. The life
cycle begins with identification of needs and terminates with decommissioning of the structure

R

3.2
life cycle management
Systematic and coordinated activities and practices through which an organization optimally manages its
structures, and their associated performance, risks and expenditures over their life cycle for the purpose of
achieving its organizational strategic plan

T

3.3
performance degradation
reduction of performance of structure over time

JS

3.4
discount rate
factor reflecting the time value of money that is used to convert cash flows occurring at different times to a
common time
3.5
durability
capability of a concrete structure to perform its required performance over a design service life under the
influence of the agents expectedly acted
3.6
environmental impact
any change to the environment, whether adverse or beneficial, wholly or partially resulting from an
organization's environmental aspects

2
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3.7
life cycle cost
total cost of a concrete structure throughout its design service life, including the costs of planning, design,
acquisition, operations, maintenance and disposal, less any residual value

ec
t

3.8
maintenance
combination of all technical and associated administrative actions during the service life to retain a concrete
structure in a state in which it can perform its required performance rehabilitation

oj

3.9
maintenance cost
total of necessarily incurred labor, material and other related costs incurred in conducting corrective and
preventative maintenance and repair and replacements on constructed assets, or their parts, to allow them to
be used for their intended purposes

Pr

3.10
net present value
sum of the discounted future cash flows

3.11
obsolescence
loss of ability or function to perform satisfactorily due to changes in performance requirements
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3.12
performance
structural capacity

3.13
performance requirement
definition of the required structural performance in designed concrete structures
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3.14
life cycle scenario
strategy for ensuring performance of structure over their requirements
Others

Symbols

T

If any

R

4

General framework of life cycle management

JS

5

5.1

General principles of life cycle management

The life cycle management is an integrated concept to assist all activities for managing the total life of any
kind of concrete structure and its structural performance to realize sustainability. The life cycle management is
a part of asset management only covering that for physical asset made of concrete. The life cycle of concrete
structures starts from initial identification of requirements, design, construction, and maintaining activities,
through to renewal or disposal. During the life time, concrete structure shall be ensured its performance
requirements with minimum efforts and costs. Accordingly, design, construction and maintenance work shall
be well coordinated. The life cycle management may realize those requirements with the most effective costs
by means of the life cycle scenario.
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5.2

Scope of life cycle management

The life cycle management shall be implemented for a newly built structure before planning. For an already
existing structure, the management particularly for the maintenance stage shall be applied. A concrete
structure shall be built for particular objectives that generally include protecting people against disasters and
producing comfortable, sustainable life. The structure shall maintain its relevant functions during the life cycle
to achieve such objectives. In general, these functions would be preserved as far as relevant structural
performance are ensured.

Procedures of life cycle management

ec
t

5.3

oj

The general procedure of the life cycle management is schematically shown in Figure 1.

Design

Pr

Plan

• Conceptual design
• Service life determination
• Performance verification

h

LCM scenario
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Construction

Maintenance

• Performance assessment
• Prediction

es
e

• Functional obsolescence
• Service life and future use

Record

Scenario update

Demolition/Re-use

R

Intervention

T

Figure 1 — Procedure of life cycle management

JS

Design service life shall be determined with careful considerations on the period of time during which a
structure should be used, environmental condition at which a structure is to be exposed, importance, and so
on. The details are provided in ISO 2394 General principles for reliability of structures. Design service life is
related to actions taken into account during the design as well as the period required to keep functions of
structures.
Life cycle management consists of the following steps:
 Scenario formulation with design verification including capacity and durability
 Scenario update through

4



Periodic inspection



Prediction
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Performance assessment



Decision-making for future use



Performance recovery by intervention, if necessary

5.4
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 Recording

Life cycle scenario formulation

oj

The life cycle scenario shall be formulated either during the initial design stage or just before the initial
maintenance work.

There are several typical scenarios with proper consideration to the coordination of design and maintenance.
The following are typical life cycle scenarios for ensuring structural performance:

Pr

 Set initial performance level high enough to omit deliberate performance recovery work (see scenario (A)
in Figure 2);
 Set enough durability to avoid performance degradation (scenario (B));

ar
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 Set initial performance and durability premising deliberate performance recovery work (scenarios (C) and
(D)).

Structural
performance

（A)

R

Minimum
requirement

es
e

Risk and consequences of performance degradation shall be well examined when formulating the life cycle
scenario.

（B)

Minimum
requirement
Time
Design service life

Time
Design service life
Structural
performance

T

Structural
performance

JS

Structural
performance

（C)

（D)
Minimum
requirement

Minimum
requirement

Time
Design service life

Time
Design service life

Figure 2 — Examples of life cycle scenarios
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5.5

Life cycle scenario update

The life cycle scenario shall be updated, as necessary, after every periodical maintenance work is carried out.
Since the life cycle scenario has been formulated with predictions based on several assumptions, the acquired
data during the maintenance should have potentials for use in updating those assumptions. Based on the repredictions with the new data acquired, the life cycle scenario shall be revised to make it possible to realize
proper management.

Implementation of life cycle management

ec
t

5.6

<<Not yet>>

6.1

Performance evaluation

oj

6

General

Pr

Performance requirements of a structure shall be clearly setup and they shall be ensured throughout the life
cycle of a structure throughout design, execution and maintenance stages.

h

The performance requirements for a concrete structure are basically safety, serviceability, restorability, and
durability to meet functions and objectives of the structure. The details in performance requirements are
provided with ISO 19338 Performance and assessment requirements for design standards on structural
concrete.
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Performance verification shall be made through the comparison between performance possessed and
performance required at the particular moments. For the verification, performance of structure is preferably
converted into performance indexes so that quantifying verification will be realized. In case that performance
verification is not easy to be directly verified, indirect verification may be applied with deemed-to-satisfy bases.

6.2

es
e

Performance requirements may be updated during the service life of a structure because of changes in use, in
objective, and in functions due to socioeconomic changes. In such the case, even performance degradation is
negligible, performance assessment shall be carefully made, and the results of which shall be reflected into
scenario updates.

Performance evaluation during design stage

R

During the conceptual design stage, structural type, materials used, fundamental dimensions shall be
determined so that a designed structure may satisfy its performance requirements rationally. Methods of
performance verification, execution, and maintenance shall be comprehensively examined with taking into
account costs and environmental impacts.

JS
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Durability design shall be carried out under known or foreseeable environmental actions causing material
deterioration eventually losing performance based on ISO/DIS 16204, Durability — Service life design of
concrete structures.
The design documents shall be transferred to execution and maintenance stages. The output of durability
design is particularly essential for future maintenance work.

6.3

Performance evaluation during execution

Execution of a concrete structure shall be done to ensure the performance that has been expected to hold
during the design stage. Execution shall be managed based on ISO 22965 Concrete — Part 1: Methods of
specifying and guidance for the specifier and ISO 22966 Concrete — Part 2: Specification of constituent
materials, production of concrete and compliance of concrete.
Execution records shall be transferred to the maintenance stage.

6
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6.4

Performance evaluation during service period

6.5
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Performance of structures should be assessed and evaluated directly or indirectly with a proper system.
Condition-based assessment is covered in ISO/DIS 16311-2 Maintenance and repair of concrete structures —
Part 2: Assessment of existing concrete structures, in which structural performance is indirectly considered
mainly by visual inspection. In case more specific quantified data are obtainable with a certain amount, direct
assessment may be possible by using design formula that has been used for initial design and by numerical
analysis. The performance possessed at the evaluation time and in the future shall be evaluated for
comparing those required.

Performance recovery

oj

The details in performance recovery are provided in ISO/DIS 16311-3, Maintenance and repair of concrete
structures — Part 3: Design of repairs and prevention and ISO/DIS 16311-4, Maintenance and repair of
concrete structures — Part 4: Execution of repairs and prevention.

7.1

Scenario evaluation
General

h

7

Pr

The information on performance recovery shall be delivered to a person who will be in charge of the following
maintenance work. To make necessary improvement on design methodologies and construction control, that
shall be fed back to those stages.

Financial cost

es
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7.2
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A major incentive for life cycle management of the structure is to achieve the maximum performance within
budget capping or minimizing the cost. In addition to the financial costs, concrete structures are evaluated for
their environmental costs. A balance needs to be set between production of materials which may be
environmentally damaging and the durability of the structure made from them. Reuse or recycling of materials,
choice of less-damaging options and reuse of a whole structure or a part of structure are options to consider.

Life cycle cost calculation is a technique which enables comparative cost assessments to be made over a
specified period of time, taking into account all relevant economic factors both in terms of initial costs and
future operational and maintenance costs. Being able to compare the future costs of alternatives of scenarios
allows to determine the most preferable strategy. Some essential features include the following.
Alternatives which meet the performance requirements but which have lower life cycle costs or larger
benefits-to-costs ratios should be preferred.

b)

Life cycle cost should be undertaken on the entire estimated service life of the whole structure and its
components.

T

R

a)

Initial costs include costs directly related to the whole structure and its components, including planning,
design, construction and installation.

d)

Future costs include all operation, maintenance, possible repair or upgrading, replacement and
demolition or removal costs.

e)

Maintenance costs include costs of assessment, evaluation, repair including prevention and upgrading.

JS

c)

NOTE
Details of life cycle costing are provided in ISO 15686-5 Building and constructed assets — Service life planning
— Part 5: Life-cycle costing.
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7.3

Environmental cost (impact)

7.4
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Environmental costs or impacts include resources consumption, effects on the environment throughout the
service life of a structure such as greenhouse gasses emission, etc. It is commonly used in considering
sustainability of development but there are overlaps with life cycle costing. Each requires an assessment of
what will happen over a prolonged period, and each may “count” replacements as relevant “costs” in provision
of the structure. The optimum economic option may not have the least environmental cost. The details of the
environmental management of concrete structures are provided in ISO 13315-1 Environmental management
of concrete and concrete structures — Part 1: General principles.

Prioritization and decision making

8.1

Life-end strategy

Pr

8

oj

To select most appropriate scenario among alternatives, common indices for evaluation shall be used. The
indices include the life cycle cost, the net present value, the benefit-to-cost ratio, the environmental cost, and
so on. Without any restrictions and conditions, the scenario with the less cost or the more value is preferable.

Obsolescence

h

A concrete structure may meet functional, social, or economic obsolescence even before the end of initial
design life.

ar
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Economic obsolescence occurs because maintenance has become unreasonably costly or disruptive, and
when acceptable (cheaper) alternatives to maintenance are available.
Refurbishment and upgrading are the major strategies to counter obsolescence. The most efficient designs
will be flexible, and allow for some changes in future requirements.

8.2

Future use

es
e

Replacement due to defective performance should be distinguished from obsolescence. Obsolescence is due
to inability to satisfy changing requirements. Reliable data for forecasting of obsolescence are rarely available.
Estimation of the time to obsolescence should be based on the engineer’s experience and if possible
documented feedback from practice.

8.3

T

R

A concrete structure is generally a very durable physical asset. Life cycle management can allow for changing
a purpose of structure by utilizing a whole or a part of structure or structural component. Extending the service
life of the structure and reducing component maintenance and replacements also contributes to achieving
sustainable development and preservation of scarce resources.

Demolition and re-use

JS

Demolition of the structure should be conducted in such a way to reduce waste and facilitate reuse of
materials or components if it is appropriate at the end of the service life of the structure. If big costs are
required to recover the performance or to meet changes in functions, demolition/replacement may be a better
option even before the end of service life.

8
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Annex A
(informative)
Examples of life cycle management

ec
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A.1 General

A.2 Scenario formulation in the initial design stage

oj

The life cycle scenario is generally formulated in the initial design stage followed by proper updates in the
maintenance stage repeatedly. This informative annex presents some examples how consideration should be
taken for scenario formulation.

Pr

The initial performance level just after execution may be controlled with the combination of design parameters
and partial safety factors. They should be subject to design standards and specifications. In addition,
structural robustness and/or integrity are thoroughly considered because they may affect the initial
performance level even they are generally not specified well in the design standards.

es
e
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Performance degradation during the service stage may be predicted by considering the changes in materials
properties, cross-sectional area loss of reinforcement, bond degradation between concrete and reinforcement ,
and so on. Cracks may have an effect on the durability of concrete structure by providing the free access of
chloride ions. Under chloride-rich environments, structural performance easily degrades because of corrosion
of reinforcement. It can be predicted with the diffusion model of concrete and corrosion model of
reinforcement. The ingress of chloride into concrete in fact might be governed by a combination of several
mechanisms. For most practical cases, diffusion is usually assumed to be the governing transport mechanism.
This is particularly the case for concretes that are exposed to relatively constant environmental loads. The
diffusion coefficient is not a constant value, recent studies showed that this parameter is strongly time
dependent, the chloride binding ability. This investigation also showed that diffusion coefficient is influenced
by the presence of crack in concrete. To obtain an accurate service life prediction, all the aspects above,
especially with effects of cracks should be taken into account into consideration in modelling the ingress of
chloride into concrete. For the determination of diffusion coefficient based on Fick's second law, several input
parameters are required, these parameters are cover thickness, corrosion threshold level and surface chloride
concentration.

T

R

The diffusion coefficient of concrete is obtained with design equations under assumption of smeared cracking
state. In case that cracks are particularly identified, diffusivity of chloride ions in the cracked concrete can be
determined by using the tool of a truss network system in which the position and opening width of cracks are
modelled. Alternatively the chloride diffusion coefficient at a crack may be calculated from the chloride
diffusion coefficient of un-cracked concrete, as a function of the crack width and crack depth.

JS

The threshold value of chloride ion to start reinforcement corrosion in concrete is simultaneously affected by
chloride binding, buffering, binder type, alkalinity of the pore solution, and exposure environment. More
specific chloride threshold level can be investigated with numerical models, encompassing the factors and
representations of those effects. During the initial design, the threshold chloride level is possibly controlled by
water-to-cement ratio of concrete and types of steel reinforcement.
Under various environmental situation such as hot, humid regions and cold, icy regions, some mathematical
models of chloride transport in concrete have been developed. Under dry-wet cycling conditions, the model is
applicable with considering the hysteresis of moisture evaporation and the accumulation of chlorides at
concrete surface. In addition, some equations that describes the pore structural changes and the frost
resistance after exposure are established in freezing-thawing concrete. Quantitative prediction of deterioration
caused by frost damage can be made with considering the effects of moisture and temperature. Besides
application of those numerical models, acceleration techniques in experimental verification for frost damage
have been established.
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Concrete structures are exposed to a wide variety of combined actions. Service life prediction will only
become realistic when load combinations are taken into consideration. It has been concluded that service life
prediction as based on individual actions is by no means conservative. The influence of some load
combinations can be taken into consideration right away; for other load combinations.

ec
t

The effects of freeze-thaw and fatigue loading on mechanical properties of concrete has been investigated in
which the relationship between the crack density and mechanical properties of concrete has been provided for
the design purpose. A new prediction method of carbonation progress in concrete has been proposed
considering the temperature and humidity distributions and fluctuations.

A.3 Scenario formulation in the maintenance stage

Scenario for
performance
guarantee

Maintenance plan

Pr

Design

oj

The life cycle management procedure is shown in Figure A.1 where the maintenance work including the
scenario updates is highlighted.

Service period
Usage
Periodic inspection

Input/Reference

h

Design
Environment

Assessment and Prediction
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Performance

Input/Reference

Present Time

Service life
Future plan
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Method of intervention

Database
・Inspection
・Prediction
・Intervention

Input/Reference

Scenario
correction

Figure A.1 — Procedure of life cycle management focusing on the maintenance stage

R

During the maintenance stage, it may be possible to make the life cycle prediction by using models and
equations that are applicable for the initial design. The prediction results will be more realistic and precise
because measured data are put into in those models and equations.

JS

T

However, one major problem for the prediction during the maintenance stage is the existence of very wide
variability in those parameters. Accordingly some stochastic mathematical models such as the Markov model
have high potentials in use for prediction. The process of the probabilistic performance evaluation on
deteriorated concrete members have been proposed. With a certain value of probabilistic density, structural
performance may be evaluated taking into account the probability.
Wet monitoring technique on the surface of concrete has been established for monitoring purpose. By using
such the technique, more precise prediction may be realized.
After degradation becomes serious and performance requirements are not ensured, repair or strengthening
should be planned. Some particular techniques for deteriorated concrete members have been effective such
as overlaying, cathodic protection, surface coating, and CFRP gluing. The effectiveness for performance
recovery has been quantified. Prevention techniques against steel corrosion such as chemical inhibitor, water
repellent treatment, concrete mix and electrochemical treatment have been also proposed for practical
application.
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Ⅴ． 自己評価 （Ａ４判１枚程度）
１．目標達成度
耐久設計と維持管理システムの関する個別要素技術を，国内外の参画者各自が得意とする分担
項目に応じて具体の成果を出した。その成果を生かしながら，ライフサイクルマネジメントに関する国
際標準原案を作成できた。全体の達成度としては，約 80%と自己評価する。
２．成果
「構造物の定期的な点検による変状の程度および性能の把握」，「将来における変状の進行およ
び性能低下の予測」，「効果的かつ合理的な対策の実施」という流れに基づく LCM 国際標準の枠組
みを，劣化機構ごとの性能予測に関する成果および耐久設計法に関する成果を反映させる形で構
築し，ISO/TC71/SC7 に提案すべき国際標準の原案を作成した。
３．計画・手法の妥当性
国内外の各参画者は，それぞれに担当に関する成果を出している。本プロジェクトで雇った 2 名の
研究者（橋本氏，張氏）ともに，プロジェクトのコーディネーターの役割を果たし，また本人自身も多く
の成果を出している。
研究代表者らが主導的な役割で参画している国際組織（ACF/TC と ISO/TC71）を利用した国際標
準作成も多少予定より遅れたが，最低限の目標は達成できた。
４．実施期間終了後における取組の継続性・発展性
LCM 国際標準の今後の更新等に関する議論は，本プロジェクト開始以前からあった ACF/TC と
ISO/TC71 とで継続的に行える環境が整っているので，継続性・発展性という意味ではかなりの確度
がある。これは本プロジェクトによる成果というよりは，既往の組織・ネットワークを適用したものである。
５．その他
アジアの各国と対等の立場での共同研究が十分に可能であることを最近実感していたが，今
回の国際共同プロジェクトにおいてもそれが正しいことを確認した。さらに，私を含め日本全
体の研究が，アジアとの協働抜きでは成り立たなくなることを予感させた。その意味で，本プ
ロジェクトに申請したことは大変有益であった。
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